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: Area of core section

: Gross-sectional area
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- Lateral displacement
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: Coefficient of convection

: Convective heat flux between gas and solid
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: Thermal conductivity
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> Yield curvature
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ASSESSMENT OF SEISMIC PERFORMANCE OF RC MEMBERS AFTER
FIRE EXPOSURE THROUGH LARGE-SCALE TESTING

SUMMARY

Quantifying the seismic resistance of reinforced concrete (RC) buildings after fire is
currently difficult because of the lack of information regarding their strength and
ductility under earthquake loads. This thesis presents the results of an experimental
study, which was carried out to investigate the post-fire seismic behavior of reinforced
concrete columns. The thesis is mainly comprised of three papers accepted by high
quality journals.

In the first chapter, the factors affecting the post-fire seismic behavior of RC columns
are analyzed with a particular focus on the behavior of concrete and steel under
elevated temperatures and after cooling.

In the second chapter, post-fire seismic behavior of cast-in-situ RC columns are
investigated. Five cast-in-place RC columns were tested to failure under constant axial
load and reversed cyclic lateral displacements after being exposed to 1ISO-834 standard
fire for 30, 60 or 90 minutes. All of the columns are full-scale and designed to behave
in flexure-controlled manner complying with major design codes (e.g. ACI 318-14).
Other than the effects of fire exposure durations, the effects of thickness of concrete
cover (25 and 40 mm) on structural performance was also investigated for the short
fire exposure duration (30 minutes). The responses of the columns are analyzed in
terms of lateral load-displacement relationships, ductility, stiffness, energy dissipation
capacities and residual displacements. The test results indicated that fire exposure
reduced the lateral load capacity of the columns whereas the deformability capabilities
were found to be satisfactory in terms of structural response. It was also seen that the
thickness of the concrete cover has only a slight influence on the post-fire seismic
behavior of the columns which is attributed to the fact that lower concrete cover
thickness results in higher effective depth which in turn leads to higher bending
moment capacity and thereby higher lateral load capacity. Furthermore, a theoretical
study was conducted to predict the load-displacement response of the fire exposed
columns. The comparison of the experimentally and theoretically obtained load-
displacement relationships indicated that the principals of structural mechanics usually
applied to conventional columns are also valid for the columns exposed to fire in case
the proposed algorithm is followed.

In the third chapter, a similar approach as stated for the cast-in-situ columns is
followed for precast RC columns as well. The precast columns had the same cross-
section and reinforcement configuration and had been exposed to the same fire
scenarios with the cast-in-situ columns. These columns were inserted into a socket
foundation and had a lower axial load ratio (i.e. 10%) in order to represent the
condition in common industrial buildings. The findings indicated that the repair mortar
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between the columns and foundation behaved in a satisfactory manner and therefore,
similar post-fire seismic behavior was observed for cast-in-situ and precast columns.

In the fourth chapter of the thesis, an experimental study is presented to examine the
impact of time after fire on (i) post-fire behavior of small-scale specimens (cubes and
cylinders), (ii) seismic behavior of full-scale reinforced concrete columns. The post-
fire seismic response of the columns are analyzed 30, 60 and 360 days after fire
exposure. Impact of time after fire exposure on residual lateral load capacity and
ductility of the columns was found to be limited while the column subjected to seismic
test 30 days after fire exposure, exhibited less stiff behavior with respect to the
columns tested later. Furthermore, an analytical study is conducted for the prediction
of seismic behavior of reinforced concrete columns after fire exposure considering the
variations in residual properties of concrete by time, and the proposed model is found
to be in good agreement with the test results.
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BETONARME YAPI ELEMANLARININ YANGIN SONRASI DEPREM
PERFORMANSLARININ GENIiS OLCEKLi DENEYLERLE
BELIiRLENMESI

OZET

Betonarme yapilar siddetli yanginlara maruz kalmaya duyarlidir. Bu tiir yapilarda,
aktif ve pasif yangindan koruma yontemleri; depremler, tsunamiler, kundaklama ve
terorist saldirilar nedeniyle veya c¢ogunlukla kaza ile olusan yanginlarda
uygulanamayabilir veya ise yaramayabilir. Bu durumda yapiya hasar verebilecek
siddette yangilar meydana gelebilir. istanbul Biiyiiksehir Belediyesi Itfaiye Daire
Bagkanlig tarafindan yayimlanan rapora gore, 2014-2018 yillar1 arasinda Istanbul’da
yilda ortalama 15.000 yapisal meydana gelmistir. Uluslararas1 Yangin ve Kurtarma
Birligi’nin raporuna gore 1993-2014 yillar arasinda olusan yanginlarin yaklasik %40°1
yapilardan kaynaklanmistir ve bu yanginlar nedeniyle hayatini kaybeden insan sayisi
bir milyonu agmistir. Bu durum yangin sonrasi betonarme yapilarin davranislarinin
belirlenmesine yonelik calismalarin  gerekliligini  gostermektedir. Betonarme
yapilarda, yangin nedeniyle betonun ve donatilarin mekanik 6zelliklerinde bir miktar
azalma goriilebilir. Bu azalma genellikle yangin sirasinda ulasilan en yiiksek sicakliga,
kullanilan beton ve donatinin 6zelliklerine ve betonarme yap1 elemanlarinin tizerinde
bulunan yilk durumuna baghdir. Ulkemiz ve diinyada mevcut yangin
yonetmeliklerinin hemen hepsinde, betonarme yap1 elemanlari i¢in gerekli paspayi
kalinliklar1 onerilmekte ve bu paspayni saglayan elemanlardan teskil edilmis
betonarme yapilarin, servis yiikleri altinda yangin sonrasi can giivenligini saglayacagi
ongorulmektedir.

Bunun yaninda iilkemiz ve diinyanin énemli miktarda niifusuna ev sahipligi yapan
bircok iilke (Or. Cin, Hindistan, Pakistan, Amerika Birlesik Devletleri, Japonya, italya
v.b.) deprem fay hatlar1 {izerinde yer almaktadir. Deprem riski altindaki bu tlkelerde,
yangin gegiren betonarme yapilarda meydana gelmesi olast depremler dikkate
alinarak tasarim ve yangin sonrasi performans degerlendirmesi yapilmalidir. Bu
durum, betonarme yapilarin yangin sonrasi deprem performansinin belirlenmesine
yonelik arastirmalar1 gerektirmektedir. Betonarme kolonlar ¢erceve tipi yapilarda ana
tasiyici elemanlar oldugundan, bu tez kapsaminda betonarme kolonlarin yangin
sonrasi deprem performansi incelenmistir. Yangimma maruz kalmis kolonlarin olasi
depremler sonrasi performansinin degerlendirilmesine yonelik yeterli miktarda
arastirma literatiirde bulunmamaktadir. Simdiye dek bu konuda yapilan deneysel
caligmalar, mevcut yapilarda uygulama acisindan belirli yetersizlikleri bulunan (Or.
kesme kritik) ve gorece kiicuk dlgekli betonarme kolonlara yoneliktir. Bu galismalarin
biiylik ¢ogunlugu, yangin sonrasi betonarme kolonlarin onarim ve giiclendirilmesine
yonelik gergeklestirilmistir.

Tiim bu bilgiler 1s181nda tez kapsaminda; 6nemli deprem ve yangin yonetmeliklerine
uygun olarak tasarlanmis, egilme-kritik, tam Olgekli betonarme kolonlarin yangin
sonras1 deprem performansinin belirlenmesine yonelik bir deneysel ¢aligma literatiirde
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ilk kez gergeklestirilmistir. Tez, ITU Fen Bilimleri Enstitiisii tarafindan yayimlanan
“Doktora Tezlerinin Bilimsel Yaywlardan Hazirlanmasina Iliskin  Yonerge”
kapsaminda dort adet makalenin birlestirilmesinden olusmaktadir. Bunlardan tezin iki,
lic ve dordiincii boliimiinii olusturanlar, Scopus tarafindan Q1 olarak taranan
dergilerde yayimlanmak {izere kabul edilmistir.

Tezin ilk boliimiinde, betonarme yapilarda yangin sonrasi deprem performansini
etkileyen faktorler tartisitlmistir. Genis kapsamli literatlir taramas1 sonucu, beton ve
donatida yiiksek sicaklik nedeniyle olusan degisiklikler, soguduktan sonraki durumu
da dikkate alacak sekilde ortaya konmustur.

Tezin ikinci boliimiinde, az ve orta katli betonarme yapilardaki genel durumu temsil
etmek lizere, yerinde dokiim yontemiyle insa edilmis betonarme kolonlarin yangin
sonras1 deprem performansi, analitik ve deneysel yontemlerle incelenmistir. Ilgili
kolonlarda deprem yonetmeliklerinde verilen minimum kosullar dikkate alinarak
yapilan tasarimda, beton paspay1 tiim yangin yonetmeliklerine uygun sekilde 40 mm
olarak sec¢ilmis, deprem yonetmeliklerinin izin verdigi fakat yangin yonetmeliklerine
uymayan, mevcut yapilarda sik¢a karsilasilan durumu temsil etmek {izere,
numunelerin bir tanesinde paspay1 25 mm olarak uygulanmigtir. Betonarme kolonlar,
tiretildikten sonra nihai dayanimlarina ulagsana kadar yaklasik 14 ay bekletildikten
sonra yangin testleri gerceklestirilmistir. Yangin testleri, ISO-834 yangin yonetmeligi
tarafindan oOnerilen standart yangin egrisi, 30, 60 ve 90 dakika izlenerek
gercgeklestirilmis, kolon numuneler yangina maruz birakildiktan 60 giin sonra deprem
testlerine maruz birakilmistir. Altmis giinliik siire, yangindan sonra performans tayini
icin gerekli incelemeler ve analizler i¢in gegen yaklasik siireyi temsil etmektedir.
Deprem testleri sabit diisey yiiklerle kombine edilmis yatay tersinir tekrarli yiikler
altinda gerceklestirilmistir. Kolonlardaki diisey yiikler, az ve orta yikseklikteki
betonarme yapilar1 temsil etmek iizere, eksenel yiik kapasitesinin yaklagik %20’si
mertebesinde uygulanmistir. Deprem testleri sonucunda, betonarme kolonlara ait
cevrimsel yatay yiik-yatay yerdegistirme iligkileri, siineklik faktorleri, rijitlikler, enerji
yutma kapasiteleri ve nihai kalic1 yerdegistirmeler elde edilmistir. Deney sonuglari,
kolonlarda standart yanginlar sonrasinda yatay yiik tasima kapasitelerinde %20’ye
varan kayiplar olustugunu gostermistir. Betonun elastisite modiiliinde yangin hasarina
bagli olarak olusan Onemli azalmalar, betonarme kolonlarda akmaya karsi gelen
otelemelerde artisa neden olurken, nihai Gtelemelerde kaydadeger herhangi bir
degisiklige yol agmamistir. Bu nedenle, 30 ve 60 dakikalik yanginlara maruz kalmis
kolonlarda kolon siinekliklerinde oOnemli bir degisiklik goriilmezken, akma
yerdegistirmesinde gorece daha yiiksek miktarda artis meydana gelen, 90 dakika
yangina maruz kalmis kolonda siineklik %20 mertebelerinde azalmistir. Test edilen
tiim kolonlarda siineklik faktorii 3.5’1n iizerinde oldugundan, incelenen siddette yangin
hasarmin incelenen kosullar altinda betonarme kolonlarin stinekligi tizerinde 6nemli
bir etkisi olmadig1 degerlendirilebilir. Beton elastisite modiiliinde yangin hasari
nedeniyle meydana gelen azalma, kolon rijitliklerinde azalmaya neden olmustur. Bu
azalma yangin siiresi ile orantilidir. Enerji yutma kapasitelerinde yangin hasarina bagli
olarak, yangin siiresine orantili sekilde azalmalar gozlemlenmistir. Kalic
yerdegistirmelerde pik yiik degerine kadar onemli bir degisiklik gézlenmezken, bu
noktadan sonra yangin siiresi ile orantili azalmalar gozlenmistir. Beton paspayinin
azalmasi bir taraftan donatidaki sicakliklarin artmasina neden olmakla birlikte, diger
taraftan kesit faydali yiiksekligini ve dolayisiyla moment kapasitesini arttirdigindan,
incelenen kosullar altinda yangin sonrasi deprem performansint 6nemli Olgiide
etkilememistir. Incelenen kosullar altinda donatinin yangm sonrast mekanik
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Ozelliklerinde herhangi bir degisiklik gozlenmemis oldugu ve donati nihai mekanik
Ozelliklerinde bir azalma olmasi durumunda paspayr azalmasinin ayni sonucu
dogurmayacagi akilda tutulmalidir. Deneysel calisma neticesinde elde edilen veriler
kullanilarak, betonarme kolonlarda yatay yik-yatay yerdegistirme iliskisi niimerik
olarak modellenmistir. Modelleme sirasinda sonlu elemanlar yontemi kullanilarak
kolon kesitlerindeki sicaklik dagilimlari belirlenmis, bu degerlere kars1 gelen dayanim
kayiplar literatiirde yer alan dayanim azalmasi iligkileri kullanilarak elde edilmis ve
geleneksel yapi1 mekanigi ilkeleri uyarinca davramis modellenmistir. Gelistirilen
niimerik algoritmanin deney sonuglarini tahmin etme konusunda basarili oldugu
gorilmistiir.

Tezin ii¢lincli bolimiinde, sanayi yapilarinda siklikla uygulandigi bilinen 6ndékiimlii
betonarme kolonlar1 temsil etmek iizere tam Olgekli, soket temelli kolonlar imal
edilmistir. Kolonlarin tasarimi deprem ve yangin yonetmeliklerine uygundur. Bu
kolonlara da yerinde dokiimlii betonarme kolonlarla kiyas yapilabilmesi i¢in ayni
yangin senaryolart uygulanmistir. Yangma maruz birakildiktan sonra kolonlarin
deprem perfromanslari incelenmistir. Bu kolonlarda, soket temel ile kolonlar arasina
pratikte uygulanan tamir harcinin yangin sonrasi yeterli performansi gosterdigi
goriilmiistiir. Yangin sonras1 6ndokiimlii kolonlarin, yerinde dékiim kolonlara yakin
davrams sergiledigi gdzlenmistir. Onddkiimlii kolonlarin yangin sonrasi deprem
sonrasi davranisi ikinci boliimde belirtilen sekilde niimerik olarak modellenmistir.
Gelistirilen niimerik algoritmanin deney sonuglarini tahmin etme konusunda basarili
oldugu goriilmiistiir.

Tezin dordincil boliimiinde yangin sonrasi gegen siirenin deprem performansina etkisi
incelenmistir. Yukarida belirtildigi gibi, yapilan literatiir taramasi sonucu yangin
sonrasi beton mekanik 6zelliklerinin zamanla degistigi bilinmektedir. Tez kapsaminda
kicuk olcekli silindir ve kip numunelerden elde edilen sonuclar da bu durumu
desteklemektedir. Fakat literatiirde mevcut sinirli sayidaki ¢aligmalar, farkli kosullar
altinda gerceklestirilmis ve farkli sonuglar rapor etmistir. Genel olarak, maruz kalinan
en yiiksek sicakliktan bagimsiz olarak, yangindan 60 giin sonraki beton basing
dayanimi, yangindan 30 giin sonrasina kiyaslandiginda bazi ¢aligmalara gore degismez
iken bazi ¢alismalara gore % 15 daha artmaktadir. Literatiirde rapor edilen bu geliskili
durumu netlestirmek ve yangin sonrasi gegen siirenin deprem performansina etkisini
incelemek iizere, yangindan 60 giin sonra test edilmek iizere yukarida bahsedilen
kolonlarla ayni 6zelliklere sahip iki kolon daha iretilmis, 90 dakikalik standart
yangina maruz birakilmis ve yangindan 30 ve 360 giin sonra ayn1 deprem yiiklerine
maruz birakilmistir. Deneyler sonucunda, yangindan 30 ve 60 giin sonra test edilen
kolonlarin yatay yiik-yatay yerdegistirme iliskilerinde ve siinekliklerinde onemli
miktarda farkliliklar goériilmezken, yangindan 60 giin sonra test edilen kolondaki
bahsedilen niimerik calisma tezin bu bolimi i¢in de yangin sonrasi davranisin
modellenmesine yonelik olarak tekrarlanmistir. Yapilan hesaplarda, yangindan 60 giin
sonra test edilen kolonun beton basing dayanimi, 30 giin sonra test edilen kolonunkine
kiyasla %15 fazla alindiginda niimerik ve deneysel sonuclarin birbirine yaklagtig
gorilmiistiir.

Tez kapsaminda gergeklestirilen deneysel ve niimerik ¢aligmanin, konunun 6nemi ve
insanlarin can giivenligi perspektifinden bakildiginda, kaydadeger bir katki sundugu
degerlendirilmelidir. Bu ¢alisma, ayrica beraberinde incelenmesi gereken yeni
sorunlarin varligin1 ortaya koymaktadir. Bu nedenle, daha sonra yapilmasi gerekli
calismalara 6n ayak olacag diisiiniilmektedir.
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1. INTRODUCTION

In majority of the fires originated from reinforced concrete (RC) structures, structural
damage is observed due to the deterioration of the materials, such as concrete and steel
reinforcement. Furthermore, probable future earthquakes may cause unanticipated
strength and stiffness degradation to this kind of fire-damaged structures which is
critical in terms of lateral dynamic instability in earthquake prone areas. This
instability is manifested in RC structures as side-sway collapse caused by loss of
lateral-force-resisting capacity or remarkable increases in peak displacement demands.
In other respects, RC columns form the main load bearing component of a RC structure
and therefore, provision of appropriate fire safety measures is one of the major safety
requirements in design. Protecting columns from losing the load-carrying capacity is
the most crucial part in the ductility design of RC frame structures to withstand seismic
actions, which complies with the principles and requirements for the safety and

serviceability of structures.

In the scope of the thesis, first, impact of high temperatures on mechanical properties
of concrete and reinforcement is investigated in this chapter considering the influence
of post-fire cooling phase. Then, post-fire seismic behavior of cast-in-situ and precast
columns is analyzed through large-scale testing and numerical modelling. The impact
of time after fire also affects the post-fire seismic behavior, and this impact is also
discussed within the thesis. It should be noted that this chapter is based on a perivously
published research of the author and the thesis advisor (llki and Demir, 2019), while
the following three chapters are comprised of three journal papers i.e. Demir et al.,
2020a; Demir et al., 2020b and Demir et al., 2020c. These papers are constructed in
the scope of the presented thesis and accepted for publishing in ASCE Journal of
Structural Engineering, PCI Journal and Structures Journal. At the last chapter of the

thesis, findings are presented and needs for further studies are addressed.

This chapter is to a large extent from: 11ki, A. and Demir, U. (2019). Factors affecting seismic behavior
of reinforced concrete structures after fire exposure. NED University Journal of Research, 1, 31-41.



1.1 Literature Review

Post-fire behavior of structural components should be investigated carefully to make
a realistic determination of residual seismic performance of structures after a fire.
Within the scope of this chapter, the factors affecting the mechanical behavior of the
structural members under elevated temperatures and after cooling phase are discussed.
Proper evaluation of seismic vulnerability of RC structures after a fire is a challenging
and key issue for earthquake prone countries. The post-fire seismic performance
assessment is generally based on the damage of concrete cover and material
deterioration over the RC members. Most of the issues related to concrete cover and
material deteriorations are codified and a comparison between the recommendations
of some of the major codes (Turkish fire regulation, 2007; ACI 216; CEN, 2004;
Concrete Society, 2008) is investigated in this chapter. In the light of existing
knowledge in literature, when subjected to fire, some of physical and chemical changes
which occur in concrete and reinforcing steel are reversible upon cooling, while others
are irreversible and may significantly weaken the RC structure after a fire (Harada et
al., 1972; Schneider and Nagele, 1990; Papayianni and Valiasis, 1991; Khoury, 2000;
Felicetti and Meda, 2005; Hertz, 2005; Fletcher et al., 2007; Concrete Society, 2008;
fib, 2008). The changes in mechanical properties of concrete and steel reinforcement,
under elevated temperatures and after cooling are discussed below as well as the effect

of fire on bond behavior.

1.2 Effect of Concrete Cover

In RC structural members, current design criteria have been typically expressed only
in terms of required concrete cover thickness for the considered design fire (Table 1.1).
For example, Turkish fire regulation (2007) (hereafter TFR) demands minimum clear
concrete cover of 35, 25 and 20 mm for columns, beams and slabs, respectively, for
120 minutes of standard fire resistance. According to ACI 216 (1997), minimum
concrete cover, regardless of any other parameters, shall not be less than 25.4 mm (1
in.) times the number of hours of required fire resistance, or 50.8 mm (2 in.), whichever
is less for columns. For 120 minutes of fire resistance, minimum concrete cover for
beams is given depending on width and restrain conditions (i.e. 19.05 mm for 300 mm
wide restrained beams). Minimum concrete cover for slabs is given depending on

aggregate type and restrain conditions (i.e. 19.05 mm for siliceous aggregate made



restrained slabs). EN-1992-1-2 (CEN, 2004)) (Eurocode-2, hereafter EC-2) defines
axis distance (concrete cover) and minimum dimensions of RC members for required
fire resistance (i.e. for 120 minutes of fire resistance of columns and for mechanical
reinforcement ratio (w) of 0.5 and axial load level (n) of 0.5, minimum dimension of
the cross-section is 450 mm and minimum axis distance is 50 mm. Axis distance is
defined depending on the width for beams. For example, for 120 minutes of fire
resistance, axis distance shall be at least 35 mm in case the width of the continuous
beam is 300 mm. Minimum concrete cover for slabs is given considering the thickness
and type of the slabs (one-way or two-way slabs). For 120 minutes of fire resistance,
minimum slab thickness shall be 120 mm and for a two-way slab minimum axis
distance shall be 20 mm. It should be noted that for all codes investigated here,
concrete cover is measured from concrete surface to surface of longitudinal
reinforcement. As seen in Table 1.1, although given values are similar for slabs, EC-2
gives the most conservative values for other types of structural members. For columns,
ACI 216.1-97 and EC-2 give similar values whilst TFR demands relatively thinner
concrete cover. It is worth to note that columns are generally major lateral load
carrying members in frame buildings under lateral loading. Therefore, when the post-
fire seismic behavior of RC buildings is considered, TFR cover requirement seems to

be less conservative in comparison with ACI 216.1-97 and EC-2.

Table 1.1 : Minimum concrete cover for 2 hours of fire resistance.

Minimum concrete cover (mm)
ACI 216.1 EC-2 TFR

Slab 19.05 (a) 20 20
Beam 19.05 (b) 35 (c) 25
Column 50.8 50 (d) 35

(a) for unrestrained slabs, cover shall be larger than 25.4 mm

(b) for unrestrained beams with smaller width than 127 mm, cover shall be larger than 31.75 mm
(c) for beams with a width of 500 mm, cover shall be larger than 30 mm

(d) given for columns with minimum dimension of 500 mm, w and n are 0.5

1.3 Behavior under Elevated Temperatures

Deterioration in mechanical properties of RC members under elevated temperatures
has been one of the major concerns for structural engineers since the fire resistance of
the members should be considered in design. As concrete is a less combustible and a
good insulating material possessing a low thermal diffusivity when compared to steel,

RC structures are known as less sensitive to heat exposure with respect to steel



structures. However, there are two problems of concrete in fire mainly i) deterioration
in mechanical properties as temperature rises, and ii) explosive spalling, which results
in loss of material, reduction in section size and exposure of the reinforcing steel to
excessive temperatures (Khoury, 2000). Under elevated temperatures, concrete
mechanical properties such as compressive and flexural strengths, modulus of
elasticity and volume stability are significantly affected (Arioz, 2007; Netinger et.al.,
2011). If the temperature exceeds 100 °C, water in concrete evaporates causing a
pressure within the concrete and thus stimulating spalling. Chemically bound water is
initiate to be released from hydrated calcium silicate above 150 °C and reaches to a
peak at 270 °C. After 300 °C, micro cracks occur. At about 400 °C, the calcium
hydroxide in the cement begins to dehydrate, generating more water vapor. This
dehydration of the cement brings a significant reduction in the physical strength of the
material crystals of calcium hydroxide which decompose with the highest intensity at
about 535 °C. Finally, at 800 °C, concrete can be crumbled to gravel where above 1150
°C it melts and the cement paste turns into glass phase (Khoury, 2000). The critical
temperatures for significant strength reduction depend strongly on aggregate type.
Quartz-based aggregates increase in volume at about 575 °C, whilst limestone
aggregates will begin to decompose at about 800 °C. This volume increase reduces the
compressive strength of the material for approximate values of at 650 °C for sand light-
weight concrete, 660 °C for carbonate, and 430 °C for siliceous (Hertz, 2005). Similar
results were also reported in the study of Rangan and Warner (2006). According to
this study, concrete resistance to heat is governed by the type of aggregate used: while
siliceous aggregates decompose at temperature slightly above 500 °C, those of
carbonic composition decompose at considerably higher temperatures. As a function
of the degree of heat exposure and based on the physical and chemical changes
summarized above, a strength reduction is expected in concrete of RC members. ACI
216.1-97 and EC-2 give values for the change in the characteristic compressive
strength of concrete, to be used with the simplified cross-section calculation methods
(Figure 1.1). As seen in this figure, both codes give compressive strength as percentage
of initial strength and report that when compared to calcareous, siliceous concrete is
more sensitive to heat exposure. EC-2 curves recommend no compressive strength loss
up to 100 °C and the compressive strength loss at 700 °C is about 70% for siliceous
concrete and 60% for calcareous, respectively. On the other hand, ACI curves

demonstrate that there is no loss in compressive strength until approximately 400°C



and 600 °C, respectively, both for siliceous and calcareous concrete. The trend for
reduction in strength given by the codes is similar for siliceous concrete. However, for
calcareous concrete at about 700 °C, EC-2 gives a reduction of 60% of undamaged
case while ACI 216.1-97 recommends only 10%. This remarkable difference can be
based on the fact that behavior under elevated temperatures is related to the mix
proportion, aggregate and cement type, loading and restrain conditions etc. On the
other hand, as shown in Figure 1.2, no changes in yield strength of steel reinforcement
is expected under temperatures up to 400 °C according to EC-2 while the yield strength
is reduced to about 20% of the initial value (80% loss in yield strength) at a temperature
of 700 °C. ACI 216.1-97 recommends similar trend in yield strength reduction.
However, ACI 216.1-97 reports a strength increase of about 10% at a temperature of

200 °C and decrease of 10% at temperature of 400 °C unlike given in EC-2.
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Figure 1.1 : Compressive strength of concrete made of a) siliceous aggregate and b)
calcareous concrete at high temperatures.
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Figure 1.2 : Yield strength of reinforcement steel at high temperatures.

It should be noted that the post-cooling strength gain for concrete and steel
reinforcement is not considered in the values given in Figures (1.1 and 1.2), and the

issue of strength gain after cooling is discussed in the following section.

1.4 Behavior after Cooling

When compared to the behavior under elevated temperatures, RC members behave
differently after cooling (Mohamedbhai, 1953; Harada et al., 1972; Papayianni and
Valiasis, 1991; Poon et al., 2001; Chen et al., 2009; Gernay, 2012). Post-cooling
behavior can be separated into two stages. At the first stage after cooling to ambient
temperatures, it is observed that the strength of concrete may be further reduced from
its strength under high temperatures until a period of time because of continuing
disintegration of the microstructure in concrete. This is shown as one reason that a
more conservative strength reduction factor to assess the residual strength of the
concrete is given in Concrete Society (2008) report (hereafter CS-68). The first stage
of post-fire cooling period is reported as about 1 month from the beginning of cooling
by Harada et al. (1972) and Papayianni and Valiasis (1991). These researches reported
that the reduction in compressive strength of concrete continues during 30 days after
fire exposure. Because of the reaction between the concrete and moisture in the air
(needed for re-hydration of cement), after 30 days, recovery in compressive strength

begins referring to the second stage of cooling period.

It should be noted that there is a great variation in the residual strength of concrete

after cooling depending on the maximum temperature attained, duration of heating



exposure, mix proportions, aggregates, conditions of loading during heating and stress
level (Concrete Society, 2008). Although EC-2 curves consider the loss of strength at
the first stage of cooling, it neglects the second stage of the cooling in which a strength
gain is expected. Furthermore, since the effects of creep are not explicitly considered
in EC-2 curves as well as other investigated codes, previous researches (Franssen,
2004; Gernay and Franssen, 2010) report that the EC-2 curves are not valid for
structural assessment for the cooling phase since the irreversibility of transient creep
is not considered. The EC-2 model with recommended value of the peak stress strain
leads to overestimated elongations (i.e. approximately 50% larger values with respect
to the test results), because of a highly underestimated transient creep strain (Gernay
and Franssen, 2010). CS-68 recommends a curve for residual compressive strength
reduction which is valid for the cooling phase considering the poor behavior after
being exposed to temperatures above 300 °C unlike 500 °C isotherm approach given
in EC-2 in which the design methodology discounts the strength of concrete exposed
to temperatures higher than 500°C. Therefore, it can be concluded that CS-68 approach
is more conservative than the one according to EC-2 (Figure 1.3). It should be noted
that due to the variety of residual compressive strength depending on the aggregate
type and loading conditions, only the values for the siliceous concrete are shown in
Figure 1.3 for comparison. Similarly, CS-68 recommends a curve for yield strength of
steel reinforcement in terms of post-fire strength reduction (Figure 1.4). According to
fib bulletin No.46 (2008), the concrete incorporating siliceous aggregate resulted with
a marginally-lower residual strength, compared to the calcareous aggregate after
cooling. Siliceous aggregates (like basalt and quartzite), make the concrete more
temperature-sensitive than calcareous aggregates (like carbonate and sandstone, the
latter being partly siliceous). Fib bulletin No.46 also reports that a compressive load
applied during heating and cooling, may increase the residual compressive strength by
20-40%. Keeping this in mind, ACI 216.1 (1997) gives the relationship between
reduction in compressive strength and temperature for varying aggregate (siliceous or
carbonate) and loading cases. According to ACI 216.1 (1997), compressive behavior
of concrete under high temperature is better than the cooled one since the loss of
humidity still continues for a period after cooling as defined in previous section (first
stage of cooling). Bazant and Kaplan (1996) reports results of an experimental work
under the temperatures 200, 400, 600 and 800 °C and demonstrates that residual

compressive strength (after cooling) for these temperatures are resulted with strength



reductions as 70, 60, 40 and 25% of their initial values (Figure 1.3). It should be noted
that, concrete that is exposed to an elevated temperature up to 500 °C, recovers 90%
of its original strength in one year (second stage of cooling) (Lie, 1992). Cooling will
often restore the material to its original state for temperatures up to 450 °C for cold
work steel reinforcement and 600 °C for hot rolled steel reinforcement (Lie, 1992;
Concrete Society, 2008). Above these temperatures, a simple approach is suggested
by CIB (Schneider and Nagela, 1990) in which for every 100 °C increase in
temperature, 7.5% of the yield strength is reduced (Figure 1.4). On the other hand,
Fletcher et al. (2007) recommended to reduce the load bearing capacity of steel
reinforcement about 20% of its design value when exposed to temperatures of the order
of 700 °C as similarly reported by CS-68. Felicetti and Meda (2005) presented an
experimental work that has also been considered by FIB bulletin No. 46 (2008) and
showed that the deformed bars exhibited a sizeable decay above 550°C with a loss of
45% in terms of yield strength after being heated to 850°C (Figure 1.4). This study
shows that CIB approach (Schneider and Nagela, 1990) on reducing yield strength is
unsafe when compared to experimental findings.
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Figure 1.3 : Residual compressive strength of concrete after cooling.
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2. EFFECT OF FIRE DAMAGE ON SEISMIC BEHAVIOR OF CAST-IN-
PLACE REINFORCED CONCRETE COLUMNS

2.1 Abstract

This paper presents the results of an experimental study that was conducted to
investigate the post-fire seismic behavior of reinforced concrete columns. Five full-
scale, flexure-critical code-complying (e.g. ACI 318-19) cast-in-place reinforced
concrete columns were tested to failure under constant axial load and reversed cyclic
lateral displacements after being exposed to an 1SO-834 standard fire for 30, 60 or 90
minutes. Other than the effects of the duration of the fire exposure, the effects of
thickness of concrete cover (25 and 40 mm) on structural performance was also
investigated for the short fire exposure duration (30 minutes). The responses of the
columns were analyzed in terms of lateral load-displacement relationships, ductility,
stiffness, energy dissipation capacities, and residual displacements. The test results
indicated that fire exposure reduced the lateral load capacity of the columns whereas
the deformability capabilities were found to be satisfactory in terms of structural
response. It was also observed that the thickness of the concrete cover had only a slight
influence on the post-fire seismic behavior of the columns. Furthermore, a numerical
study was conducted to predict the load-displacement response of the fire exposed
columns. The comparison of the experimentally and numerically obtained load-
displacement relationships indicated that the principles of structural mechanics usually

applied to conventional columns are also valid for the columns exposed to fire.

2.2 Introduction

According to world fire statistics, about 1 million deaths were caused by fires between
1993 and 2014, and approximately 40% of all fires around the world originated from
structures (Brushlinsky et al., 2016).

This chapter is adopted from the journal paper: Demir, U., Goksu, C., Unal, G., Green, M.F. and Ilki,
A. (2020). Effect of fire damage on seismic behavior of cast-in-place reinforced concrete columns.
ASCE Journal of Structural Engineering. DOI: 10.1061/(ASCE)ST.1943- 541X.0002794.
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For the majority of the fires in reinforced concrete structures, structural damage was
observed due to the deterioration of the materials, such as concrete and steel
reinforcement. However, traditional design guidelines cannot provide any reliable
estimate for the performance of the structures after a fire event, and therefore, the level
of safety against the risk of limit states (i.e. collapse) is simply unknown (Usmani,
2008). Furthermore, probable future earthquakes may cause unanticipated strength and
stiffness degradation to these types of fire-damaged structures, which may be critical
in terms of lateral dynamic instability in earthquake prone areas. This instability may
be manifested in reinforced concrete structures as side-sway collapse caused by loss
of lateral-force-resisting capacity or substantial increases in peak displacement
demands (FEMA, 2009). In other respects, reinforced concrete columns form the main
load bearing component of a reinforced concrete structure, and therefore, provision of
appropriate fire safety measures is one of the major safety requirements in design.
Furthermore, protecting columns from losing the load-carrying capacity is the most
crucial part in the ductility design of reinforced concrete frame structures to withstand

seismic actions.

It should be highlighted that the post-fire behavior of the reinforced concrete columns
is of vital importance for protecting fire damaged structures against future earthquakes
and the sequential seismic damage. However, most existing studies considered the
behavior after cooling under only service loads combined with uniaxial/biaxial
bending (Lie et al., 1986; Jau and Huang, 2008; Chen et al., 2009), whereas the
research on the seismic performance of fire damaged reinforced concrete columns has
not been extensive even though it is the major concern in terms of structural seismic
performance assessment. Studies conducted by Yaqub and Bailey (2012) and Bailey
and Yaqub (2012) included seismic retrofitting of shear-critical reinforced concrete
columns non-complying with current design codes. Benichou et al. (2013) investigated
the impact of fire on seismic resistance of fiber reinforced polymer strengthened
reinforced concrete columns, and Mostafaei (2013) implemented hybrid fire testing
principles to consider one high strength concrete column under monotonic lateral
loading after exposure to fire. Li et al. (2019a and 2019b) investigated the seismic
performance of concrete-filled double-skin steel tubes after exposure to fire. None of
these studies considered the assessment of post-fire seismic behavior of flexure-

critical, conventional reinforced concrete columns.
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Hence, the experimental study presented herein specifically aims to systematically
investigate the effect of fire damage on the seismic behavior of reinforced concrete
columns for the first time. Test parameters include the effects of fire intensity and the
thickness of concrete cover on seismic behavior of reinforced concrete columns. In the
scope of the current study, five full-scale reinforced concrete columns were designed
and constructed in compliance with major design codes. The columns, except the
reference one, were exposed to the 1ISO-834 standard fire (1SO, 1999) for 30, 60 or 90
minutes, and then cooled in air. All columns were then subjected to constant axial
loads representing vertical loads in mid-rise reinforced concrete structures combined
with cyclically reversing lateral displacements simulating seismic loading. The
responses of the columns were analyzed in terms of lateral load-displacement
relationships, ductility, stiffness, energy dissipation capacities, and residual
displacements. In addition, two columns were tested to examine the effect of concrete
cover on residual seismic behavior. Finally, the experimentally obtained lateral load-
displacement relationships were compared with a prediction model based on the basic
principles of structural mechanics to investigate the model’s applicability in fire

damaged columns.

2.3 Materials and Methods

2.3.1 Material properties

The concrete mix-proportions of the columns are presented in Table 2.1. The aggregate
is mainly calcareous (78%). The slump was approximately 200 mm. The mean
unheated concrete compressive strength, obtained based on the tests of cylinder
specimens (150 mm x 300 mm) at the age of column testing day (at around the age of
16 months corresponding to the age of 60 days after the fire tests) was 36 MPa. The
stress-strain relationships of the specimens not exposed to fire (reference — REF), and
the specimens exposed to fire for 30, 60, and 90 minutes (30M, 60M, 90M) are
presented in Figure 2.1. It should be noted that two cylinder specimens were tested for
each case. As observed in this figure, the average concrete compressive strength of the
cylinder specimens (4 MPa) exposed to 90 minutes of fire (the most severe fire) was
obtained to be approximately 10% of that of the reference specimen (36 MPa). The

peak compressive strain corresponding to the peak compressive strength increased
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with an increase in temperature while the compressive strength decreased. In other

words, concrete softened with increasing temperatures due to loss of elastic modulus.

Table 2.1 : Concrete mix-proportions.

. Weight

Material (ka/m?)

Cement (CEM 425 R) 300

Sand (0-4 mm) 920

No | Aggregate (5-12 mm) 507

No Il Aggregate (12-22 mm) 490

Superplasticizer (Sikament-300) 3.6

Water 124

40
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32 | Y
R Y A b by Cy-30M-1
a ——— Cy-30M-2
=24 -
-\ 4/ S T, 0000 Cy-60M-1
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cfu 16 1 < Cy-90M-1
.<>E_< Cy-90M-2
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O L] — L] L] L] T
0 0.002 0.004 0.006 0.008 0.01

Axial Strain
Figure 2.1 : Stress-strain relationships of cylinder specimens.

The mechanical properties of the longitudinal (diameter of the bar, d,=20 mm) and
transverse (db=10 mm) reinforcing bars under ambient temperatures, and after post-
fire cooling are presented in Table 2.2. For obtaining the mechanical properties of
these reinforcing bars, first, 300x300x500 mm reinforced concrete specimens, which
had the same cross-section and reinforcing scheme with the full-scale reinforced
concrete columns, were cast using the same concrete batch. These specimens were
then subjected to the same fire exposure as the full-scale columns. Thereafter, the
reinforcing bars were removed after cooling, and then subjected to a uniaxial tension
test. As shown in Table 2.2, there is only a minor difference between the mechanical
properties of the unheated reinforcing bars and the reinforcing bars exposed to 90
minutes of fire (the most severe fire) since the measured maximum temperatures along

the reinforcing bars did not exceed 560 °C in the fire tests. Thus, no residual fire
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damage to the reinforcing bars was expected for all fire exposure durations (30, 60 and
90 minutes) as reported by Neves et al. (1996) in these temperature ranges (up to 600
°C).

Table 2.2 : Mechanical properties of reinforcing bars.

Diameter of Fire fy &y fnax Emax fu &u
reinforcing exposure (MPa) (MPa) (MPa)
bar (mm) (minutes)
20 N.A. 472 0.0023 569 0.0965 525 0.15
10 N.A. 483 0.0025 557 0.0998 525 0.10
20 90 442 0.0024 549 0.0992 516 0.16
10 90 457 0.0024 552 0.0992 522 0.11

N.A.: not available

2.3.2 Test specimens

Five full-scale reinforced concrete columns were constructed with the same
geometrical properties and reinforcement detailing as depicted in Figure 2.2. The
specimens were cantilevers with cross-sectional dimensions and heights of 300x300
mm and 1500 mm, respectively. The height of the columns represents point of
contraflexure (zero moment) of a column with 3000 mm height. Each column
incorporated a reinforced concrete foundation block with dimensions of 700x700x500
mm that was connected firmly to the strong floor. Columns were reinforced with four
20 mm diameter longitudinal steel deformed bars placed at the corners. The bars had
an average measured yield strength of 461 MPa. Lateral reinforcement (deformed bars)
with an average measured yield strength of 472 MPa was provided in the form of 10
mm diameter ties spaced at a 100 mm spacing center-to-center. After casting, columns
were cured under ambient temperature and humidity for 14 months before they were
transported to the fire facility. For four columns, the clear concrete cover to the
longitudinal bars was 40 mm, while one specimen had clear cover of 25 mm. The
concrete cover of 40 mm was designed to conform with major building fire codes (ACI
216.1, 1997; EN 1992-1-2, 2004; Turkish Fire Regulation, 2007) while the case of the
25 mm concrete cover was to represent a case of inadequate cover, which may
commonly be constructed in practice, particularly, in developing countries (i.e. in
Turkey). It should be noted that all the columns complied with the requirements of
recent seismic design codes (e.g. ACI-318-19, Eurocode 2) in terms of lateral

reinforcement.
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Figure 2.2 : a) elevation, b) plan views of reinforcement and location of
thermocouples. Note: Dimensions in mm.
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The designation of the columns are as follows: REF (the reference column), 30m-25c,
30m-40c, 60m-40c, 90m-40c. The first term represents the fire exposure duration in
minutes (30, 60 or 90), and the second term indicates the thickness of clear concrete
cover (25 or 40 mm). The columns were designed to fail in flexure while the
foundations were overdesigned to eliminate the possible effect of foundation on the
behavior. The shear span to depth ratio (a/h) was 4, which can be assessed as flexure-

controlled based on the study by Kuang (2017).

2.3.3 Test furnace

The columns, except the reference one, were exposed to the 1ISO-834 standard fire for
30, 60 or 90 minutes, on all sides, and along their whole heights. The footings were
insulated to protect them from the fire exposure. The fire exposed columns were then
cooled in air. The fire tests for each fire exposure duration were executed every other
week about 14 months after casting. The tests were conducted at a large-scale

multipurpose furnace, which was 3.2 m in depth, 4 m in width and 3 m in height
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(Figure 2.3). Heat was provided by eight natural gas burners located within the furnace,
positioned on opposite sides containing four burners each. Eight thermocouples were
distributed throughout the test chamber to monitor the furnace temperature during the
fire tests. Each burner was controlled independently to produce an environment of
uniform temperature following the temperature-time curves specified by 1ISO-834. Six
type-K NiCr-Ni thermocouples of 0.91 mm thick were installed at the mid-height cross
section in each column for measuring concrete and reinforcing bar temperatures. The
locations of the thermocouples in the cross section are shown in Figure 2.2b. The fire

tests were executed without any axial loading.

~~. Furnace
s thermocouple

G (L T
Figure 2.3 : Fire test furnace.
The impact of axial loading in the fire tests is a critical parameter that should be further
discussed. Compressive strength tests on concrete after exposing to elevated
temperatures demonstrated that the axial loading in fire tests results in an improved
concrete residual behavior compared to the unstressed residual tests (Malhotra, 1956;
Abrams, 1971; Harada et al., 1972; Papayianni and Valiasis, 1991; ACI 216.1, 1997,
fib bulletin-46, 2008). Moreover, presence of a compressive axial load in fire tests
increases the fire resistance of RC columns (Salse and Lin, 1976) and neglecting the
axial load in the design of RC beams under fire conditions leads to a conservative
estimate of the fire resistance (fib bulletin-46, 2008). Therefore, the absence of axial
loading in fire tests generally results in a worst-case scenario compared to the presence
of axial load which may be beneficial for design concerns and practical applications
(Bisby et al., 2011, Yaqub and Bailey, 2012). As a result, the presented test results
obtained for columns, which were exposed to fire without axial load can be considered
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to represent a worst-case scenario. Nevertheless, it is worth to mention that in unlikely
cases where the axial load during the fire test is too high, excessive damage or

compression failure may occur in RC structural elements.

2.3.4 Instrumentation, test setup, and loading procedure

The test setup is shown in Figure 2.4. The upper end of the columns was loaded by a
hydraulic jack and controlled to provide an axial force of 630 kN corresponding to
0.2f cAq (axial load ratio of 0.2) where f. is the compressive strength of unheated
concrete at the day of seismic test, and Agq is the gross cross-sectional area of the
columns. Applied axial load ratio represents common column axial loads in mid-rise
reinforced concrete structures. The lateral load was applied at the tip of the columns,
1200 mm above the column-footing interface using an MTS actuator with a capacity
of £250 kN, £300 mm.

|-

I Actuatol oy

Pin-support

Figure 2.4 : a), b) test setup, c) locations of LVDTS.

As shown in Figures 2.2c and 2.4c, the instrumentation in the columns included
thermocouples and displacement transducers (LVDTs). The instrumentation of the
columns consisted of four horizontal and eight vertical LVDTs. Three of horizontal
LVDTs were distributed along the height of the column and the footing to measure the
in-plane lateral displacements, and one horizontal LVDT was attached at the top of the
column to measure the out of plane lateral displacement, which was seen to be
negligible. Six of the vertical LVDTs were attached along the potential plastic hinge
regions of the columns three for each side in loading direction in different gage lengths
(at 0-20 mm, 20-150 mm and 150-300 mm from the column-footing interface) to
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measure the variation of vertical displacements, and two LVVDTs were fixed to the top
of the footing to measure its rotation, which was also seen to be negligible.

A displacement-based lateral loading protocol, shown in Figure 2.5, was applied
during the tests based on ACI 374.2R (2013). Reversing lateral displacements were
applied to the columns in pushing and pulling cycles to simulate seismic loading. The
drift ratio was calculated as the ratio of the lateral displacement to the column height
(4/). After a drift ratio of 0.5%, for each target displacement, two cycles of loading

were applied.

VAVAVMAAA/\/\/\
5 VV\/\/\/V\/\/

O N B~ OO

Drift ratio (%)

0 10 20 30 40
Number of cycles
Figure 2.5 : Loading protocol.

2.4 Temperature Distribution of the Columns

Figure 2.6 shows the temperature-time curves in the furnace. Maximum temperatures
of 841, 945 and 1005°C were measured for the furnace while average temperatures of
330, 493 and 552°C were measured for reinforcing bars after 30, 60 and 90 minutes of

fire exposure, respectively.
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Figure 2.6 : Temperature-time curves of the columns. Note: “surface” temperature is
obtained from TC6, “out” temperature is obtained from TC1 and TC3, temperature
“in” is obtained from TC2 and TC4, “center” temperature is obtained from TC5.
Note 2: Surface temperature of the column 30m-25c could not be measured.

The extent of damage and spalling of the cover concrete of the columns during the fire
tests was monitored by making observations through the window ports of the furnace
and after the columns were removed from the furnace. Hairline cracking occurred in
column 30m-40c. Flaking of concrete was observed on the surface of column 60m-
40c while minor spalling occurred in column 90m-40c in the form of small chunks of
concrete falling from the surface of the column. As also stated by Raut and Kodur
(2011), when the temperature in concrete reaches about 250-300°C, the tensile stresses
due to fire-induced pore pressure exceeds the reduced tensile strength of concrete, and
at this stage, chunks of concrete fall off from the surface of the column. When the
furnace naturally cooled down to room temperature (with a cooling rate around 1, 0.65
and 0.5 °C/min after 30, 60 and 90 minutes of fire, respectively), the columns were
taken out of the furnace and stored in the laboratory for 2 months until the time of the

seismic tests.
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The damages of the columns after fire exposure can be evaluated according to
Concrete Society (2008) guideline as shown in Table 2.3. This guideline defines
damage classes and corresponding repair requirements for RC columns accounting for
the color change, crazing and spalling of concrete, condition of reinforcement and
formation of the cracks. As seen in Table 2.3, the damage classes are 1, 2 and 2 for the
columns exposed to fire for 30, 60 and 90 minutes, respectively with reference to the
guideline. Superficial repair of slight damage is sufficient for the column exposed to
30 minutes of fire, whereas minor structural repair for restoring the damaged parts of

the concrete cover is required for the columns exposed to 60 or 90 minutes of fire.

Table 2.3 : Damage classification and repair requirements after fire (Concrete Society,

2008).
Duration Color Crazing Damage Repair Repair requirements
of fire class classification
(minutes)
30 Normal Slight 1 Superficial Superficial repair of slight damage not
needing fabric reinforcement
60 Yellow/beige Moderate 2 General Non-structural or minor structural repair

restoring cover to reinforcement where
this has been partly lost

90 Yellow/beige Moderate 2 General Non-structural or minor structural repair
restoring cover to reinforcement where
this has been partly lost

Note: Spalling and cracking are minor for all columns. Reinforcing bars are not directly exposed to
fire.

The temperature distribution after the fire tests was also calculated using a finite
element software program, SAFIR (Franssen and Gernay, 2017) (Figure 2.7), which is
used to predict the monotonic lateral load-displacement curves. During these analyses,
heat transfer mechanisms were determined through the assumption that heat was
distributed through solid structures primarily by conduction, and at the boundary of
the structure, heat was exchanged with the environment by convection and radiation.
For conduction in the solids, heat exchange was based on a Fourier equation expressed

in Cartesian system of coordinates using Eq. (2.1).
af[,or], @[, dT], o[, T aT
e L R Ul R L R (2.1)

In this equation, {x, y, z} is the vector of Cartesian coordinates (m), T is the temperature
(K), k is the thermal conductivity (W/mK), Q is a term that accounts for internal

generation of heat (W/m3), p is the specific mass (kg/m?3), c is the specific heat (J/kgK)

21



and t is time (s). For convection and radiation acting over the boundaries of the
structure, heat exchange is determined using Egs. (2.2 and 2.3).
he = h(Ty —Ts) (2.2)

h, = oeT,* (2.3)

In these equations, hc is the convective heat flux between gas and solid (W/m2), h is
the coefficient of convection (W/m2K), Tg is the temperature of the gas (K), Ts is the
temperature at the surface of the solid (K), hr is the radiative heat flux emitted by a
solid (W/m2), ¢ is the Stefan-Boltzman constant (5.67 x 10-8 W/mK4), ¢ is the
emissivity of the solid (-).

TIME: 1800 s TIME: 3600 s
- 732°C to 833°C - 832°C to 942°C
630°C to 732°C 721°C to 832°C
529°C to 630°C 611°C to 721°C
427°C to 529°C 500°C to 611°C
326°C to 426°C 390°C to 500°C
225°C to 326°C 279°C to 390°C
.123°C to 225°C . 169°C to 279°C
J 22°Cto 123°C 58°C to 169°C
a) b)
TIME: 5400 s
-892°C to 1004°C
779°C to 892°C
666°C to 779°C
553°C to 666°C
441°C to 553°C
328°C to 441°C

216°C to 328°C
103°C to 215°C

Figure 2.7 : Temperature distributions in SAFIR after a) 30 minutes, b) 60 minutes
and c) 90 minutes of fire exposure.

c)

During the thermal analyses, first, the temperatures from two previous time steps, tn-1
and tn, are extrapolated to find a first approximation at a given time t, + d: between t,
and tn+1. For the next steps, the next approximations of the temperatures at t, + d: are
performed until thermal equilibrium is restored. The process continues with

extrapolating the temperatures at ty+1 from the values at tn and t, + di. During the
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thermal modelling, the cross-sections of the columns were defined using 144 nodes
and 121 solid elements. Calcareous concrete (CALCONC EN) and steel
(STEELEC2_EN) material properties as presented in Eurocodes (EN-1992-1 and 2,

2004) were assigned to the corresponding elements of the cross-section of the columns.

2.5 Experimental Results

2.5.1 Hysteretic load-displacement responses and their envelopes

The hysteretic load-displacement responses of the columns and their envelopes are
depicted in Figures (2.8 and 2.9), respectively. These curves, which reflect both the
lateral load capacity and ductility variations, can be used to compare the development
of the seismic capacity of the columns with increasing drift ratios. When developing
the envelope curves, only the first cycle of each lateral load-displacement relationship
was considered. Important stages such as the first flexural crack, crushing and spalling
of concrete cover, and buckling of the reinforcement are symbolically marked on the
plots to aid interpretation. All columns were observed to fail in flexure during the
cyclically reversing load tests. The peak lateral loads were achieved at a drift ratio of
2% for all columns. In-cycle strength degradation resulting from repetitive cycles for
each displacement level was similar (less than 5%) for all columns irrespective of the
duration of fire up to buckling of the reinforcing bars.

Table 2.4 shows the lateral load capacities and displacement ductility factors of the
columns. The maximum lateral load values in this table are the average of pushing and
pulling directions. As seen in this table, the peak lateral loads for the fire exposed
columns 30m-25c, 30m-40c, 60m-40c and 90m-40c are 10, 13, 19 and 19% lower than
that of the column REF, respectively. Since the strength recovery of reinforcing bars
after cooling is assumed to restore the material strength to its original state (Table 2.2),
the rate of decrease in lateral load capacities is driven primarily by the deterioration
in concrete properties. Since the residual stress-strain characteristics of the concrete of
the columns 60m-40c and 90m-40c were influenced in a similar manner, these

columns exhibited similar reductions in lateral load capacity (Figures 2.1, 2.8 and 2.9).
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Figure 2.8 : Experimental and numerical lateral load-displacement relationships.

To compare the hysteretic responses of the columns subjected to the same fire
exposure duration (the columns 30m-25c¢ and 30m-40c) with different concrete cover
thicknesses (25 and 40 mm), the lateral load (P) is normalized with the numerically
obtained lateral load capacities (Po) of their reference counterparts (117.7 kN for the
column 30m-25c, 113.4 kN for the column 30m-40c) in order to eliminate the effect
of higher bending moment capacity, and thereby, higher lateral load capacity of the
column 30m-25c because of its larger effective depth (Figure 2.9). As shown in Figure
2.9, while the concrete cover thickness does not have a significant effect on lateral load
capacity (10% and 13% reduction in lateral load capacities of the columns 30m-25c
and 30m-40c, respectively, compared to the column REF), the stiffness of the column
increases as the thickness of the concrete cover decreases because of the larger
effective depth of the column with the smaller concrete cover thickness.
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Figure 2.9 : Envelopes of lateral load-displacement relationships for the columns.

Table 2.4 : Lateral load capacities and displacement ductility factors of the columns.

REF 30m-25¢ 30m-40c 60m-40c 90m-40c

Experimentally obtained Pmax (KN) 1211 108.8 105.6 98.0 98.3
Numerically obtained Pmax (KN) 113.4 115.9 107.7 103.6 97.1
Ay (mm) 16.6 19.9 14.4 15.7 19.7
Ay (mm) 74.0 81.3 65.7 73.8 70.5
Ha 4.5 4.1 4.6 4.7 3.6

For better comparison of the column performances in terms of sustaining their
ductility, displacement ductility factors (u4), which were defined as the ratio of the
ultimate displacement (4y) to the yield displacement (4y), are calculated. Yielding,
ultimate displacements, and corresponding ductility factors of all columns are
computed based on the average envelope curve (absolute average of pushing and
pulling directions as defined by Memon and Sheikh, 2005) as schematically depicted
in Figure 2.10, and listed in Table 2.4. The point on the post peak branch where the
lateral strength is 80% of the maximum lateral strength (P = 0.8Pmax) is defined as the
failure point, corresponding to 4y as recommended by Memon and Sheikh (2005).
Additionally, as suggested by Paulay and Priestley (1992), 4y is determined by drawing
a secant to intersect the lateral load-displacement envelope at 75% of the peak lateral

load on ascending portion of the envelope curve. The line is then extended to the
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intersection with a horizontal line corresponding to the maximum lateral load, and

projected onto the abscissa (Figure 2.10).

Lateral load, P La= Au/dy

K =P/ A7
Ki=Pi/ A7

K= (Ki +Ki)/2

1= (A ves /A7)
EDC= shaded area

Figure 2.10 : Definition of ductility parameters.
As evident from Table 2.4, for the fire exposed columns complying with the major fire
regulations, the ductility of the columns is similar except the column exposed to the
severest fire exposure in the test campaign (column 90m-40c). The column 90m-40c
exhibited 20% reduction in ductility with respect to the reference column (REF). As
observed from this table, the Ay of this column is significantly higher than that of the
other columns having concrete cover of 40 mm. Stiffness degradation of the column
90m-40c induced from fire exposure, which will be discussed in the following section
in detail, can be accounted for higher 4y. Furthermore, the increase in 4y of the column
30m-25c is also noticeable from Table 2.4 and Figures (2.8 and 2.9). This can be
attributed to the axial deformation of the longitudinal reinforcing bars which creates
more considerable compressive strains on the concrete cover of the column 30m-25c¢
because of its lower cover thickness. These compressive strains cause a reduction in
tensile capacity of concrete in transverse direction, and finally deteriorates the concrete
cover (Dhakal and Maekawa, 2002). Nevertheless, the displacement ductility factors
higher than 3.5 correspond to a fully ductile response that can reasonably be achieved
at carefully identified and detailed inelastic regions (Paulay and Priestley 1992, UBC
1997). When this value (3.5) is compared to the values given in Table 2.4, post-fire

ductility factors of all columns appear satisfactory in terms of structural response.

The appearance of the columns at a drift ratio of 4% (prior to buckling of reinforcing
bars) are shown in Figure 2.11. The damage progression of the columns throughout
the test is tabulated in Table 2.5. First, fine bending cracks were observed at the

potential plastic hinge zone at around 0.5% drift ratio for all columns. As the lateral
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displacement increased, the flexural cracks extended and widened. Upon yielding of
the longitudinal reinforcing bars at around 2% drift ratio, the peak load was achieved,
and the cracks developed and extended rapidly. The crushing of cover concrete
initiated in the hinging zone at a drift ratio of approximately 2% for all columns.
Eventually, the crushed cover concrete was observed to spall off at a drift ratio of 4%
for the reference column and at 3% for its fire exposed counterparts. For the columns
exposed to fire, outward lateral pressures exerted on the bar from the bulging concrete
core accelerated buckling compared to the reference column (Table 2.5). It is
noteworthy that the damage was observed to be distributed over a length longer than
the potential plastic hinge zone, in other words, the hinging zone was observed to be
elongated with an increase in fire duration (Figures 2.11 and 2.12). This behavior can
be attributed to a loss of concrete compressive strength, which in turn causes an

increase in axial load ratio (applied axial load/axial load capacity).

Figure 2.11 : Appearance of the columns (at drift ratio of 4%) a) REF, b) 30m-25c,
¢) 30m-40c, d) 60m-40c and e) 90m-40c.
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Table 2.5 : Drift ratios (%) for different damage states.

Failure mechanisms REF 30m-25¢ 30m-40c 60m-40c 90m-40c
First flexural crack 0.5 0.5 0.5 0.5 0.5
Crushing of concrete cover 2 2 2 2 2
Spalling of concrete cover

Buckling of reinforcing bar 6 5 5 5 5

In the present study, axial load capacities of the fire exposed columns, which were
evaluated based on the actual compressive strengths, decreased about 10% to 50% of
their reference value depending on the duration of the fire. In previous research, it has
also been reported that the axial load ratio has an important influence on the plastic
hinge length of reinforced concrete columns, and particularly, after exceeding 20% of
axial load capacity of the column, the plastic hinge length elongates with an increase
in the axial load ratio (Bae and Bayrak, 2008). When the tendency towards cracking,
and the development of plastic hinging zone for the column exposed to the severest
fire exposure (the column 90m-40c) and its reference counterpart (the column REF)
are compared, the crack lengths and widths of the column 90m-40c are also observed
to be lower than that of the reference column because of the relatively higher axial
load ratio in 90m-40c. This in turn caused a significant increase in the compression
strains of concrete for the reference column which were greater than that for column
90m-40c. Thereby, the neutral axis depth (z) in column 90m-40c extended more
substantially, and the area of the concrete required to be balanced by the area of the
reinforcement increased while the strains in reinforcing bars decreased with fire
exposure. As a consequence, fixed-end rotation occurred in the reference column
resulting in longer crack lengths and larger crack widths than those of column 90m-
40c for both pushing and pulling directions. This brought about concentration of the
curvatures along a shorter plastic hinging zone for the reference column. On the other
hand, curvatures were distributed along a comparatively longer hinging zone for the
fire exposed columns because of the shorter crack length at identical drifts as shown

in Figure 2.12.
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Figure 2.12 : Plastic hinging zone for the columns.

This observation was also examined through the compression strains of the concrete
cover (&) and confined concrete (ecc) extracted from the fiber analysis at the onset of
yielding of the reinforcing bars (e,=0.0023). The numerically obtained strains are
presented in Table 2.6. As shown in this table, the compression strains of the concrete
cover and confined concrete increase as the fire duration increases. It is noteworthy
that, while yielding of reinforcing bar is followed by crushing of concrete cover for
the column not exposed to fire, for the 30-minute fire exposed columns (30m-25c¢ and
30m-40c) yielding of the reinforcing bars and crushing of the concrete cover occurred
simultaneously. For the columns exposed to more severe fire exposure (60m-40c and

90m-40c), crushing of concrete cover initiated before yielding of the reinforcing bars.

Table 2.6 : Numerically obtained compressive strains of confined concrete and
concrete cover.

REF 30m-25¢ 30m-40c 60m-40c 90m-40c
& 0.0018 0.0020 0.0020 0.0026 0.0031
&cc 0.0010 0.0012 0.0011 0.0016 0.0020

One of the most basic tools to define limit state curvatures is the M-¢ analysis of
reinforced concrete sections. The experimentally obtained M-¢ relationships for the
columns at a drift ratio of 4% (at 48 mm displacement) (before buckling of reinforcing

bars) are presented in Figure 2.13. The base moment was calculated by multiplying
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the lateral load with the shear span of 1200 mm extending between the acting point of
the lateral load and the interface of the column-footing, which was then summed to
obtain the contribution of the axial load. The curvature distributions of the columns
were obtained using LVDTs deployed at different gage lengths over 0-20 mm, 20-
150 mm and 150-300 mm above the interface of the column-footing (Figure 2.4c). As
depicted in Figure 2.13, the curvature was concentrated mainly over a height of
approximately 0-20 mm for the reference columns and 30-minute fire exposed
columns. For these columns, maximum curvatures over a 0-20 mm gage length were
measured in the order of 0.6 1/m. On the grounds that the curvature values of the
columns measured in 300 mm gage lengths above the footing are even smaller, these
results are not presented in the figure. However, for columns 60m-40c and 90m-40c,
maximum curvature values were in the order of 0.1 1/m, for each gage length. This
occurred because the hinging zone was observed to enlarge with an increase in fire
duration as previously discussed. Therefore, for columns 60m-40c and 90m-40c, the
deformations were distributed over a longer plastic hinging zone (larger than 300 mm),

which is outside the measurement zone (Figures 2.4c, 2.11, 2.12).
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Figure 2.13 : Moment-average curvature relationships over the gage lengths a) 0-20
mm, and b) 20-150 mm.
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2.5.2 Stiffness degradation and energy dissipation capacity

Many structural components and systems will exhibit some level of stiffness
degradation when subjected to reversed cyclic loading. Particularly, in short-period
structures as considered in the presented study, cyclic strength degradation can lead to
significant increases in peak displacement demands as well (FEMA P440A, 2009).
Fire exposure is a parameter that may potentially exacerbate this trend.

The secant stiffness (K) in this study is obtained by dividing the maximum lateral load
in the first loop within each cycle by the displacement at the peak of each loading
cycle, and pursuing, the average values of the stiffness in pushing (Ki?) and pulling
(Ki*) directions are considered (Figure 2.10). As shown in Figure 2.14, the cyclic K
decreases as the fire exposure duration increases as a consequence of the concrete
cracking resulted from the loss of tensile strength of concrete and the formation of
plastic hinges. It should also be noted that the magnitude of decrease in K is greater
than the magnitude of the reduction in lateral load capacity. For instance, for the
column 90m-40c, the decrease in K during the initial stage of loading is around 40%
while the reduction in lateral load capacity is 19%. This discrepancy occurs because
the behavior under lateral loads is controlled by concrete residual properties up to
yielding, whereas after yielding, reinforcement characteristics which have been
restored after cooling are more effective for all columns as similarly reported by Ni
and Birely (2018). As aforementioned, reinforcement residual properties were not
influenced from fire exposure and therefore, despite relatively large degradation in
cyclic stiffness in the initial stage of loading, the difference between the stiffness
values became comparatively lower after the drift ratio of 2% (around yielding).
Column 30m-25c demonstrated relatively lower initial stiffness and stiffness
degradation, and this was attributed to the higher yield displacement of this column as
discussed previously. These observations can also support the conclusion that beyond
the capacity related issues discussed in this paper, peak displacement demands in fire
exposed columns are sensitive to Ay and will increase because of the reduced stiffness

caused by fire.
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Figure 2.14 : Stiffness degradation of columns.

The energy dissipation capability of a structure has a strong influence on its seismic
response. It can be simply defined as the ability to consume seismic energy under
lateral loads through plastic deformations. The energy dissipation per each cycle can
be evaluated as the area enclosed by the first hysteretic loop of each displacement level
and the cumulative energy dissipation capacity (EDC) can be computed through the
summation of these areas (shaded area in Figure 2.10). The EDC due to cyclic loading
is presented in Figure 2.15 as a function of drift ratio. Total dissipated energy mainly
consists of two components as follows: (i) dissipated energy during the formation of
new cracks and the friction of existing crack surfaces, and (ii) dissipation of energy
through reinforcing bars (Li et al., 2019). As shown in this figure, in the earlier stages
of the loading (up to 1% drift ratio), the lateral loads were not high enough to cause
considerable damage (e.g. cracks) and therefore, the EDC of the columns was almost
negligible. The effect of fire exposure duration on the energy dissipation is quite
pronounced particularly after 2% drift ratio (around yielding). After this drift ratio, the

EDC of the reference column is higher than that of the columns exposed to fire, and
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as the fire exposure duration increases, the EDC of the columns decreases. In
particular, for the fire exposed columns, cracks that occurred after the fire tests
widened and the number of new cracks were limited up to yielding. After yielding,
new cracks occurred, the energy dissipation increased in an accelerated way, and most
of the energy was consumed by the inelastic deformation of the columns including the
formation of new cracks and the yielding of reinforcing bars. It should be noted that

concrete cover did not have a significant effect on the EDC.
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Figure 2.15 : Cumulative energy dissipation capacities of columns.
2.5.3 Residual plastic deformation

The reinforced concrete columns are expected to exhibit ductile behavior and undergo
large inelastic deformations under severe earthquakes. However, columns that exhibit
high ductility demands tend to retain large residual displacements after earthquakes.
These residual displacements are one of the most important measures in terms of post-
earthquake functionality and feasibility of repairing fire-damaged structures. It is even

arguable that residual displacements are ultimately more important than maximum
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displacements, given the difficulty of straightening a bent building after an earthquake
(Priestley, 1993). However, the study of the residual displacements of reinforced
concrete columns after fire exposure has received no attention in the literature.
Therefore, in this paper, attention is paid to report the level of post-earthquake residual
displacements for fire exposed reinforced concrete columns. The residual plastic
displacement ratios (r) of the columns are obtained by dividing the residual lateral
plastic displacements after unloading, when the applied lateral load is zero (A4res) to the
specified peak displacement for each drift ratio (4un) in pushing direction which is
illustrated in Figure 2.10, and presented in Figure 2.16. As shown from Figures (2.8
and 2.16), the r values of the columns exposed to fire obviously increased as an
outcome of the fire damage. The maximum residual displacement ratio of the column
90m-40c (0.63) is about 28% higher than that of the reference column (0.49). It must
be emphasized that concrete cover did not have a significant influence on the residual
displacements.
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Figure 2.16 : Residual displacements of the columns.
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2.6 Prediction of Post-fire Seismic Response

A numerical study is conducted to predict the seismic response of the columns. Figure
2.17 shows the step-by-step calculation process of the predicted post-fire lateral load-

displacement response of the columns.

The predicted post-fire seismic response of the fire exposed and reference columns is
calculated considering Moment (M)-Curvature (¢) relationships of the columns at the
critical sections based on a fiber analysis approach combined with a plastic hinge
concept. For the fiber analysis, the cross-section is defined in terms of its geometry,
reinforcement type and arrangement in transverse and longitudinal directions, and the
effect of axial loading is considered in the fiber analysis. For the monotonic stress-
strain relationship of the reference column, the model proposed by Mander et al.
(1988) is used based on the actual characteristics of unconfined (Figure 2.1, Figure
2.17 Step A) and confined concrete. For fire exposed columns, the cross-sections of
the columns are first divided into 36 finite elements each having a dimension of 50x50
mm (Figure 2.17 Step 1, Figure 2.18). For each finite element, the temperatures
attained during the whole course of heating and cooling stages are taken from SAFIR
and verified by thermocouple readings obtained from fire tests (Figure 2.7, Figure 2.17
Steps 2-3). As shown in Figure 2.18, the mean temperature value interpolated based
on the temperatures obtained from SAFIR along both the diagonal section and
symmetry axis of the section as similarly conducted by Lie et al. (1986) and Mostafaei
et al. (2009). Then, stress-strain relationship for each of the finite elements are
determined using the residual stress-strain relationships using Egs. (2.4-2.5) as
recommended by Chang et al. (2006) (Figure 2.17 Step 4). More details about the

model can be found in the original paper.

f'sr [1.01-0.00055T (20°C<T<200°C 2.4)
1.15-0.00125T (200°C<T <800°C '

f'c
1 (20°C<T<200°C

exp(-5.8+0.01T)
1+exp(-5.8+0.01T

“or _
£ {(—0.11‘ 'C+7.7){

}—0.0219} (200°C<T <800°C (2.5)

In these equations, f¢r is the residual compressive strength, sor is the compressive
strain corresponding to fcr after exposure to temperature T, f¢ and & are concrete

compressive strength and strain of peak stress at ambient temperature, respectively.

35



START

Cohumn exposed to fine
Etepl

Divide cross-section mio
3 mm = 50 pm elements

—
|
s |

et mean temperaiore at thEJ

center of sach element from
SAFIE.

Step 3 l

Verify SAFIF. Ondings
with fiarnace data

Step 4 l

Predict g-£ relationships from
Chang et al. [2008) mao<dsl for
unconfined concrets

S[EPS

[’mfr&angaal(‘ﬂﬂ-ﬂ]m&al

predictions with 50 mm = 50 mm
core sanples and use this mode] for

NO
s |

Use experimental g-¢ relationships
for umconfined comcrste  and
reinforcement TUss Mandsr et al.
(1985 model for confined concrete

Mlander et al (1988 madel
ﬁ:mnﬁmd :ﬂni:l:reteﬂsjnnduse Step 7| Obeain M-¢ relanonships Step B
) —_—
experimental g-¢ relationships =" throuzh fber analysis
for fire exposed remfoncement
Step E| Step C

Obtasin P-4 relationships

according fo Egs. (6-9)

Figure 2.17 : Calculation procedure for the prediction of post-fire seismic response

of the columns.

36



In order to verify the model (Chang et al., 2006), core specimens were drilled from the
undamaged parts of the tested columns after the seismic tests on the test days
corresponding to about the age of 60 days after the fire tests (approximately 16 months
after the production of the column specimens) (Figure 2.17 Step 5). Two single core
samples along the whole width and depth of each column with dimensions of 100
(diameter)x300 (height) mm were taken. Each sample was then divided into six
elements each having a height of 50 mm to correspond to mesh size in the cross-
sectional analysis. These core samples were then tested under uniaxial compression in
order to obtain their stress-strain relationships. The average compressive strengths of
the core samples, which corresponded to the compressive strength of the elements
located over distances of 50, 100 and 150 mm from the edge of the columns (Figure
2.18a), are given in Figure 2.19a. It should be noted that core compressive strengths
were converted to standard cylinder strengths with a conversion factor calculated
based on the ratio of cylinder to core compressive strengths obtained from unheated
specimens (i.e. 36.2/30.8 in Figure 2.19a). The predictions of Egs. (2.4 and 2.5) were
then validated by core strengths (converted to cylinder strengths) and cylinder strains
given in Figure 2.19a, and Figure 2.1, respectively with a reasonable agreement.
Therefore, model predictions obtained using Egs. (2.4-2.5) are used in the structural
analysis for defining unconfined concrete properties after fire exposure. The
unconfined and confined stress-strain relationships of the unheated and 90 minutes
heated elements used in the fiber analysis are given in Figures 2.19b and 2.19c,

respectively.

100 mm
200 mm
300mm

Figure 2.18 : Temperatures including cooling stages after a) 30 minutes, b) 60
minutes and ¢) 90 minutes.
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Figure 2.19 : a) compressive strength for cylinder and core samples, b) unconfined
concrete model and c) confined concrete model used in fiber analysis.

The monotonic stress-strain relationships for confined concrete in the fire exposed
columns are estimated based on the study by Mander et al. (1988). Besides, for fire
exposed columns, an elastoplastic steel stress-strain relationship with strain-hardening
is assumed in fiber analysis based on the actual uniaxial tension test results obtained

for the worst-case scenario (90 minutes of fire exposure) (Table 2.2, Figure 2.17 Step
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6). As aforementioned, only a slight variation in mechanical properties of reinforcing
bars was observed even after 90 minutes of fire exposure, which forms the idea behind
using the same mechanical properties for the specimens exposed to 30, 60 and 90

minutes of fire.

At the next step (Figure 2.17 Steps 7 and B), monotonic M-¢ relationships of the
column sections are obtained as shown in Figure 2.20 for the columns REF and 90m-
40c. The M-¢ analysis is terminated when the confined concrete reaches its ultimate
strain capacity. It is well-known that the plastic hinging starts after the maximum
moment capacity of the member section is reached (Figure 2.21). As shown in Figure
2.21, a potential plastic hinge is located at the lower part of the column, where the
plastic deformations are distributed. On the other hand, the upper part of the column
out of the plastic hinge length, which is assumed to remain elastic, is subdivided into
5 elements of equal heights so that the effective flexural stiffness of each piece can be
considered properly at each stage of loading. It should be noted that the rotations are

lumped at mid-height of each piece for calculation of lateral load-displacement

relationship.
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Figure 2.20 : Moment-curvature relationships for the columns REF and 90m-
40c.

The numerical P-4 relationship of the column is obtained based on M-¢ relationship
(Figure 2.17 Steps 8 and C). The tip displacement is the sum of the elastic displacement
(4e) and the plastic displacement (4p). The elastic displacement (4e) can be obtained
as follows: first, for each lateral load increment (P;), the bending moment values (M;)
on each piece are obtained using Eg. 2.6. In this equation, h; is the distance between
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the center of the respective piece and the tip of the column, where the lateral load is
applied (Figure 2.21).

M. =P-h (2.6)
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Figure 2.21 : The calculation of tip displacement for the columns.
Subsequently, the curvature value of each piece (¢i) is ascertained on the ascending
portion of the M-¢ curve corresponding to the respective bending moment M. Finally,

the displacement induced from the elastic part (4e) is calculated using Eq. (2.7). In this

equation, l; is the length of the respective part.

Mo

%= 1¢i Lhy (2.7)

The plastic displacement (4p) induced from the plastic hinge can be obtained using Eq.
(2.8).

o 2.8

4y = (4, =9, M, (1) (2.8)

The plastic hinge length (Ip) is obtained to be 303 mm using Eq. (2.9), which also
makes allowance for additional rotation at this zone resulting from strain penetration
of the longitudinal reinforcement into the footing (Priestley et al. 1996). In Eq. (2.9),
dy and fy are the diameter and the yield strength of the longitudinal bar, respectively.

|, =0.081 +0.022d, .f, 2.9)
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The numerically obtained monotonic P-A curve is assumed to be similar for both
pushing and pulling loading directions, and serves as the envelope for the hysteretic
response. The comparison of the numerical and experimental lateral load-displacement
relationships is presented in Figure 2.8. As seen in this figure, the predicted results are
in good agreement with the experimental results in terms of estimating the load bearing
capacity and deformability. As it is also evident from the figure, the use of the
conventional principles of structural mechanics used for unheated columns results in
reasonably overestimation of the stiffness of the columns. This may be due to the facts
that only flexural displacements are considered while shear and slip components of the
tip displacement are neglected. As aforementioned, the uniaxial monotonic concrete
model developed by Chang et al. (2006) is used for numerical analysis in this study.
According to the best literature survey of the authors, there is no cyclic concrete model
in the literature considering post-fire cooling. In case of fire exposure and particularly
after cooling, even the monotonic concrete models in the literature are extremely rare.
Although Chang et al. model does not account for any concrete damage due to cyclic
loading, usage of the model results in a reasonable prediction of lateral load capacity
and ductility of the tested columns. On the other hand, relatively lower accuracy of
predictions in terms of flexural stiffness of the columns can partly be stemming from
negligence of damage due to cyclic loading. Consideration of cyclic characteristics of
fire exposed concrete is a challenging issue and necessitates further studies.
Nevertheless, the conventional principles of structural mechanics used for unheated
columns can also be used for the columns exposed to fire in case the aforementioned

algorithm is followed.

2.7 Conclusions

This paper presents the seismic behavior of five full-scale reinforced concrete
columns after fire exposure. The parameters are the duration of fire and the thickness
of concrete cover. The following conclusions can be drawn from the observed
performances of the tested columns.

e The failure of the columns was dominated by flexural behavior characterized by
initial yielding of the longitudinal reinforcing bars followed by crushing of the
concrete cover. The lateral load capacities of the fire exposed columns were observed

to be lower than the reference column that was not exposed to fire. The average
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reductions in ultimate loads with respect to the reference column were found to be
13%, 19% and 19% for fire exposure durations of 30, 60 and 90 minutes, respectively.
Since the strength of the hot rolled reinforcing bars were mitigated after cooling, the
concrete residual properties were found to be the reason for the reduction in lateral
load capacity. Therefore, similar reductions in lateral load capacities were observed
for the columns subjected to 60 or 90 minutes of fire exposure, which had similar
residual stress-strain characteristics of concrete.

¢ The ductility of the columns was found to be similar to each other except the column
90m-40c in which higher yield displacement based on stiffness degradation resulted
with lower ductility. Nevertheless, ductility factors of all columns were larger than 3.5,
which implies satisfactory structural response in terms of ductility.

e The initial stiffness of the columns decreased with an increase in fire duration
because of concrete cracking resulting from the loss of tensile strength of concrete and
the formation of plastic hinges.

¢ The energy dissipation capacity of the columns decreased while the tendency of the
columns towards plastic deformation increased with an increase in fire duration.
eFor the columns subjected to the same fire exposure duration but with different
concrete cover thicknesses, it was observed that while the concrete cover thickness
does not have significant effect on lateral load capacity, it adversely effects the
stiffness of the column. The lower concrete cover thickness of the column 30m-25c
was responsible for the larger stiffness degradation than its counterpart, which in turn
caused an increase in Ay of the column leading to lower ductility. The thickness of
concrete cover did not significantly affect the residual displacement and energy
dissipation capacity.

¢ The proposed numerical model predicts the post-fire seismic behavior of reinforced
concrete columns in a reasonable manner.

Since limited test data are available, it is clear that further research is necessary for

generalizing the outcomes of the study.
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3. POST-FIRE SEISMIC PERFORMANCE OF PRECAST RC COLUMNS

3.1 Abstract

Quantifying the seismic resistance of reinforced concrete (RC) buildings after fire is
currently difficult because of the lack of information regarding their strength and
ductility under earthquake loads. In this study, four nearly full-scale, flexure-
controlled precast RC columns were subjected to a quasi-static reversed cyclic lateral
loading under constant axial load to examine the seismic response of precast RC
columns damaged by 30, 60 and 90 minutes of 1SO-834 fire. For the first time, the
impact of fire damage on force-displacement behavior, moment-curvature
relationship, stiffness, energy dissipation capacity, and residual displacements was
investigated through post-fire seismic tests. Test results clearly indicated that the fire
exposure did not remarkably influence the lateral load bearing capacity, failure modes,
and ductility of the columns with the exception of the specimen subjected to 90
minutes of fire. The analytical study consisting of thermal and fiber based structural
analysis demonstrated that, conventional principles of structural mechanics are valid
for estimation of the post-fire seismic behavior of precast RC columns in case the
deteriorations in materials are realistically taken into account and the given algorithm
is followed.

3.2 Introduction

Over the last few decades, precast structural members have been a product of choice
anywhere people need to rapidly build many homes and industrial facilities in the US
(New York Times, 2018). With this popularity, precast RC structural members widely
form structural systems of buildings in seismic zones of both developed and

developing countries.

This chapter is adopted from the journal paper: Demir, U., Green, M.F. and Ilki, A. (2020). Post-fire
seismic performance of precast RC columns. PCI Journal. DOI: 10.15554/pcij65.6-01.
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Generally, socket base connections are the simplest way to connect precast RC
columns to foundations, and are mostly used for low-rise buildings, bridge piers and
other light facilities (fib, 2004). In such column-to-foundation connections, the bottom
of the column is inserted into a RC hollow core body and grouted in place. Precast RC
columns are prominent load bearing members in frame buildings in the case of seismic
loading, and particularly in industrial facilities, lateral forces are resisted through
cantilever action of the precast RC columns. The majority of European industrial
facilities consist of precast RC frames and these structures have demonstrated poor
seismic behavior when connections were insufficiently detailed (Brunesi et al., 2015);
potentially threatening the life safety of occupants after an earthquake. When precast
RC structures have not been properly designed and constructed according to the valid
codes, serious damage, large lateral displacements, and total collapse have been
observed in previous earthquakes (Sezen and Whittaker, 2006; Brunesi et al., 2015).

Most building codes require that the RC structural members remain standing after a
fire event as well as after a design earthquake, in order to provide that occupants are
able to escape from the building and rescue operations can be conducted safely.
However, fire damage complicates the assessment of the seismic behavior of structural
members depending on the deterioration of the materials such as concrete and steel
reinforcement which is not generally taken into account during the design stage and is
of vital importance in terms of post-fire performance assessment. In post-fire
performance assessment, it should be decided to repair, strengthen, or demolish and
rebuild the entire structure considering service and earthquake loads during the
remaining service life of the structure. Furthermore, in addition to post-fire
performance assessment need in case of individual fires, structural fires may also occur
collectively because of earthquakes, and thus implicitly causing significant number of
casualties. The collective fires following the San Francisco 1906 and Tokyo 1923
earthquakes rank as the two largest urban fires in history and after these two major
earthquakes, fires caused about 150,000 people killed and over 150,000 buildings
destroyed (Scawthorn et al., 2005). It is noteworthy that severe earthquakes are
generally followed by aftershocks, and thus structures, which have been exposed to
collective fires, may be exposed to seismic actions again. The risk of aftershocks
following the main shock addresses the obvious need of a post-fire seismic
performance evaluation (Benichou et al., 2013). Therefore, this study is focused on

estimation of the post-fire seismic performance of flexure dominated precast RC
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columns which has not been investigated to date. Although behavior of cast-in-situ RC
columns under elevated temperatures have been extensively investigated under service
loads (Lie and Irwin, 1990; Franssen and Dotreppe, 2003; Tan and Yao, 2003;
Benichou et al., 2011; Khalig and Kodur, 2013), and under service loads combined
with uniaxial/biaxial bending after cooling (Lie et al., 1986; Jau and Huang, 2008;
Chen et al., 2009; Yaqub et al., 2013), experimental studies on the post-fire seismic
behavior of cast-in-place RC columns are extremely rare. Yakub and Bailey (2012)
and Bailey and Yakub (2012) described the results of an experimental study to
investigate the seismic performance of post-heated shear critical repaired RC columns.
A uniform temperature exposure was applied and the influence of fire damage on
hysteretic response was addressed in case of FRP retrofitting. It should be noted that
these studies considered the cast-in-situ RC columns with insufficient shear capacity
and focused on the retrofitting issues in order to enhance the lack of shear capacity
addressing sub-standard existing buildings. Benichou et al. (2013) presented the
results of a study on seismic resistance of FRP strengthened concrete members after
fire exposure. Two square and five circular RC columns with FRP confinement and
fire insulation were exposed to 4 hours of standard fire. Then, a pushover lateral load
was gradually applied. Since a specimen that has been exposed to fire was not available
in the study for the columns without FRP confinement, a simplified approximation
using ASFI method (Mostafaei and Hum, 2010) was employed to estimate the unfired
lateral load capacity of one of the columns. Furthermore, a numerical evaluation was
conducted using the structural analysis software SAFIR (Franssen and Gernay, 2017).
It was numerically reported that the bare (unconfined and 4h fire exposed) column
experienced a 55% reduction in its maximum lateral load capacity due to fire damage
and the maximum drift estimated for this column was 0.03 corresponding to about
200% increment in deformation capacity compared to reference specimen that was
kept at room temperature.

It should be noted that, according to the best knowledge of the authors, there is no
experimental study in the literature considering the post-fire seismic behavior of
flexure critical RC columns which are commonly used all over the world. Furthermore,
in terms of post-fire seismic behavior of precast RC columns, the current study is also
unique. With the above points in mind, the residual structural capacity of fire damaged
precast RC structures subjected to earthquakes is not well known, meaning that many

fire-damaged structures will need to be demolished after a fire even if it is not
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necessary (New York Times, 1997; Almand, 2013). The objective and novelty of the
current paper are to determine the post-fire seismic behavior of precast RC columns
and to have this knowledge serve as a basis for the development of safer and more cost
effective post-fire structural repair and remediation methods through enhanced post-

fire performance assessment.

3.3 Materials and Specimen Details

Four precast RC columns with 2800 mm (110.3 in.) height and 300 x 300 mm (11.8 x
11.8 in.) cross-sectional dimensions were manufactured. The precast columns were
then inserted into RC footing sockets. The embedded part of the columns within the
footings were 600 mm long with a gap of 25 mm on all sides. The outer dimensions of
the footings were 700 x 700 x 825 mm (27.6 x 27.6 x 32.5 in.). The 25 mm wide gap
between the column and the inner walls of the footing was then grouted in-situ. The
surfaces of the embedded parts of the precast columns and inner walls of the footing
socket were not subjected to any special treatment (Fig. 3.1). The ready-mixed
concrete used in the production of the specimens was provided by a private precast
company representing the common practice. The properties of concrete are given in
Table 3.1. Concrete contains 78% calcareous aggregates and concrete cylinder tests on
the 28" day gave a concrete compressive strength of 32.4 MPa (4.7 ksi). Columns were
fitted with 4 of 20 mm longitudinal steel deformed bars placed at the corners with a 50
mm (2 in.) concrete cover from the edge of the specimen to the center of the
longitudinal bar. These bars had a yield strength of 461 MPa (66.9 ksi). Lateral
reinforcement with a yield strength of 472 MPa (68.5 ksi) was provided in the form of
10 mm ties spaced at 100 mm (3.94 in.) spacing center-to-center. Along the top 600
mm (23.6 in.) length of the columns, ties were placed at a spacing of 75 mm (2.96 in.).
The ratio of the longitudinal and the lateral reinforcement of the columns at the core
concrete section, which were calculated according to Egs. (3.1, 3.2), are 2.5% and
0.7%, respectively. In these equations, pcc is the ratio of longitudinal steel, As is the
area of longitudinal steel, Acc is the area of core of section, ps is the ratio of lateral
reinforcement, Ao is the area of lateral reinforcement, s is the spacing of the lateral
reinforcement and dc is the concrete core dimension to center line of the perimeter
hoop. The seismic design of the specimens was accomplished in accordance with

Turkish seismic design code (2007). Socket foundations were overdesigned and
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insulated against fire. A commonly used cement based, non-shrink and expanding
grout (SikaGrout-214) was used to fill the gap between the column and the socket
foundation. At the age of 28 days, cube (70 mm) compressive strength of the grout

was 65 MPa whereas the flexural strength was obtained as 9 MPa.

As
Pcc = Ao (3.1)

ps = 2de (32)

Table 3.1 : Mix proportions and properties of concrete.

Material Weight
Portland cement-42.5R, kg/m?® (Ib/yd®) 300 (506)
Sand (0-4 mm), kg/m? (Ib/yd®) 920 (1551)
No | Aggregate (5-12 mm), kg/m?® (Ib/yd®) 507 (855)
No | Aggregate (12-22 mm), kg/m? (Ib/yd®) 490 (826)
Superplasticizer-Sikament 300, kg (Ib) 3.6 (7.9)
Water, kg/m? (Ib/yd®) 124 (209)
Slump, mm (in.) 200 (7.9)
28-day compressive strength, MPa (ksi) 32.4 (4.7)
Test day compressive strength, MPa (ksi) 36.2 (5.3)
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Figure 3.1 : a) longitudinal section of the specimens, b) transverse section of the
specimens, c¢) thermocouple locations. All dimensions are mm, 1 mm=0.0394 in.
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3.4 Fire Tests

The columns were cured under ambient temperature and humidity for 14 months
before being transported to the fire facility for the fire tests. Then, the fire tests were
carried out in Turkish Standard Institution (TSE) fire facility in Istanbul, Turkey. The
fire furnace had 3.2 x 4.0 m (10.5 x 13.1 ft.) dimensions in plan and 3 m (9.8 ft.) of
height (Figure 3.2). The furnace was consisted of aerated autoclaved concrete (AAC)
walls and slab. The heat was provided by a total of 8 gas burners, positioned on

opposite sides of the furnace.

Pressure adjustment cap

Figure 3.2 : Fire test furnace.

Furnace temperature was set in accordance with ISO (1999) standard fire during the
heating stage which is calculated using Eg. (3.3) where T is the furnace temperature in
°C(1°F=1°C x 1.8+ 32) and tis the time in minutes. After following the fire curve
for 30, 60 and 90 minutes, furnace was switched off and natural air cooling was
adopted until the specimens cooled down to room temperature (Figure 3.3). As shown
in Figure 3.3, the furnace was able to provide required performance in terms of
following the ISO time-temperature curve which is also quite similar to ASTM (2012)

fire curve.
T = 20 + 345log(8t + 1) (3.3)

The temperatures of concrete and reinforcement were monitored by a total of six K-
type NiCr-Ni thermocouples pre-embedded within each specimen during casting
(Figure 3.1). Thermocouples located at various locations of the furnace (Figure 3.2)

were used to measure the furnace temperature. After 30, 60 and 90 minutes of fire
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exposure, maximum furnace temperatures of 841, 945 and 1005 °C (1545, 1733, 1841
°F) were measured, respectively (Figure 3.3). In all fire tests, after about 10 minutes
of heating, vapor began to come out of the furnace and continued until the end of the
tests. No spalling sound was observed during the test of PC-30M specimen. However,
many irregular hairline cracks appeared on the concrete surfaces in this specimen after
heating. On the other hand, after 25 minutes of heating, minor spalling of few chunks
of concrete was observed in PC-60M specimen. Moreover, a great amount of spalling
occurred in PC-90M in the form of spalling of small concrete chunks. Since the fire

induced pore pressure increased, spalling was a larger factor for this specimen.
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Figure 3.3 : Time — temperature curves in the furnace during the fire tests and after
cooling (Note: 1 °F =1 °C x 1.8 + 32, “surface” is obtained from TCS5, “out” is
obtained from TC-2 and TC-3, “in” is obtained from TC1 and TC-4, “center” is

obtained from TC-6).

The appearance of the heated columns after cooling is shown in Figure 3.4. Because
of the dehydration, light grey formations were observed over concrete surfaces for PC-
30M and PC-60M specimens whereas the color of the column surfaces was yellowish
for PC-90M after heating. During the cooling stage, the temperature continued to rise
toward the center of the specimens up to around 5 hours depending on the duration of
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the fire exposure before it started to decrease at a slower rate until the heat balance was
achieved. After the first 30 minutes of cooling, furnace temperatures were decreased
to about half of the maximum temperatures where the cooling rate was reduced to
about 2 °C/min (67.6 °F/min) after the first half an hour. It should be noted that the

furnace door was kept closed about 24 hours after cooling has started.

b T A L 7

a) b) C)

Figure 3.4 : Post-cooling appearance of the columns a) PC-30M, b) PC-60M and c)
PC-90M.

3.5 Theoretical Post-fire Seismic Capacities

The impact of post-fire seismic loading on the precast RC columns was estimated
through combined thermal and structural modelling. At the thermal analysis stage,
SAFIR (Franssen and Gernay, 2017), a finite element analysis software was used to
determine cross-sectional thermal numerical evaluation over a quarter of the column
cross-section (Figure 3.5). The software assumes that heat is distributed in solid
structures essentially by conduction and at the boundary of the structure, heat is
exchanged with the environment by convection and radiation. For conduction in
concrete, heat exchange is based on Fourier equation expressed in Cartesian system of
coordinates as shown in Eq. (3.4) where {Xx, y, z} is the vector of Cartesian coordinates
(m), T is the temperature (K), k is the thermal conductivity (W/mK), Q is a term that
accounts for internal generation of heat (W/m?3), p is the specific mass (kg/m3), c is the
specific heat (J/kgK) and t is time (s). For convection and radiation acting over the

boundaries, heat exchange is evaluated using Egs. (3.5-3.6) where hc is the convective

50



heat flux between gas and solid (W/m?), h is the coefficient of convection (W/mzK),
Tgis the temperature of the gas (K), Ts is the temperature at the surface of the solid
(K), hr is the radiative heat flux emitted by a solid (W/m?), ¢ is the Stefan -Boltzman
constant (5.67 x 10-8 W/mK?*) and ¢ is the emissivity of the solid (-). The software first
extrapolates the temperatures from two previous time steps, t,.1 and tn, to a first
approximation at a given time t, + dt comprised between t, and tn+1 and then refines
this first approximation of the temperatures at t, + dt until thermal equilibrium is
restored.

TIME: 1800 s

732°C t0833°C
630 °C to 732 °C
529 °C t0 630 °C
427 °C to 529 °C
326 °C t0 426 °C
225°C t0326 °C
123°C t0225°C
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Figure 3.5 : Temperature distributions in fire tests obtained from SAFIR for a) 30
minutes, b) 60 minutes and c¢) 90 minutes (Note: 1 °F =1 °C x 1.8 + 32).

b)

In thermal modelling with SAFIR, column cross-sections were defined by 144 nodes
and 121 solid elements and then experimentally obtained time-temperature
relationships including cooling phase was defined to the fire exposed edges of the
section. Calcareous concrete and steel material properties were assigned to the

corresponding elements of the cross-section as given by Eurocodes (CEN, 2004). It
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should be noted that experimentally measured thermocouple readings (Figure 3.3)
were used to verify the findings of SAFIR (Figure 3.5), and findings of the SAFIR

were found to be satisfactory.

0 aT ad aT ad oT aT
e L e L R L R R (3.4)
he = h(Tg —T5) (3.5)
h, = oeT,* (3.6)

Thermal analysis results were then implemented into structural modelling to predicted
the post-fire lateral load-displacement response of the columns. The step-by-step

procedure of structural analysis is shown in Figure 3.6.

Start
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» L ]

Divide cross-secton into Use expenmental g-£ relationships
50 mm * 50 mm elements for unconfined concrete and
reinforcement. Use Mander et al.
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Figure 3.6 : Calculation procedure for the prediction of post-fire P-A relationships of
the columns.

The theoretical seismic responses of the fired and unfired columns are calculated
considering Moment (M)-Curvature (¢) relationships of the columns at the critical
sections based on fiber analysis approach and plastic hinge concept. The effect of axial

52



loading is considered in the fiber analysis. In the fiber analysis, RC column cross-
sections are divided into 36 finite elements each having dimensions of 50 x 50 mm (2
X 2 in.) as shown in Figure 3.7 (Figure 3.6 Step 1). Average temperatures for each
element, attained during the whole course of heating and cooling, are taken from
thermal analysis conducted by SAFIR which are verified by thermocouple readings
obtained from fire tests (Figures 3.3-3.5, Figure 3.6 Step 2). The average temperatures
for the elements are then interpolated based on the temperatures calculated along both
the diagonal section and symmetry axis of the section as shown in Figure 3.7 and as
similarly carried out by Mostafaei et al. (2009). Using the calculated temperatures,
residual stress-strain relationship for each of the finite elements are determined using
Egs. (3.7-3.8) as recommended by Chang et al. (2006) (Figure 3.6 Step 3). In these
equations, fcr and &or are the residual compressive strength and peak compressive
strain of concrete after exposure to temperature T, f¢ and &, are concrete compressive

strength and compressive peak strain at ambient temperature, respectively.

fler _ { 1.01 — 0.00055T (20°C < T < 200°C) }
f'e~ 11.15—=0.00125T (200°C < T < 800 °C)

1 (20°C < T <200°C)
Eor

—_ = P exp(—5.84+0.01T) o ) (38)
o {{(_0_1f _+77) [m] —0.0219} (200°C < T < 800 C)}

In order to verify the actual compressive strength of each finite element, concrete core
samples were taken from undamaged regions of the RC columns after the seismic tests
were carried out. A total of 2 single core samples along the whole width and depth of
each column were taken with dimensions of 100 (diameter) x 300 (height) mm (3.94
x 11.8 in.) and each sample was then divided into six parts each having a diameter of
100 mm (3.94 in.) and height of 50 mm (2 in.). These samples were tested under
uniaxial compression loads to verify the compressive strength of each fire exposed
concrete element given in Figure 3.7. Since measuring compressive strains over these
core samples would not be realistic due to the unconventional dimensions of the
samples, 150 x 300 mm (5.9 x 11.8 in.) standard cylinders were also subjected to the
same fire tests with the RC columns. Stress—strain behavior of these cylinder
specimens is obtained under uniaxial compression loads. The variations of stress-strain
relationships obtained from standard cylinder specimens after fire tests, and variations
of average compressive strengths of the cores and the cylinder samples are given in

Figure 3.8. In Figure 3.8, for instance, REF represents unheated specimen whereas C1-
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30M-1 represents the first cylinder specimen of the sample series exposed to 30
minutes (30M) of fire. Experimentally obtained compressive strengths and strains are
found to be in reasonable agreement with the analytically estimated model findings
estimated using Egs. (3.7-3.8). It should be noted that core compressive strengths were
converted to standard cylinder strengths with a conversion factor calculated based on
the ratio of cylinder to core compressive strengths obtained from unheated specimens
(i.e. 36.2/30.8 in Figure 3.8). Therefore, model predictions obtained using Egs. (3.7-
3.8) are used in the structural analysis for defining unconfined concrete properties after
fire exposure which were validated by core strengths (converted to cylinder strengths)
as given in Figure 3.8b and heated cylinder peak compressive strains given in Figure
3.8a. The stress-strain relationships used in the fiber analysis are given in Figures (3.8¢c
and 3.8d) for the unheated (unfired) and 90 minutes heated (fired) elements. Mander
et al. (1988) model is used for estimating confined concrete properties after fire
exposure and actual uniaxial tensile test results obtained from reinforcements are used
in the analysis (Figure 3.6 Step 4). For obtaining the mechanical properties of the
reinforcements, first, 300x300x500 mm RC specimens, which have the same
reinforcing scheme with the full-scale RC columns, were cast using the same concrete
batch. These specimens were then subjected to the same fire exposure with the full-
scale columns. Thereafter, the reinforcing bars were taken out after cooling, and then
subjected to uniaxial tension tests. The mechanical properties of the longitudinal ($20)
and transverse ($¢10) reinforcing bars under ambient temperatures, and after cooling
are presented in Table 3.2. It is also noteworthy that the average of 4 samples is given
in the table and it was observed that the differences of the tensile test results were

almost negligible (less than 5%).

Figure 3.7 : Maximum temperatures including cooling stages after a) 30 minutes, b)
60 minutes and c) 90 minutes.
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As seen in Table 3.2, there is no remarkable difference between the mechanical
properties of the unfired reinforcing bars and the reinforcing bars exposed to 90
minutes of fire (the most severe fire) since the measured maximum temperatures along
the reinforcements did not exceed 510°C during the fire tests including cooling phase
(Figure 3.3). The residual properties of the reinforcing bars are thus estimated to be
almost recovered for all fire exposure durations (30, 60 and 90 minutes) as
experimentally shown in this study (Table 3.2), and also reported in the literature in
these temperature ranges (Neves et al., 1996). It should be noted that, for the sake of
conservatism, the small difference between the residual properties of the fired and
unfired reinforcements was also considered in the fiber analysis and the test results of
90 minutes of fire exposed specimens were used in modelling all fire exposed
reinforcements (Figure 3.6 Step 4). Steel reinforcing bars were assumed to behave in
an elastoplastic manner with strain hardening in fiber the analysis. For the unfired
columns, the actual stress-strain relationships obtained from unheated cylinder
specimens (Figure 3.8) are used for defining unconfined concrete properties whereas
Mander et al. (1988) model is used for confined concrete (Figure 3.6 Step A). For the
reinforcement, experimentally obtained mechanical properties were used (Table 3.2).

Table 3.2 : Mechanical characteristics of reinforcing bars.

Reinforcing Fire fy gy Frnax Emax fu &y
bars exposure  MPa (ksi) MPa (ksi) MPa (ksi)
20 n/a 472 (68.5) 0.0023 569 (82.3) 0.0965 525(76.1) 0.15
10 n/a 483(70.1) 0.0025 557 (80.8) 0.0998 525(76.1) 0.10
20 90 min. 442 (64.1) 0.0024 549 (79.6) 0.0992 516 (74.8) 0.16
10 90 min. 457 (66.3) 0.0024 552 (80.1) 0.0992 522 (75.7) 0.11

Once the residual mechanical properties of the concrete and reinforcement were
determined, monotonic moment-curvature relationships for the columns are obtained
at the critical sections of each RC column through a fiber analysis approach using a
commercial software (Chadwell and Imbsen, 2004) for predicting the load—
displacement relationships (Figure 3.6 Step 5, Step B). Theoretically obtained
moment-curvature relationships for the columns PC-REF and PC-90M are given in
Figure 3.9.
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Figure 3.9 : Moment-curvature relationships for the columns PC-REF and PC-90M
(obtained through fiber analysis) (1kNm= 0.74 kips.ft, 1 m= 3.28 ft.).

The strains computed for unconfined concrete (extreme concrete compression fiber on
cover) (&), confined concrete (extreme concrete compression fiber on core) (ecc) and
longitudinal reinforcing bars in tension (es) corresponding to specific points on
moment-curvature relationships are shown in Table 3.3 (ie. for points corresponding
to yielding (A and C) and ultimate (B and D) curvatures where the analysis has
stopped). After obtaining the moment—curvature relationships, the total top
displacements of the columns are estimated considering the elastic and inelastic
deformations using the approximation defined by Paulay and Priestley (1992) for
prismatic RC cantilever columns (Figure 3.6 Step 6, Step C). The curvature
distribution at yield is adopted by linear approximation and can be estimated using Eq.
(3.9), where 4y is the yield displacement, ¢y is the yield curvature and | is the shear
span of the RC column. Assuming that the plastic rotations to be concentrated at mid-
height of the plastic hinge length (lp), the plastic displacement at the cantilever tip is
calculated using Egs. (3.10-3.12), where Oy is the plastic rotation along the equivalent
plastic hinge length and 4, is the plastic displacement. For the sake of simplicity, the
recommendation of Turkish seismic design code was utilized in the evaluation of the
plastic hinge length as half depth of the cross-section. Consequently, theoretically
obtained load—displacement relationships are compared to experimental behavior

which is discussed below.
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Table 3.3 : Theoretically obtained strains.
PC-REF PC-90M
Point A Point B Point C Point D
& 0.0011 0.006 0.0018 0.007
eec  0.0007 0.020° 0.0014 0.020°
e 0.0024% 0.083 0.0024% 0.072

a: yielding of reinforcing bar, b: crushing of core concrete

Ay = ¢y 1213 (3.9)

I, = hi2 (3.10)

0, = Pyl (3.11)

4, = 6,(1— 0.5L,) (3.12)

3.6 Seismic Tests

Seismic performance at different seismic displacement demands of the precast
cantilever columns considered in this study is expected to be larger due to higher
flexibility induced from higher inter-story height observed in industrial building
columns and relatively lower flexibility of supports compared to cast-in-situ columns.
Since this is the first study considering post-fire seismic behavior of precast RC
columns, there is an obvious need to better understand hysteretic response in order to
predict seismic performance at different seismic displacement demands for a
comprehensive post-fire structural performance estimation. By this way, hysteretic
models capable of representing all important phenomena related to deterioration
observed in experimental studies which are required in collapse assessment can be
developed. Therefore, to determine the seismic performance, after exposed to the
standard heating, all columns were transported to ITU Structural and Earthquake
Engineering Laboratory for seismic testing. Seismic tests were carried out under
constant axial loads with an axial force level of 315 kN (70.8 kips) and uni-axial lateral
load reversals. In Europe, the common practice in precast industrial buildings is to
keep normalized axial load level between 0.05-0.20 (Fischinger et al., 2014).
Therefore, in order to reflect the actual axial loads in practice, the axial load in the
presented study corresponded to 10% of the axial load bearing capacity which was
calculated using Egs. (3.13-3.14) where N is the applied axial load, Ng is the axial load

bearing capacity of the column considering only the contribution of the concrete, 7 is
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the mean compressive strength of the standard concrete cylinders around the testing
days and Ag is the gross cross-sectional area of the column.

n=N/N, (3.13)

No = f'cAy (3.14)
Seismic tests were carried out 75 days after fire tests corresponding to the approximate
date where the structural performance assessment procedure including the residual
structural analysis is completed. Figure 3.10a shows the seismic test setup. All
columns were fixed to a strong floor by 4 strong steel bolts of 32 mm (1.3 in.) diameter.
A hydraulic jack was used between the top of the columns and the steel frame to apply
axial loads and the load-cell was inserted between the jack and the loading beam to
measure the applied axial loads. Axial loads were applied by pinned connection
supported steel frame at the base fixed to the adaptor foundation by steel rods prior to
application of lateral loads simulating seismic loading. Cyclic lateral loads were
applied at the top of each specimen at 1900 mm (74.8 in.) height from the base by a
hydraulic actuator with a capacity of £250 kN (56.2 kips) and 300 mm (11.8 in.)
connected to a strong reaction wall. In order to monitor the lateral and longitudinal
displacements as well as rotations, numerous displacement transducers were installed
at various locations along the height of the columns as shown in Figure 3.10b. ACI-
374 (2013) lateral loading protocol was utilized in seismic tests (Figure 3.11). Target
drift ratios calculated as the ratio of the lateral displacement at the top of the specimen
to the specimen height, were 0.1, £0.25, £0.5, £1, 2, £3, +4, £5, +6, £7 and 8% in
pushing and pulling directions corresponding to top displacements of £1.9 mm (0.075
in.), £4.75 mm (0.19 in.), £9.5 mm (0.37 in.), £19 mm (0.75 in.), £38 mm (1.50 in.),
£57mm (2.24 in), £76 mm (3.0 in.), £95 mm (3.74 in.), £114 mm (4.49in.), £133 mm
(5.24in.) and £152 mm (5.98 in.), respectively. All displacement cycles were repeated

twice as recommended by ACI-374.
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Figure 3.10 : Seismic test set-up and arrangement of LVDTs (Note: 1 mm= 0.0394
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Figure 3.11 : Cyclic lateral loading protocol.

Lateral load-displacement hysteretic curves and their envelopes obtained for the tested
columns are shown in Figures (3.12 and 3.13), respectively, where P denotes applied
lateral load. In the figures, the negative drift ratios correspond to pushing direction
whereas the positive ones are the pulling direction values. Analytical modelling results
given in Figure 3.12 are good in predicting the lateral load-displacement behavior of
precast RC columns. In analytical evaluation, all of the specimens failed with the
crushing of the confined concrete since the buckling is not included in the fiber
analysis whereas in the experimentally obtained load-displacement curves, failure was

caused by the buckling of the longitudinal bars at further drifts (around 6% drift ratio).
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It is evident from the analytical findings of this study that, when the residual properties
after fire such as stress-strain behavior of concrete and reinforcement are realistically
taken into account, basic principles of the structural mechanics are also applicable in
the case of post-fire seismic performance assessment. As seen in Figure 3.12, all tested
columns reached to their theoretical capacities indicating that inelastic response of the
columns was ultimately dominated by flexure resulting with a ductile behavior. Peak
lateral loads were observed at around 2% drift ratio for the columns PC-REF and PC-
30M, whereas PC-60M and PC-90M columns reached their lateral load capacities at
around 3% drift ratio. Damages on the potential plastic hinge region of the columns
after reaching to their lateral load capacities at around 2% drift ratio and at the end of
the tests are shown in Figures (3.13 and 3.14), respectively. The columns exhibited
quite stable deterioration response up to a drift ratio around 6%, where buckling of the
longitudinal reinforcing bars led to subsequent failure and the strength of the columns
dropped following strength degradation. Mean values of pulling and pushing direction
peak loads given in Table 3.4 show that, for PC-30M and PC-60M, lateral load
capacities are not remarkably influenced by fire exposure whereas in PC-90M,
approximately 10% reduction in ultimate lateral load is observed. This can be
explained by more remarkable reduction in compressive strength for this specimen
leading to lower bending moment capacity thereby lower lateral load capacity with
respect to the other specimens. However, the reductions in lateral load capacities are
found to be lower than that of the compressive strengths. This can be explained by the
low axial loads (315 kN (70.8 kip)) applied during the seismic tests (usually
experienced in such kind of precast RC columns in practice as explained above) which
minimize the impact of compressive strength on the behavior as shown on axial load-
moment interaction diagrams (Figure 3.14). Theoretically obtained lateral load
capacities are in reasonable agreement with experimental peak lateral loads as shown
in Table 3.4 (less than 7% error).
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Figure 3.12 : Load-displacement curves of the columns (Note: 1 kN = 0.225 kip., 1

mm=0.0394 in.).
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Figure 3.13 : Envelope curves of the columns (Note: 1 kN = 0.225 kip., 1
mm=0.0394 in.).
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Figure 3.14 : Damage in the plastic hinge region after 2% drift a) PC-REF, b) PC-
30M, c) PC-60M, d) PC-90M.

Figure 3.15 : Damage in the plastic hinge region at the end of the test a) PC-REF, b)
PC-30M, c) PC-60M, d) PC-90M.
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Figure 3.16 : Axial load-moment interaction diagram for the columns (1 kN = 0.225
kip., 1kNm=0.74 Kips.ft.).
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Table 3.4 : Lateral load capacities and ductility parameters for the columns.
PC-REF PC-30M PC-60M PC-90M

Experimentally obtained Pmax (kN) 55.0 56.5 55.9 50.5
Theoretically obtained Pmax (KN) ~ 55.2 53.7 51.9 51.0

Ay (mm) 222 264 253 298
Ay (MM) 1249 1123 1424 1471
W 5.6 43 5.6 4.9

(Note: 1 kN = 0.225 kip., 1 mm = 0.0394 in.)

For comparison of the column performances in terms of sustaining their ductility,
displacement ductility factor (), which is the ratio of the ultimate displacement (4u)
to the yield displacement (4y) is calculated for each column as schematically shown in
Figure 3.17. Ultimate displacement is defined as the point on the post peak branch of
the average envelope curve (absolute average of pushing and pulling directions) where
the lateral strength is 80% of the maximum lateral strength (P = 0.8Pmax) as
recommended by previous researchers (Sheikh and Khoury, 1993; Sheikh and Yau,
2002; lacobucci et al., 2003; Memon and Sheikh, 2005). Yield displacement is also
obtained from the average envelope curve as the displacement corresponding to the
maximum lateral load (Pmax) On straight line joining origin and the point at 75% of the
peak load on ascending portion of the envelope curve (P=0.75Pmax) as recommended
by previous researchers (Paulay and Priestley, 1992). The ductility of the columns is
not found to be influenced from fire exposure up to 60 minutes, whereas the column
PC-90M exhibited around 13% ductility reduction with respect to the reference
column (Table 3.4).

Lateral load, P

0.8Pma:
) pa= Auldy
yele | =P AT
Cycle () Average envelope curve f‘ =P/ d;
N Ei= P/ Ar
" Ar K= (K =Ki)2
- i F= (Ares /i)

I Lateral displacement, 1  EDC= shaded area

Figure 3.17 : Definition of ductility parameters.

It should be noted that in PC-30M specimen, local defects close to the plastic hinge
region in concrete cover were observed after the fire tests. As shown in Figure 3.4,
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these fire induced vertical cracks (denoted as vertical black lines) advanced
remarkably at around 0.5% drift ratio (9.5 mm (0.37 in.) top displacement). This defect
caused premature spalling of concrete cover for this specimen which resulted with
relatively higher yield displacement (lower stiffness), lower ultimate displacement and
ductility factor. Even though fire exposure enhanced both of the yield and the ultimate
displacements of the fire exposed specimens, main deficiency related to the fire
damage occurred on ductility ratio of the column PC-90M since the enhancement in
yield displacement was more remarkable than that of the ultimate displacement.
Stiffness degradation of the column PC-90M induced from fire exposure, can be
accounted for higher yield and ultimate displacements. Nevertheless, previous
researches reported that the displacement ductility factors higher than 3.5 correspond
to a fully ductile response that can reasonably be achieved at carefully identified and
detailed inelastic regions (Paulay and Priestley, 1992). When this value (3.5) is
compared to the values given in Table 3.4, post-fire ductility of all columns appear
satisfactory in terms of structural response.

Concrete is known to be more porous and less stiff when exposed to elevated
temperatures. Therefore, loss of stiffness induced from fire exposure is a key parameter
to be considered in post-fire performance assessment of RC members. In order to
clarify the variation of secant stiffness after a fire, stiffness values of the columns are
evaluated from the maximum lateral load divided by the displacement at the peak of
each load cycle considering the mean value of pushing and pulling directions (denoted
as K in Figure 3.17). The variation of secant stiffness versus the horizontal
displacement is shown in Figure 3.18a. As seen in Figure 3.18a, the initial stiffness
values for the fire exposed columns were substantially lower than the PC-REF. The
reductions in initial stiffness were around 7%, 20% and 33% for the columns PC-30M,
PC-60M and PC-90M, respectively, compared to the column PC-REF. However, the
drop in stiffness degradation can be more pronounced in PC-REF compared to the
heated columns. New cracks initiated after imposing the cyclic loading for unheated
specimen (PC-REF), while fire induced existing cracks advanced for the fire exposed
columns. Therefore, slower rate of stiffness degradation was observed in fire exposed
specimens with respect to the reference one which is beneficial for precast RC columns
in order to compensate seismic actions since brittle failure regarding to sudden loss of
stiffness is eliminated. Fire exposure influenced the residual stiffness more remarkably

at smaller drift ratios whereas the stiffness of the columns was similar after around 2%
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drift ratio (around yielding). This can be explained with the fact that the structural
response is governed by concrete residual properties up to yielding, whereas after
yielding, reinforcement characteristics which have been restored after cooling are

more dominant.
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Figure 3.18 : a) Stiffness degradation, b) cumulative energy dissipation capacities

and c) residual displacement levels for the columns (LkNmm = 8.85 Ibf.in., LkNm=
0.74 Kkips.ft.).

The area enclosed by the first hysteretic loop of each target displacement is defined as
the energy dissipated by the columns which represents the ability to consume seismic
energy through the plastic deformations. Cumulative hysteretic energy dissipation
capacities of the columns (EDC), which is the summation of these areas (Figure 3.17),
are plotted versus increasing drift ratios (Figure 3.18b). The figure clearly indicates
that the lowest energy was dissipated by PC-90M due to the relatively lower lateral
load capacity while it was similar among the rest of the specimens. EDC of the
columns were similar up to 2% drift ratio (around yielding), whereas the increase rate
in EDC was found to be more accelerated for the columns other than PC-90M after
yielding. This can be attributed to the fact that after yielding, most of the energy was
consumed by the inelastic deformation of the columns including the formation of new
cracks and the yielding of reinforcing bars. EDC was reduced about 15% in PC-90M

at 7% drift with respect to PC-REF where the difference between the other specimens
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was less than 5%. No appreciable pinching was observed in the load-displacement
curves of the columns highlighting acceptable performance in terms of energy
dissipation.

Residual displacements are one of the most important parameters in terms of
measuring post-earthquake functionality and feasibility of repairing fire-damaged
structures. The residual plastic displacement ratios (r) of the columns are obtained by
dividing the residual lateral plastic displacements after unloading, when the applied
lateral load is zero (dres) to the specified peak displacement for each drift ratio (4un) in
pushing direction which is illustrated in Figure 3.17. The r values are given in Figure
3.18c with increasing drifts. As seen in this figure, after flexural yielding, the r values
are the lowest for the PC-90M, whereas it is similar for the rest of the columns
demonstrating more excessive permanent flexural damage associated with yielding of
the reinforcing bars in PC-90M (Goksu et al., 2014). The reason of lower residual
displacements for PC-90M can be attributed to potential deterioration in bond between
concrete and the reinforcing bars. The limited deterioration in bond can be validated
considering the good agreement in the theoretical and experimental test results as
shown in Figure 3.12 as well as the minor difference at residual displacements for all
specimens as seen in Figure 3.18c. At 7% drift, the ratio was around 0.65 for the
columns PC-REF, PC-30M and PC-60M specimens and around 0.6 for PC-90M
corresponding to around 10% reduction in plastic deformations for PC-90M with
respect to the other specimens. It should be noted that relatively lower residual
deformations observed in PC-90M can be deemed as a positive property under seismic
loads.

Base moment-average curvature relationships for the columns are presented in Figure
3.19. In the figure, negative values show the values of pushing direction, where the
positive ones correspond to pulling direction. The base moment was calculated by
multiplying the measured lateral load with the shear span of 1900 mm (74.8 in.)
extending between the acting point of the lateral load and the column-foundation
interface where the contribution of the axial load was also taken into account. The
curvature distributions of the columns are measured using displacement transducers
attached at the potential plastic hinge region over 0-20 mm (0-0.79 in.), 20-150 mm
(0.79-5.9 in.) and 150-300 mm (5.9-11.8 in.) heights above the column-foundation
interface (Figure 3.10b). Due to the low axial forces and closely spaced stirrups

providing effective confinement, large plastic rotations in plastic hinge regions are
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observed for all specimens. As depicted in Figure 3.19, the curvature was concentrated
mainly over a height of approximately 0-150 mm (0-5.9 in.) for PC-REF and PC-30M
which is the half depth (h/2) of the column cross section. This height was between 0-
300 mm (0-11.8 in.) for PC-60M and PC-90M corresponding to full depth (h) of the
column dimensions in loading direction, respectively. This behavior indicates that
flexural damage is distributed over a larger plastic hinge length for PC-60M and PC-
90M with respect to PC-REF and PC-30M specimens. This is attributed to the
considerable loss of concrete compressive strength with an increase in fire duration
which results with loss of axial load capacity and thereby an increase in axial load ratio
(applied axial load/axial load capacity). Besides, observation of formation of the
cracks during the cyclic loading demonstrated that, cracks were distributed over a
larger hinging zone with an increase in duration of fire. The widths and lengths of the
cracks were also smaller in fire exposed specimens pointing out the larger hinging
zone triggered by fire exposure (Figures 3.14 and 3.15). It should be noted that,
realistic determination of potential plastic hinge lengths of precast RC columns is of
vital importance within the context of post-fire seismic performance assessment of
existing buildings. The ratio of the plastic hinge length to the height of the column
decreases with an increasing shear span ratio of the precast RC columns (Fischinger et
al., 2008). However, there is no study demonstrating the influence of fire on plastic
hinge length of the precast RC columns. Hence, there is a strong need to more
experimental studies in order to clarify the plastic hinge length after fire damage. It
should be noted that no damage, or rotation of any socket foundations of the tested
columns were observed during the seismic tests, indicating that the socket foundations
provided substantial fixity at the base of the precast columns. Also, no cracks were
observed through the grout and thus seismic forces were resisted through the cantilever
action of the precast concrete columns resulted by rigid column-to-foundation
connection detail. Similar seismic behavior for precast concrete columns with socket
foundation was also reported by previous studies in terms of no grout damage even if
thicker grout thicknesses are used (Karadogan et al., 1997; fib-27, 2004; Skalko, 2013,
Magliulo et al., 2014).
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Figure 3.19 : Moment-average curvature relationships over a) 0-20 mm, b) 20-150
mm and c) 150-300 mm (Note: 1kNm= 0.74 kips.ft, 1 mm = 0.0394 in.).

Since precast/prestressed concrete began to emerge in the building marketplace over
the last decades, complying with fire resistance became a challenge for engineers in
terms of fitting into the prescriptive assembly descriptions of the current design codes,
so testing these assemblies became the common method for approval in practical
applications (Magliulo et al, 2014). Therefore, the presented experimental research
also serves as a basis for development of post-fire seismic resistance assessment
procedures for concrete assemblies that could possibly be included in existing
performance assessment guidelines. It should be noted that present study focuses on
columns of typical low-rise precast RC structures with low axial load (i.e. 10% of the
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axial load capacity) in which the effect of axial load on the behavior is quite limited.

Therefore, fire tests in this study were conducted without axial load. It should also be

noted that fire tests were executed without axial load by other researchers as well
(Yaqub and Bailey, 2012; Bailey and Yaqub, 2012).

3.7 Conclusions

Based on the experimental and analytical findings of the study that investigated the

post-fire seismic behavior of 4 full-scale precast RC columns, the following

conclusions are drawn.

All specimens reached their theoretical flexural yield capacity and none of the
specimens experienced shear failure or noticeable shear damage. The
analytical model was in reasonable agreement with the experimental results in
terms of predicting the lateral load-displacement envelope and the failure
mode. This indicates that basic principles of structural mechanics are
applicable in the case of post-fire seismic performance assessment when the
effect of fire on material characteristics is carefully considered.

Post-fire lateral load capacities were not considerably affected with an increase
in fire duration up to 60 minutes. For 90 minutes of fire exposure, about 10%
reduction in lateral load capacity of the column was observed. Concrete
residual properties were seemed to be the reason for the reduction in lateral
load capacity of this column. It is worth to note that typical low axial loads in
precast RC columns were observed to limit the influence of concrete
compressive strength loss on post-fire seismic behavior of the columns. The
reduction in lateral load for the column exposed to 90 minutes of fire also
caused a slight reduction on the energy dissipation capacity.

Ductility factors and lateral drift capacities of the columns were not remarkably
influenced from fire exposure up to 60 minutes and for the specimen subjected
to 90 minutes of fire exposure, ductility reduction was around 13% with respect
to the unfired column. This reduction is attributed to the non-proportional

increases of the yield and ultimate displacements during post-fire seismic tests
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which induced from reduced stiffness after fire. This slight reduction in
ductility can be expected for the tested precast RC columns with typical low
compressive axial force (as in practice), symmetric reinforcement and

considerable lateral confinement.

e Unlike the accumulation of plastic deformations within a height equal to half
depth of the column cross section from the column-footing interface in the case
of the reference specimen and 30 minutes of fire exposure, plastic deformations
were observed to be distributed within a height equal to around full depth of
the column cross section during post-fire seismic tests of 60 and 90 minutes

heated columns.

e The initial stiffness of the fire damaged specimens was reduced up to around
33% due to the existing cracks induced from fire exposure. Initial stiffness
reductions were almost proportional to the duration of the fire exposure. The
reductions in stiffness values were observed to be higher than the reductions in
the lateral load capacities. Fire exposure influenced the residual stiffness more
remarkably up to yielding since the structural response is governed by concrete
residual properties up to yielding, whereas after yielding, reinforcement

characteristics which have been restored after cooling are more dominant.
It should be noted that these conclusions are based on the results from the specific tests

that are presented in this paper. There is an obvious need for more experiments in order

to understand the behavior more generally.
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4. IMPACT OF TIME AFTER FIRE ON POST-FIRE SEISMIC BEHAVIOR
OF RC COLUMNS

4.1 Abstract

Autogenous recovery after fire exposure is known to be effective on the behavior of
reinforced concrete structural members. This is substantially attributed to the
variations on the residual mechanical properties of concrete as a function of time after
fire. For the first time, in this study, an experimental study was carried out to examine
the impact of time after fire on (i) post-fire behavior of small-scale specimens (cubes
and cylinders), (ii) seismic behavior of full-scale flexure-controlled reinforced
concrete columns. Outcomes of the post-fire seismic test results were investigated on
a total of four columns one of which was an unheated reference specimen, whereas the
other three were heated for 90 minutes following the 1ISO-834 fire curve. Seismic tests
were carried out on fire exposed columns 30, 60 or 360 days after fire exposure. The
test results indicated that 90 minutes of fire exposure caused a reduction in lateral load
capacity, ductility and stiffness of the columns with respect to the unheated column.
On the other hand, impact of time after fire exposure on residual lateral load capacity
and ductility of the columns was found to be limited while the column subjected to
seismic test 30 days after fire exposure exhibited less stiff behavior with respect to the
columns tested later. Furthermore, an analytical study is conducted for the prediction
of seismic behavior of reinforced concrete columns after fire exposure considering the
variations in residual properties of concrete by time, and the proposed model is found

to be in good agreement with the test results.

This chapter is adopted from the journal paper: Demir, U., Goksu, C., Binbir, E. and Ilki, A. (2020).
Impact of time after fire on post-fire seismic behavior of RC columns. Structures Journal 26, 537-548.
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4.2 Introduction

Reinforced concrete (RC) columns are known to lose a fair amount of compressive
strength and stiffness after being exposed to fire (Yaqub et al., 2013). However, the
loss of residual mechanical properties of concrete due to fire exposure is largely
recoverable in the long-term (Poon et al, 2001). Therefore, autogenous recovery of
concrete as a function of time after cooling is of paramount interest. Post-cooling
behavior of concrete can be separated into two stages (Ilki and Demir, 2019). At the
first stage, after cooling to ambient temperatures, it is observed that the compressive
strength and elastic modulus of concrete may be further reduced from its original
strength under high temperatures until a period of time because of continuing
disintegration of the microstructure in concrete. This first stage of post-fire cooling
period is reported to be approximately 30 days from the beginning of the cooling
(Harada et al., 1972, Papayianni and Valiasis, 1991). Because of the reaction between
the concrete and moisture in the air (needed for re-hydration of cement), after around
30 days, recovery in compressive strength begins referring to the second stage of
cooling period and concrete can recover up to 90% of its original strength in one year
after being subjected to temperatures of 500 °C (Lie, 1992). This is attributed to the
fact that capillaries initially filled by C-S-H gels are opened during fire exposure and
refilled by rehydration products due to the moisture in air owing to the carbonation
process (Poon et al, 2001). Hence, this rehydration process reduces the porosity of
concrete and results in strength recovery. However, there is not a consensus between
the reduction ratios in compressive strength depending on the time after fire due to the
fact that residual compressive strength after fire may be affected by various parameters
such as concrete composition, heating and cooling scenario, specimen size, axial
restraint. For instance, Harada et al. (1972) indicated that residual compressive
strength decreases up to 50% of the initial value 30 days after fire, and this reduction
ratio does not further vary until 60 days after fire exposure. On the other hand,
Papayianni and Valiasis (1991) mentioned that the compressive strength would reduce
to about 41% of the original value 30 days after being subjected to fire and then around
15% enhancement on compressive strength is expected for the next 30 days (at the age
of 60 days after fire, residual compressive strength ratio is about 48% of the original
value). Residual mechanical properties of reinforcement are also effective on the

behavior after fire. Cooling would often restore the material to its original state for
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temperatures up to 450 °C for cold work and 600 °C for hot rolled steel reinforcement
(Lie, 1992; Poon et al., 2001; Concrete Society, 2008) irrespective of time after fire.
As can be drawn from the findings of the literature review, the load-bearing capacity
of a structure tends to decrease after the maximum temperature is achieved, then
reaches to a minimum value, and finally recovers partially or completely after cooling
(Gernay and Franssen, 2015). These variations in load-bearing capacity due to the
thermal inertia and additional loss of material mechanical properties during cooling
stage, may result in structural failure during the cooling phase of a fire rather than
under elevated temperatures (Gernay and Dimia, 2011; Behnam, 2018; Lakhani and
Osbolt, 2019). This phenomenon is one of the major reasons that formed a motivation
for the present study.

In other respects, performance of any building subjected to fire should be inspected
considering probable future earthquakes in earthquake prone areas. Weaknesses in RC
structures arising from insufficient lateral load capacity and stiffness due to low
concrete compressive strength and substandard detailing of reinforcing bars, result
with vulnerable buildings during earthquakes (l1ki and Celep, 2012). Fire damage may
also cause inadequate concrete compressive strength even for well-engineered
structures, and can lead to vulnerable building classes as commonly exist in developing
countries. Keeping this issue in mind, post-fire seismic behavior of RC structural
elements designed according to current guidelines is simply unknown up to date.
Majority of the existing studies considered the behavior after cooling under only
service loads combined with uniaxial/biaxial bending (Lie et al., 1986; Jau and Huang,
2008; Chen et al., 2009), and the studies investigating fire-damaged RC columns under
seismic loading have not been extensive. Studies conducted by Yaqub and Bailey
(2012) and Bailey and Yaqub (2012) included seismic retrofitting of shear-critical RC
columns after fire exposure while Mostafaei (2013) pointed out hybrid fire testing
principles on a single high strength concrete column under monotonic lateral loading.
None of these studies considered the post-fire seismic behavior of conventional
flexure-controlled RC columns. Furthermore, impact of autogenous recovery in
concrete after fire on the post-fire seismic behavior of RC columns has not been
investigated yet neither for shear nor flexure-controlled columns. As mentioned above,
structural performance assessment of a fire-damaged structure may lead to misleading
results due to the reduction in compressive strength of concrete particularly in the

initial days after fire exposure. Therefore, this study presents the experimental findings
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on the effect of fire damage on seismic behavior of RC columns for the first time with
a particular focus on the impact of autogenous recovery of concrete with time after
cooling. In the scope of this study, uniaxial compression tests were carried out on
cylinder and cube specimens in order to determine the variation of compressive
strength depending on the time after fire. Also, four full-scale RC columns were
designed and constructed complying with the major design codes (e.g. ACI-318,
2014). The columns except the reference one, were exposed to 1ISO-834 (1SO, 1999)
standard fire for 90 minutes, and then kept in ambient conditions for 30, 60 or 360
days until the test day. The columns were then subjected to constant axial loads
combined with reversed cyclic lateral displacements simulating seismic loading. The
responses of the columns were analyzed in terms of lateral load-displacement
relationships, ductility and stiffness. However, the column tested 360 days after fire
experienced premature buckling of longitudinal bars due to concrete settling problems
during casting process and therefore, only the hysteretic response of this column was
given in the study, and it was excluded from further discussion. A combined thermal
and structural analysis was also conducted to predict the post-fire seismic response of
the columns considering the variations in mechanical properties of concrete by time
after fire. The results of the analytical work demonstrate that the generated algorithm
within the current study is in good agreement with the test results. Demonstrated
applicability of the given algorithm within the manuscript in terms of prediction of
post-fire seismic response considering the compressive strength variation with time,
may serve to the prediction of the response of the column tested 360 days after fire as

well.

4.3 Materials and Methods

4.3.1 Materials

The calcareous aggregate concrete mix-proportions of the specimens are presented in
Table 4.1. Three cylinder specimens of 150x300 mm size were also reserved for each
column to monitor the compressive strength of the columns at the time of seismic tests.
The mean unfired concrete compressive strength, obtained based on these cylinder
tests at around the age of 16 months corresponding to around 60 days after the fire
tests was around 36 MPa. The stress-strain relationships of the unfired specimens and
the specimens exposed to fire for 90 minutes are presented in Figure 4.1a, where for
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instance 90m-30d stands for the specimen exposed to 90 minutes of fire and tested 30
days after fire. As seen in this figure, the average concrete compressive strength of the
cylinder specimens (around 6 MPa) exposed to 90 minutes of fire was obtained to be
approximately 15% of that of the unfired specimen (36 MPa). Besides, compressive
strain corresponding to the peak compressive strength increased with fire exposure
while compressive strength decreased. In order to determine the variation of
compressive strength depending on the time after fire, 150x150x150 mm cube
specimens (three cubes for each series) were also tested under uniaxial compression.
These test results indicated that compressive strength of concrete used in the present
study is reduced up to 15 days after fire exposure and then, it reinstates original
strength after one year (Figure 4.1b). It should be noted that the increase in dilatancy
of the concrete due to heating increases the variability of axial strain measurements,
which indicates that non-homogeneities in the concrete are exacerbated by fire
exposure. Therefore, Figure 4.1a intentionally shows the trend in axial stress-strain
response after fire by selecting the traces best matching with the cube strength results.
This is because of improving clarity of the presentation in the paper. There is not a
consensus between the findings in the literature on post-fire compressive strength
variations in concrete with time after fire as aforementioned and the small-scale
compression tests in the present paper are intended only to bring this fact fore. For this
respect, rather than considering the experimental compression test results obtained in
the current study, the compression test results of Papayianni and Valiasis (1991) is
considered for the numerical work, where the compressive strength of concrete is

reduced.

Table 4.1 : Concrete mix-proportions.

Material \(/l\(/ge/'gg;
Cement (CEM 42.5 R) 300
Sand (0-4 mm) 920
No | Aggregate (5-12 mm) 507

No Il Aggregate (12-22 mm) 490
Superplasticizer (Sikament-300) 3.6
Water 124
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Figure 4.1 : a) Stress-strain relationships of cylinder specimens, b) strength
recovery with time in cube specimens. Note: Day 0 refers to the day of fire and after
fire exposure.

Four identical cantilever RC columns were cast with cross-sectional dimensions and
heights of 300300 mm and 1500 mm, respectively (Figure 4.2). Each column was
manufactured with an RC foundation block with dimensions of 700x700x500 mm that
was connected firmly to the strong floor during the seismic tests. Columns were
reinforced longitudinally with four 20 mm diameter deformed bars, which had a yield
strength of 461 MPa. Lateral reinforcement with a yield strength of 472 MPa was
provided in the form of 10 mm deformed bars spaced at 100 mm spacing center-to-
center. The concrete cover of 40 mm was designed to conform with the major building
fire codes (ACI 216, 1997; CEN, 2004; Turkish fire regulation, 2007). In order to
obtain the mechanical properties of the reinforcing bars, 300x300x500 mm RC
specimens were cast with the same concrete batch and reinforcing configuration with
the tested full-scale RC columns in this study. These specimens were also subjected to
the same fire exposure where the maximum temperatures along the reinforcing bars
did not exceed 580 °C. Then, reinforcing bars were taken out around the test day, and
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subjected to uniaxial tension test. The mechanical properties of the longitudinal
(diameter of 20 mm) and transverse (diameter of 10 mm) reinforcing bars under
ambient temperatures, and after cooling are presented in Table 4.2 where f, and &y are
the yield strength and strain, fmax and emax are the maximum strength and strain, f, and
&y are the ultimate strength and strain, respectively. As seen in Table 4.2, the residual
properties of the reinforcing bars are recovered as reported by Neves et al. (1996) in
this temperature range (up to 600 °C). The columns are designated as REF (the
reference column), 90m-30d (exposed to fire for 90 minutes and tested after 30 days)
and 90m-60d (exposed to fire for 90 minutes and tested after 60 days). The columns
were designed with a shear span-to-depth ratio of 4 resulting with a dominate flexure-
controlled failure mode while the foundations were overdesigned for eliminating the
possible effects of foundation on the behavior. It should be noted that the columns
were conditioned under ambient temperature (around 20 °C) and humidity (around
58%) in the laboratory environment for 14 months after casting until fire tests had been
executed. Thus, possible variations in mechanical properties of concrete due to aging
was eliminated and the required minimal conditioning duration between casting and
the fire test (at least 3 months) to prevent the concrete cover spalling was ensured as
recommended by the relevant codes (e.g. EN 1363-1, 2012).
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Figure 4.2 : a) Elevation view, b) Plan view and location of thermocouples. Note:
Dimensions are in mm.
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Table 4.2 : Mechanical properties of reinforcing bars.

Diameter of Fire fy &y fmax Emax fu &u
reinforcing  exposure  (MPa) (MPa) (MPa)
bar (mm)  (minutes)
20 - 472 0.0023 569 0.0965 525 0.15
10 - 483  0.0025 557 0.0998 525 0.10
20 90 442  0.0024 549 0.0992 516 0.16
10 90 457  0.0024 552 0.0992 522 0.11

4.3.2 Fire tests and thermal modelling

Three columns were exposed to I1ISO-834 standard fire for 90 minutes except the
insulated footings. The fire tests were carried out at a large-scale multipurpose test
chamber with 3.2 m in depthx4 m in widthx3 m in height (Figure 4.3). The fire furnace
is surrounded by aerated autoclaved concrete (AAC) walls and slabs. Heat was
provided by eight natural gas burners aligned within the furnace. Eight thermocouples
were utilized to measure the furnace temperature. In addition, for measuring the
concrete and reinforcing bar temperatures, a total of six thermocouples (type-K NiCr-
Ni) of 0.91 mm thick were installed at the mid-height of the cross section for each
column as shown in Figure 4.2b. Figure 4.4 shows the time-temperature curves in the
fire test. In Figure 4.4, temperature “surface” is obtained from TC6 over the surface of
the columns, temperature “out” is obtained from TC1 and TC3 over the outside of the
reinforcing bars, temperature “in” is obtained from TC2 and TC4 over the outside of
the reinforcing bars, and temperature “center” is obtained from TCS5, which is installed
at the center of the columns. Maximum temperature of 1005°C was measured in the
furnace, which was observed to be well-matching with 1SO-834 fire curve. Minor
spalling was occurred in the heated columns in the form of falling off small chunks of
concrete from the surface of the columns (Figure 4.5). When the furnace naturally
cooled down to room temperature with a cooling rate of around 0.5 °C/min (calculated
between the end of heating and being cooled down to the room temperature), the
columns were taken out of the furnace (around 24h after the end of the heating), and

stored in the laboratory for 30, 60 or 360 days until the time of the seismic tests.
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Figure 4.3 : a) Outside, b) inside view of the fire test furnace.

Thermal calculations were also executed for estimating the temperature distribution in
the quarter column sections throughout the fire test using a finite element software,
SAFIR (Franssen and Gernay, 2017) (Figure 4.4d). Calcareous concrete
(CALCONC_EN) and steel (STEELEC2_EN) material properties as given in
Eurocodes (CEN, 2004) were assigned to the corresponding elements of the cross-
sections of the columns. Heat transfer mechanism was determined with the assumption
that heat is distributed by conduction at the boundary of the cross section whereas it is
exchanged with the environment by convection and radiation. For conduction, heat
exchange is evaluated using Fourier heat transfer equation. For convection and
radiation, heat exchange is determined using Egs. (4.1 and 4.2) where hc is the
convective heat flux between gas and solid (W/m2), h is the coefficient of convection
(W/m2K), Tgqis the temperature of the gas (K), Ts is the temperature at the surface of
the solid (K), hr is the radiative heat flux emitted by a solid (W/m?), ¢ is the Stefan-
Boltzman constant (5.67 x 10-8 W/mK?), ¢ is the emissivity of the solid (-).

he = h(T, —Ts) (4.2)
h, = oeT,* (4.2)
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90m-30d and b) 90m-60d, c) cubes, d) temperature predictions with thermal
calculations.

Figure 4.5 : Comparison of column surfaces for a) unheated, b) heated columns.

433

Instrumentation, test setup, and loading procedure for seismic tests

Seismic tests were executed 30, 60 or 360 days after the fire tests under constant axial
load of 630 kN corresponding to 0.2f cAq where f¢ is the compressive strength of

unfired concrete at the day of seismic test, and Aq is the gross cross-sectional area of

the columns representing common column axial loads in mid-rise RC structures.
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Repeated lateral displacement reversals were applied 1200 mm above the column-
footing interface using an MTS actuator with a capacity of +250 kN, £300 mm which
was connected to a strong reaction wall. The seismic test setup is shown in Figure 4.6.
All columns were fixed to a strong floor by 4 strong steel bolts of 32 mm diameter. A
hydraulic jack was utilized between the top of the columns and a steel loading beam
to apply the axial load. The beam was pin supported at the base. A load-cell was used
between the jack and the loading beam to measure the applied axial load. As shown in
Figure 4.6b, in order to monitor the lateral and longitudinal displacements as well as
rotations, numerous displacement transducers were installed at various locations along
the height of the columns. It should be noted that out-of-plane tip displacements and
rotations in foundation blocks were observed to be negligible. ACI-374 (ACI, 2013)
displacement-controlled lateral loading protocol, which is based on yield drift ratios

obtained from section analysis, was used in simulating seismic loading as shown in

Figure 4.6¢.
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Figure 4.6 : a) Seismic test set-up, b) arrangement of LVDTSs, c) loading protocol.
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4.4 Prediction of Post-Fire Seismic Response

Seismic responses of the columns are estimated through a combined thermal and
structural modelling. As abovementioned, thermal analysis is conducted using SAFIR
software in order to obtain the temperature gradients at various depths in the heated
column sections. SAFIR is capable of sequential modelling of the thermal and
structural behavior for RC structural members. However, in the presented study, only
the thermal behavior (i.e. temperature gradients during the heating and cooling phases)

is estimated using SAFIR, while the structural response is determined using
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conventional RC theory as defined below. Such way of analysis is preferred in order
to investigate the applicability of the conventional theory in case of post-fire seismic
actions which may be more practical for the researchers in earthquake engineering
area. Furthermore, residual material properties of concrete in SAFIR is considered
based on Eurocode approach in which the reductions after fire (i.e. in compressive
strength of concrete) are taken into account while the strength gain during cooling

phase is neglected. Strength gain with time is also considered in the present study.
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Figure 4.7 : Calculation procedure of the prediction of post-fire seismic response of
the columns.

The average temperatures for the elements are evaluated based on the temperatures
calculated along both the diagonal and symmetry axis of the section as shown in Figure

4.8 (Step 1). The results estimated from thermal analysis (Figures 4.4a, 4.4b) were first
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compared to the experimentally obtained thermocouple readings (Figure 4.4d). The
comparison of the temperatures showed reasonable agreement. For example, the
average temperature on outer 50 mm zone of the cross-section was estimated to be 736
°C from thermal analysis (Figure 4.8), while it was obtained to be around 700 °C from
thermocouple readings. Using the estimated maximum temperatures in the cross-
section using thermal analysis results (Step 2), residual stress-strain relationship and
elastic modulus for each of the elements are determined using Egs. (4.3-4.5) as
recommended by Chang et al. (2006) (Step 3). In these equations, fcr and &0t are the
residual compressive strength and peak compressive strain of concrete after exposure
to temperature T, f'c and &, are concrete compressive strength and compressive peak
strain at ambient temperature, respectively, where the Ecrand Ec are the residual elastic
modulus after fire and under ambient case, respectively. The theoretical seismic
responses of the unheated and fire exposed columns are then calculated considering
Moment (M)-Curvature (¢) relationships of the columns at the critical sections based
on plastic hinge concept (Step 4, Step A). The calculated M-¢ relationships for the

columns are shown in Figure 4.9.
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Figure 4.8 : Maximum temperatures including cooling stages after 90 minutes of
fire. Note: Dimensions are mm.
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Figure 4.9 : Calculated moment-curvature relationships for the columns.

Chang et al. (2006) mentioned that the model is based on the cylinder tests executed
30 days after heat exposure. Therefore, for the M-¢ analysis of the column 90m-30d,
the compressive strength and elastic modulus of concrete are calculated with reference
to this model. Besides, Harada et al. (1972) indicated that compressive strength of
concrete does not vary between 30 and 60 days after fire exposure whereas Papayianni
and Valiasis (1991) mentioned that compressive strength of concrete at the age of 60
days after fire exposure is expected to be around 15% higher than that of after 30 days
(Table 4.3). Experimental results shown in Table 4.3 demonstrate that the difference
in compressive strengths between 30 and 60 days after fire is around 8%. In the M-¢
analysis, compressive strength of concrete of the column 90m-60d is assumed to be
15% higher than that of the column 90m-30d with reference to the study conducted by
Papayianni and Valiasis (1991). It should be noted that as seen in Figure 4.10, Harada
etal. (1972) and Papayianni and Valiasis (1991) reported that the trend in strength loss
up to first month (between point A and B) and strength gain after this duration
(between point B and C) does not vary remarkably with the variations in temperatures.
Therefore, the relationship between temperature and time after fire may not be as
critical as expected. On the other hand, according to the literature survey of the
authors, there is no study revealing the variation in residual elastic modulus of concrete
depending on the time after fire exposure in the studied temperature range. However,
Mostafaei et al. (2010) indicated that, after fire exposure, there is a linear relationship
between the elastic modulus and compressive strength of concrete irrespective of time
after fire as shown in Eq. (4.6) where, Eor is the residual elastic modulus after exposure
to temperature T, f ¢7 is the residual compressive strength of concrete after exposure to

temperature T, and eor is residual peak compressive strain after exposure to
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temperature T. Therefore, similar to residual compressive strength, elastic modulus of
concrete in the present study is assumed to increase by 15% for the column 90m-60d

with respect to the column 90m-30d.

Eor = [ler (4.6)

2801

Mander et al. (1988) model is used for estimating confined concrete properties after
fire exposure and actual uniaxial tensile test results obtained from reinforcements are
used in the analysis (Table 4.2). Steel reinforcing bars were assumed to behave in an
elastoplastic manner with strain hardening in M-¢ analysis. For the unheated column,
the actual stress-strain relationships obtained from unheated cylinder specimens
(Figure 4.1) are used for defining unconfined concrete properties whereas Mander et
al. (1988) model is used for confined concrete.

Table 4.3 : Variation in residual compressive strength of concrete with time after
fire.

Residual compressive strength (%)

Days Experimental? Ha(riig;ize)tbal. Papaylarzgg gg;ﬂCVallasw
1 - 0.60 0.50
3 0.57 - -
7 0.47 - 0.45
15 0.43 - -
30 0.68 0.50 0.41
60 0.74 0.50 0.48
90 - - 0.55
360 1.06 0.90 -

2150x150x150 cube, calcareous, w/c: 0.42, ISO-834 standard fire curve is followed for 90 minutes
®50%100 cylinder, siliceous, wic: 0.60, heating rate 1.5 °C/min, temperature kept constant for 1
hour after 400 °C furnace temperature is reached

©150x%300 cylinder, calcareous, w/c: 0.65, heating rate 20 °C/min, temperature kept constant until
3 hours heating after 400 °C furnace temperature is reached
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Figure 4.10 : Strength recovery of heated concrete. Note: 4 refers to Harada et al.
(1972) and Papayianni and Valiasis (1991), respectively.

After obtaining the M-¢ relationships, the total top displacements of the columns are
estimated considering the elastic and inelastic deformations using the definition given
by Paulay and Priestley (1992) for RC columns in which the displacement ductility for
a cantilever column is defined as the ratio of total lateral tip deflection of the column
(4) to the yield displacement (4y) (Step 5, Step B). In this definition, yield
displacement is assumed to occur simultaneously with the yield curvature at the base
of the column. The curvature distribution at yield is adopted by linear approximation
and can be estimated using Eq. (4.7), where ¢y is the yield curvature and I is the shear
span of the RC column. Yield curvature is estimated defining the slope of the elastic
portion of the equivalent M-¢ relationships estimated from section analysis, by the
secant stiffness at first yield. Assuming that the plastic rotations to be concentrated at
mid-height of the plastic hinge length (lp), the plastic displacement at the cantilever tip
is calculated using Eqgs. (4.8-4.10), where 6 is the plastic rotation along the equivalent
plastic hinge length and 4, is the plastic displacement. The recommendation of Turkish
Building Earthquake Code (TBEC) (2018) was used in the evaluation of the plastic
hinge length as half depth of the cross-section. Consequently, theoretically obtained
load—displacement relationships are compared with respect to the experimental
behavior.
4y, = ¢y, 1?/3 4.7
L, = hl2 (4.8)
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6, = by, (4.9)
A, = 6,(1—0.5L,) (4.10)

As seen in Figure 4.11, the predicted results match well with the experimental results
in terms of load bearing capacity and deformability whereas the stiffness values of the
columns are overestimated. This may be attributed to the fact that only flexural
displacements are considered while other components of the tip displacements (i.e.
strain penetration) are neglected in the theoretical calculations which necessitates more
experimental work on this issue. Some variations in assumptions in the present paper
would be tolerated in case the given algorithm is followed in most conditions.
However, there is also need for further studies under different conditions to generalize

the procedure to a wide range of structural members.

4.5 Experimental Results

The seismic responses of the columns are analyzed in terms of their hysteretic
behavior. The test data for the hysteretic responses and their envelopes on lateral load
versus lateral displacement of the columns are plotted in Figures (4.11 and 4.12a),
respectively. Envelopes of the numerical work is shown in Figure 4.12b. Only the first
cycle of each lateral load-displacement relationship was considered while developing
the envelope curves of the hysteretic response. Important stages such as cracking,
crushing of cover and core concrete, and buckling of the reinforcement are
symbolically marked on the plots to aid interpretation. During the tests, all columns
exhibited a behavior ultimately dominated by flexure and experienced the peak lateral
load at around 2% drift ratio (the ratio of the top displacement (4) to the shear span
() regardless of fire exposure. The maximum lateral load capacities in pushing and
pulling directions as well as failure drift ratios corresponding to the failure (80% of
the peak lateral strength on the descending branch of the load-displacement response)
of the columns are shown in Table 4.4. As seen in this table, the residual lateral load
capacities of the fire exposed columns are quite similar, and the peak lateral loads of
these columns are approximately 20% lower than that of the column REF. Since the
reinforcement reinstated the unheated mechanical properties after cooling, fire induced
lateral load capacity reductions can be attributed to the loss of compressive strength in

concrete resulting with a lower bending moment capacity and, thereby, lower lateral
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load capacity (Figure 4.12c). The similarity of the residual lateral load capacities of
the heated columns can be explained by the fact that although the compressive strength
of concrete 60 days after fire was improved around 15% with respect to that of after
30 days, the increase in compressive strengths between 30 and 60 days was only
around 3 MPa. Therefore, the difference between the lateral load capacities of the
columns tested 30 or 60 days after fire exposure remained marginal. On the other hand,
contribution of the reinforcement governs the behavior after elastic region (at around
peak lateral load) which minimize the impact of autogenous recovery in compressive
strength on the post fire seismic behavior as well. For better comparison of the column
performances in terms of ductility, displacement ductility factors (L), the ratio of the
ultimate displacement (4,) to the yield displacement (4y), are calculated. Yielding and
ultimate displacements are evaluated on the average envelope curves (absolute average
of pushing and pulling directions) as shown in Figure 4.13, and corresponding ductility

factors of the columns are listed in Table 4.4.
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Figure 4.11 : Experimental and theoretical lateral load-displacement relationships.
Note: the column 90m-360d experienced premature buckling of longitudinal bars due
to concrete settling problems during casting process.
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Figure 4.12 : a) Envelopes of hysteretic curves, b) envelopes of numerical work
and c) axial load-moment interaction diagrams for the columns. Note: A, B and C
correspond to 116.5 kNm, 120.6 KNm and 136.1 KNm, respectively.

As seen in Figure 4.13, 4y corresponds to the maximum lateral load on straight line
joining origin and the point at 65% of the peak lateral load on ascending portion of the
average envelope curve, and 4, is the displacement on 80% of the peak load on
descending portion of the average envelope curve as defined by lacobucci et al. (2003).
As seen in Table 4.4, yield displacements increased with fire exposure, while the
ultimate displacements were not remarkably influenced. The fire induced stiffness
degradation is responsible on the increment in the yield displacements. Besides, the
mechanical properties of the reinforcing bars reinstated after fire (Table 4.2), and the
ultimate displacements are controlled by buckling of the rebars (Figure 4.11) resulting
in similar ultimate displacements after fire exposure. This phenomenon resulted with
approximately 20% reduction in displacement ductility factors for the heated columns
irrespective of time after fire. On the other hand, since the increase in compressive
strengths of the concrete between 30 and 60 days was limited, there is no remarkable
influence of time after fire on ductility of the columns. Despite this fact, post-fire
ductility factors of heated columns appear satisfactory in terms of structural response

since the displacement ductility factors higher than 3.5 usually correspond to a fully
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ductile response as stated by Paulay and Priestley (1992). ASCE 41 (2017) defines
acceptance criteria for RC columns corresponding to related performance levels. These
criteria are based on plastic rotations depending on the axial load and lateral
reinforcement ratio of the columns as well as failure modes (i.e. condition i for flexural
failure). For example, the drift ratio limits for 10, LS and CP performance levels for
the unheated column are around 0.6%, 2.1% and 2.9%, respectively. These limits are
lowered for the heated columns due to the fire-induced reduction in compressive
strength, which results in an increase in axial load ratio. The increasing axial load ratios
lead to lower plastic rotations, and thereby, results in lower drift limits according to
ASCE 41 (2017). Nevertheless, the tests in the present study were terminated at around
6% drift ratio. Thus, all the limits defined in the ASCE guideline were covered in the

applied loading protocol.

Table 4.4 : Experimental and theoretical lateral load-displacement results.

Failure Experimental Experimental ~ Theoretical
. ok lateral load lateral load lateral load 4y 4y
Specimen  drift itvwhil itv whil . L
(%) capacity while capacity while capacity (mm) (mm)
pushing (kN) pulling (kN) (KN)
REF 6.1 120.7 121.7 113.4 149 73.0 49
90m-30d 5.9 98.8 95.1 97.1 18.2 713 3.9
90m-60d 5.9 98.7 98.0 100.5 179 705 3.9

*drift corresponding to 0.80Pmax in Fig. 10
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Figure 4.13 : Definition of ductility parameters.

The secant stiffness (K) is computed as the ratio of the maximum lateral load in the
first loop within each cycle (P;) to the displacement at the peak of each loading cycle
(45), and pursuing, the average values of the stiffness in pushing (Ki) and pulling (K;*)

directions are considered (Figure 4.13). Loss of elastic modulus in elastic region and
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tensile strength after cracking due to the fire exposure, leads to a decrease in stiffness
of the fire exposed columns with respect to the unheated column (Figure 4.14). In
addition, as can be seen in Figure 4.14, the main impact of time after fire is observed
on post-fire stiffness properties, particularly, at earlier stages of cyclic loading. The
column 90m-60d, which was subjected to seismic test 60 days after fire exposure,
exhibited around 10% more stiff behavior compared to the column 90m-30d. This can
be attributed to the autogenous recovery of compressive strength and modulus of
elasticity of concrete in a higher ratio for the column 90m-60d compared to the column
90m-30d. It should also be noted that the ratio of decrease in stiffness is greater than
the ratio of the reduction in lateral load capacity with fire exposure. For instance, for
the column 90m-60d, the decrease in K during initial stage of loading is around 40%
while the reduction in lateral load capacity is around 20% with respect to the unheated
column. This is attributed to the fact that the modulus of elasticity and tensile strength
of concrete is more sensitive to fire exposure than compressive strength of concrete as
stated in the study of Ni and Birely (2018). The variation between the stiffness values
of the columns became comparatively less after the drift ratio of 2% (24 mm
displacement, around yielding) since the reinforcement which is reinstated after
cooling is more dominant on the behavior after yielding.

16

14 J --o--REF

o | - = -90m-30d
210 4\ —+—90m-60d

4
Drift ratio (%)

Figure 4.14 : Stiffness degradations.

The appearance of the columns at a drift ratio of 2% (around yielding) and 4% (prior
to initiation of buckling of reinforcing bars) are shown in Figures (4.15 and 4.16). The
damage progression of the columns throughout the test is tabulated in Table 4.5. The
first signs of distress in the tested columns were the initial flexural cracks in the cover
concrete which were first observed at a drift ratio around 0.5% (6 mm displacement)

within the potential hinging zone. This was followed by yielding of the longitudinal
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reinforcing bars and crushing of the cover concrete sequentially at around 2% drift
ratio. Then, spalling of the cover concrete, and eventually, buckling of the longitudinal
bars were observed. Damage was extended upwards and distributed along a higher
portion of the columns with fire exposure while the maximum crack widths reduced
with respect to the unheated reference column. In other words, hinging zone is
observed to be elongated with fire exposure which is attributed to the increase in axial
load ratio (applied axial load/axial load capacity) resulted from the loss of compressive

strength of concrete due to fire exposure.

Table 4.5 : Drift ratios (%) for different damage states.

Failure mechanisms REF 90m-30d 90m-60d
First flexural crack 0.5 0.5 0.5
Crushing of concrete cover 2 2 2
Spalling of concrete cover 4 3 3
Buckling of reinforcing bar 6 5 5

Figure 4.15 : Seismic damages of the columns a) REF, b) 90m-30d, ¢) 90m-60d
after 2% drift ratio.

b) | 0)
Figure 4.16 : Seismic damages of the columns a) REF, b) 90m-30d, ¢) 90m-60d
after 4% drift ratio.
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A critical parameter that should be investigated is the impact of axial loading in the
fire test. Compressive strength tests on concrete after exposing to elevated
temperatures demonstrated that the axial loading in fire tests results in an improved
residual behavior compared to the unstressed residual tests (Malhotra, 1956; Abrams,
1971; Harada et al., 1972; Papayianni and Valiasis, 1991). Moreover, presence of a
compressive axial load in fire test increases the fire resistance of RC columns (Salse
and Lin, 1976). Therefore, the absence of axial loading in fire tests results in a worst-
case scenario compared to the presence of axial restraint which may be beneficial for
design concerns and practical applications (Bisby et al., 2011; Yaqub and Bailey,
2012). As a result, the presented tests should be considered as a worst-case scenario.

4.6 Conclusions

This paper investigates the impact of time after fire exposure on seismic behavior of
full-scale RC columns. The following conclusions can be drawn from the experimental
and analytical campaign.

e Average concrete compressive strength of the heated columns was reduced to
around half of the original strength (lower in the surface, higher towards
center). This significant loss in concrete compressive strength caused
considerable reduction (up to 20%) in lateral load capacities of the fire exposed
columns with respect to their unfired counterpart irrespective of time after fire
exposure since the mechanical properties of the reinforcing bars recovered after
cooling.

e The difference between the lateral load capacities of the columns tested 30 or
60 days after fire was marginal due to the insignificant variation of the concrete
compressive strength during this period.

e Stiffness of the columns decreased with fire exposure due to the decrease in
elastic modulus and tensile strength of concrete after fire exposure.

e Longer the time after fire, higher is the stiffness of the columns due to the
autogenous recovery in compression and tensile strength as well as elastic
modulus of concrete with time after fire.

e Ultimate displacements were achieved at around 6% drift ratio, where
noticeable buckling of longitudinal reinforcement was observed irrespective of

fire exposure. Since the mechanical properties of the reinforcing bars were
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recovered after fire, exposure to fire did not affect the ultimate displacements
of the columns remarkably.

e Reduction in elastic modulus of concrete due to the fire exposure caused a
degradation in flexural rigidity of the columns. As a consequence, yield
displacements were increased with fire exposure and thus, ductility factors of
the heated columns which were defined as the ratio of the ultimate
displacement to the yield displacement, reduced by 20% of that of the initial
ductility irrespective of time after fire. Nevertheless, ductility factors of all
columns are larger than 3.5, which points out to a satisfactory ductility
performance even after fire.

e The suggested numerical procedure, which considers the estimations for
thermal gradients, concrete residual properties, and assumes an increase in
concrete compressive strength and elastic modulus as a function of time after
fire, is in good agreement with the test results in terms of prediction of residual
lateral load capacity and ductility.

e The impact of axial loading during the fire tests was not considered herein to
represent a worst-case scenario in the present paper. This impact should be
further investigated as well as the other parameters which can be influential in
the long-term (i.e. concrete mix, compressive strength and cover). Moreover,
the impact of time after fire on seismic behavior of RC columns should be
investigated in the long term (i.e. after 360 days).

There is a need of more research for further understanding the behavior and

generalizing the outcomes of the present work.
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5. CONCLUSIONS

In the scope of the thesis, standard fire tests and subsequent seismic tests were

conducted for RC cast-in-situ and precast columns.

The first series columns comprised of five full-scale, cast-in-situ RC columns. One of
these columns was kept unheated while the other four were exposed to fire following
ISO-834 standard fire curve for 30, 60 and 90 minutes. The columns were designed to
comply with current seismic and fire design codes in terms of concrete cover (i.e. 40
mm) except for the one which was exposed to 30 minutes of fire with a concrete cover
of 25 mm. In the second series specimens, the impact of fire severity (30, 60 or 90
minutes of fire exposure) on post-fire seismic behavior of precast columns is
investigated through four full-scale columns. The columns were cast and inserted into
socket foundations filling the column-foundation interface with repair mortar to
represent the common practice. The third series columns are comprised of four RC
columns in order to investigate the impact of time after fire (30, 60 or 360 days) on
post-fire seismic behavior of RC columns. Furthermore, a numerical model was
developed for tracing the seismic response of RC columns after realistic fire exposure
conditions. The model is based on a finite element approach and temperature
dependent material properties. The critical factors, namely, different exposure
conditions and high temperature material properties that have significant influence on
the fire response of RC columns, are accounted for in the analysis. The validated model
can reasonably predict the thermal and structural response of an RC column from a

fire exposure as well as said columns residual seismic capacity after cooling.

Based on the information presented in this study, the following key conclusions are

drawn:

e There is almost no information on the post-fire seismic performance of RC

columns, especially under design fire scenarios. Also, to date, there is no
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rational approach in determining the residual seismic capacity of RC columns
after exposure to fire.

Fire exposure caused a lateral strength reduction for all columns. The
reductions in lateral load capacities for the columns varied between ten percent
and twenty percent with respect to the reference column after 30 min, 60 min
and 90 min of fire exposure. The level of strength reduction was not
proportional to duration of fire exposure or maximum temperature reached
during fire exposure. For precast columns, there was no reduction in lateral
load capacity for 30 min and 60 min of fire exposure, whereas for 90 min
heated column, ten percent reduction was experienced. The difference between
cast-in-situ and precast columns is attributed to lower axial load and greater
heights of the precast columns making the flexural effects more governing.

No remarkable reduction was observed in ductility of the columns after post-
fire seismic tests up to 60 minutes. On the other hand, the ductility of the
columns exposed to 90 minutes of fire exposure experienced higher yield
displacement based on stiffness degradation due to fire exposure which is
resulted with lower ductility since the deformability of the columns was not
considerably affected from fire exposure. Nevertheless, ductility factors of all
columns were larger than 3.5, which implies satisfactory structural response in

terms of ductility.

The influence of the concrete cover thickness on the global performance of the
tested flexure-critical columns was observed to be limited. This is attributed to
the fact that smaller cover thickness results in higher effective depth and

thereby higher bending moment capacity and lateral load capacity.

The initial stiffness of the columns decreased with an increase in fire duration
because of concrete cracking resulting from the loss of tensile strength of
concrete and the formation of plastic hinges.

The energy dissipation capacity of the columns decreased while the tendency
of the columns towards plastic deformation increased with an increase in fire
duration.

The difference between the lateral load capacities of the columns tested 30 or

60 days after fire was marginal due to the insignificant variation of the concrete
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compressive strength during this period. On the other hand, longer the time
after fire, higher is the stiffness of the columns due to the autogenous recovery
in compression and tensile strength as well as elastic modulus of concrete with
time after fire.

e The proposed model can predict the post-fire seismic response of RC columns.
The model accounts for critical parameters such as different fire scenarios and

high temperature material properties.

The following recommendations are highlighted as a consequence of the presented

thesis in terms of future research on this issue:

e Additional post-fire seismic tests are needed to study the influence of other
parameters, such as the effect of different cross section sizes, reinforcement
ratios and configurations, various levels of confinement of concrete in the
column center as well as various restraint conditions. Moreover, the effect that
water quenching has on the residual capacity of fire exposed members should
be investigated.

e The impact of axial loading during the fire tests was not considered herein to
represent a worst-case scenario in the present paper. This impact should be
further investigated as well as the other parameters which can be influential in
the long-term (i.e. concrete mix, compressive strength and cover). Moreover,
the impact of time after fire on seismic behavior of RC columns should be
investigated in the long term (i.e. after 360 days).

e Post-fire seismic behavior should also be researched considering more realistic
fire scenarios, for example under compartment fires.

¢ The finite element model can be further advanced by incorporating fire induced
spalling of concrete.

e Further research is necessary to realistically address repair/strengthening
methodologies for fire damaged structural members considering potential
seismic demands in terms of strength and deformation capacity. Although
some repair/strengthening techniques for fire damage are defined by several
technical documents in the existing literature, none of these recommendations

consider post-fire seismic risk.
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¢ One another major concern that should be focused is the realistic estimation of
non-destructive testing techniques in order to reveal the first stage of post-fire

performance assessment (i.e. diagnosis).
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