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THE BEHAVIOR OF QUAY WALLS DURING EARTHQUAKES

SUMMARY

Soils show different behavior under dynamic loading conditions compared to static
loading conditions. While designing structures and their foundations, both static and
dynamic loading conditions must be considered. Dynamic loads such as earthquake
loading affect the behavior of soil and should be examined before design. In port
structures, quay walls are affected by lateral spreading during earthquakes. Due to
the liquefaction in reclaimed backfill or foundation soils, quay wall movements take
place. This type of failure caused wall damages costing 10 billion US Dollars in 1995
Kobe Earthquake.

In this study, general informations about soil liquefaction and its mechanism are
presented. In addition, factors triggering liqufaction, liquefaction behavior of soils,
liqufaction potential of soils, liquefaction induced displacements, residual strength of
soils and evaluation of liquefaction potential are briefly explained. Moreover, lateral
spreading, quay wall displacements due to earthquake, liquefaction induced lateral
spreading prediction methods, quay wall displacement prediction methods,
settlement prediction methods are explained and brief information about 1995 Kobe
Earthquake is given. Furthermore, a quay wall damaged during 1995 Kobe
Earthquake is modeled in finite element programme PLAXIS. Model parameters are
determined by using Standard Penetration Test (SPT) data. The displacements that
are calculated with finite element programme are compared to observed
displacements and analytical and empirical methods. Moreover, the effect of
different earthquake motion to wall displacement is studied. Kocaeli Earthquake
(1999), Chi-Chi Earthquake (1999), Northridge Earthquake (1994) and Friuli
Earthquake (1976) accelograms are used as different input motions and their effect to
quay wall displacement is analyzed. Besides, the effect of densification in reclaimed
backfill and foundation soil is studied. Also, the effect of dimension ratio B/H is
analyzed. Finally, a damaged quay wall at Kushiro Port during 1993 Kushiro-oki
earthquake is modeled and wall displacements are determined. In conclusion,
Mononobe-Okabe method is not sufficient for quay wall design as it ignores
liquefaction behavior. Local site effects should be evaluated and finite element
analyses should be performed to understand wall behavior during earthquakes.
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RIHTIM DUVARLARIN DEPREM SIRASINDA DAVRANISI

OZET

Depremler dogadaki endise verici felaketlerden biridir ve yikici hasarlara neden
olabilir. Neredeyse her kitada, depremler sehirleri ve koyleri tahrip eder. Uygun
mithendislik ¢ozlimleri uygulanmadigi siirece depremler agir hasarlara, sayisiz
Oliimlere ve milyonlarca dolarlik ekonomik kayiplara neden olacaktir. Zararlara
neden olan ana sebepler, zemin sivilagmalari, tasima giicii kayiplari, sev gogmeleri,
yiizey kirilmalar1 ve kum kaynamalaridir.

Zeminler dinamik yiliklemeler altinda statik yiiklemelere gore daha farkli davranig
gosterirler. Yapilarin ve temel sistemlerinin tasarimi sirasinda hem statik hem
dinamik yiikleme kosullar1 g6z oOniine alinmalidir. Deprem yiikleri gibi dinamik
yiikler zemin davranigini etkiler ve tasarimdan 6nce incelenmelidir.

Suya doygun kumlu zeminlerde deprem sirasinda sivilagma ortaya ¢ikabilir. Deprem
sirasinda dalga yayilimi nedeniyle bosluk suyu basincr artar. Sismik yiliklemenin hizli
olmasi nedeniyle zemin drenajsiz kosullarda yiiklenir ve olusan bosluk suyu basinci
soniimlenemez. Zemindeki efektif gerilme, artan bosluk suyu basinci nedeniyle
zamanla azalir. Bu nedenle zeminde dnemli mukavemet kayiplart meydana gelir ve
bu olaya stvilagma denir. Malzeme 6zellikleri zeminin sivilagma davranigini belirler.
Gevsek yerlesimli kohezyonsuz zeminler sivilagsmaya daha yatkin iken siki yerlesimli
zeminler deprem sirasinda sivilagmayabilir. Fakat, eger yiikleme kosullari uygunsa,
olusan asir1 bosluk suyu basinci sebebiyle yumusama gozlemlenebilir.

Sivilasma nedeniyle biiyiik deformasyonlar ortaya ¢ikabilir ve bu deformasyonlar
agir yapi (binalar, kopriiler, barajlar, yollar, demiryollari, limanlar vs.) hasarlarina ve
altyap1 (boru hatlari, elektrik ve internet agi, su isale hatlar1 vs.) hasarlarina neden
olur. Stvilagmanin neden oldugu deformasyonlar akma gd¢meleri, yanal yayilmalar,
tasima giicii kayiplari, gomiilii yapilarin kabarmasi, zemin oturmalar1 ve zemin
saliimlaridir.

Yanal yayilmalar alt tabakada bulunan zeminin sivilagmasi nedeniyle iistte yer alan
zemin tabakasinin kaymasi olarak tanimlanabilir. Sivilasmanin neden oldugu yanal
yayilmalar iki gruba ayrilabilir: zemin ylizeyinin egimli olmasi nedeniyle ortaya
cikan yerdegistirmeler ve rihtim duvar kaymalarinin neden oldugu yerdegistirmeler.
[k grupta zemin yiizeyi egim nedeniyle sev boyunca asag1 dogru hareket eder. ikinci
grupta ise rihtim duvar ve rihtim duvarin arkasinda yer alan zemin sivilagsma
nedeniyle denize dogru hareket eder.

Rihtim duvarlar deprem sirasinda duvarin arkasinda bulunan gevsek ve suya doygun
zeminin sivilasmasi nedeniyle hasar gorebilir. Denize dogru kaymalar, duvar

donmeleri ve oturmalar deprem sirasinda ve sonrasinda ortaya ¢ikabilir. 1964 Niigata
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Depremi, 1986 Kalamata Depremi, 1995 Kobe Depremi, 1999 Chi-Chi Depremi ve
1999 Kocaeli Depremi limanlarda bulunan istinat yapilarina ciddi hasarlar vermistir.
Duvar geri dolgusundaki ya da temel zeminindeki sivilagmalar nedeniyle duvarlarda
yer degistirmeler ortaya ¢ikmistir. Bu tip gogmeler 1995 Kobe Depreminde 10
milyar Amerikan Dolar1 zarara neden olmustur.

Limanlarda yer alan dayanma yapilarinin sismik performansi oldukga fazla 6nem arz
etmektedir, zira liman tipi yapilar ticarette ¢ok bilyiik dneme sahiptir ve uzun vadeli
pahali yatirimlar olarak insa edilmektedirler. Deprem sirasinda limanlarda olusacak
hasarlar iilkelerin ekonomilere ciddi zararlar verebilir ve ekonmik krizlere sebep
olabilir. Ayrica, felaketzede iilkelerin deprem sonrasinda deniz yoluyla gonderilen
yardimlar1 kabul etmesini zorlastirir. Bu sebeplerden 6tiirii, rithtim duvarlarin
davranisi dikkatlice analiz edilmelidir.

Deprem sirasinda sivilasma nedeniyle meydana gelen yanal yayilmalarin
belirlenmesi  O6nemlidir. Bu sebeple ¢esitli aragtirmacilar tarafindan yanal
yayilmalarin neden oldugu deformasyonlar1 tahmin etmek i¢in analitik, deneysel ve
fiziksel yontemler gelistirilmistir. Deneysel yontemler diger yontemlere gore daha
basit ve daha az komplekstir. Ayrica deneysel yontemler deplasmanlara ve ¢esitli
geometrik parametrelere ve zemin parametrelerine dayanir. Bununla beraber, deprem
sirasinda ortaya cikan oturmalar1 belirlemek icin cesitli deneysel yontemler de
Onerilmistir. Bu yontemler hem insa edilmis yapilardaki potansiyel zararlar1 belirmek
i¢in hem de tasarim asamasinda kullanilabilir.

Bu calismada, zemin sivilagmasi ve sivilasma mekanizmasi hakkinda genel bilgiler
verilmigtir. Ayrica sivilasmaya neden olan faktorler, zeminlerin stvilasma davranis,
zeminlerin sivilasma potansiyeli, sivilagmanin neden oldugu deplasmanlar ve
zeminlerin rezidiiel mukavemeti kisaca agiklanmistir. Daha sonra depremlerin neden
oldugu yanal yayilmalar, rihttim duvar deformasyonlari, yanal yayilma sivilagsma
tahmin metotlari, rihttm duvar deplasman tahmin metotlar1 ve oturma tahmin
metotlar1 hakkinda kisa bilgiler verilmistir ve 1995 Kobe Depremi kisaca
sunulmustur.

1995 Kobe Depremi sirasinda hasar gormiis bir rihtim duvar sonlu eleman programi
PLAXIS ile modellenmistir. Model parametreleri Standart Penetrasyon Testi (SPT)
datalar1 kullanilarak belirlenmistir. Sonlu eleman programi ile hesaplanan
deplasmanlar, sahada olgiilen deplasmanlar ve analitik yontemler ile hesaplanan
deplasmanlar ile karsilastirilmistir.

Ayrica farkli deprem hareketlerinin duvar deplasmanina etkisi incelenmistir. Kocaeli
Depremi (1999), Chi-Chi Depremi (1999), Northridge Depremi (1994) ve Friuli
Depremi (1976) kayitlar1 kullanilmis ve duvara etkisi incelenmistir. Duvarin yanal ve
diisey yerdegistirmeleri sonlu eleman programi kullanilarak hesaplanmistir.

Bunlara ek olarak, dolgu zeminde ve temel zemininde sikilastirma etkisi analiz
edilmistir. Farkli zemin tabakalar1 farkli iyilestirme kosullar1 i¢in sikilagtirilmistir. Tlk
durumda duvar geri dolgusu iyilestirilmistir. Ikinci durumda temel zemini
iyilestirilmistir. Ugilincii durumda ise duvarin topuk kismi altinda yer alan temel
zemini kismi olarak 1iyilestirilmistir. Geri dolgu zemininin sikilagtirilmasi
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deformasyonlart % 40, temel zeminin iyilestirilmesi deformasyonlar1 % 15 ve temel
zeminin kismi olarak iyilestirilmesi deformasyonlar1 %10 azaltmistir.

Ayrica, duvar boyutlarinin etkisi (B/H orani) incelenmistir. Duvarin yatay ve diisey
yerdegistirmeleri sonlu eleman programi kullanilarak hesaplanmistir. Sivilagmanin
oldugu durumlarda B/H oraninin énemli bir etkiye sahip olmadig1 goriilmiistiir.

Son olarak Kushiro Limaninda bulunan ve 1993 Kushiro-oki depreminde hasar
gormiis bir duvar sonlu eleman programinda analiz edilmis, deplasmanlari
hesaplanmistir. Kushiro Limaninda goriilen deformasyonlar Kobe Limaninda
goriilen deformasyonlara gore daha azdir ¢linkii Kushiro Limanindabulunan zemin
tabakalar1 Kobe Limanina gore daha sikidir.

Sonug olarak, Mononobe-Okabe yontemi sivilagma durumlarini dikkate almamasi
nedeniyle rihtim duvar tasarimi i¢in yeterli degildir. Sismik tasarim katsayilari
asildiginda, yikici hasarlar ortaya ¢ikmaktadir. Yerel zemin etkileri degerlendirilmeli
ve duvar davranisini anlamak i¢in sonlu eleman analizleri gerceklestirilmelidir.
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1. INTRODUCTION

1.1 Definition of Problem

Earthquakes are one of the most concerning disastrous events in nature and can
cause catastrophic damages. Almost every continent, earthquakes can destroy
cities and villages. As long as appropriate engineering solutions are not applied,
earthquakes will lead to heavy damages, numerous deaths and economical loss of
million dollars. Main reasons of damages are soil liquefaction, loss of bearing

capacity, slope failures, surface refractions and sand boiling.

Large deformations occur due to liquefaction and these deformations lead to
heavy damage of structures (buildings, bridges, dams, roads, railways and ports
etc.) and infrastructure (lifelines such as pipelines, power and internet network,
transportation lines, water and sewage etc.). Liquefaction induced deformations
are flow failures, lateral spreading, loss of bearing capacity, uplift of buried
structures, settlements (ground subsidence) and ground oscillations.

Prediction of displacements due to lateral spreading is a challenging problem in
geotechnical engineering. Analytical, empirical and physical methods have been
proposed by several researchers to predict displacements. Also, finite element
method can be used for modeling lateral spreading problems.

Seismic performances of waterfront retaining structures on ports are very
significant because this type of structures has massive importance on trade and
they are built as costly long-term investments. Failures during earthquakes at
ports can damage economy of a nation and may lead to economical crisis. Also,
makes it difficult for disaster-stricken countries to accept help using seaway after
earthquakes. For these reasons, seismic behavior of quay walls should be

analyzed carefully.

Kobe Earthquake hit Japan on 17 January 1995. The magnitude of the earthquake
was 7.2 on the Richter scale. Quay walls in Kobe Port displaced seaward about

maximum 5 m and about 3 m in average, inclined 4 degrees in the direction of
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sea (Inagaki et al., 1996). Artificial islands, Port Island and Rokko Island, are
severely damaged during earthquake due to liquefaction. Total damage on

waterfront area cost more than 10 billion US Dollars.

There are other cases that quay walls are damaged due to earthquakes. In 1964
Niigata Earthquake, 92.4% of harbor structures were severely damaged (Hayashi
et al., 1966). In 1986 Kalamata Earthquake, block type quay walls moved around
15 cm and rotated 4-5 degrees towards sea and settlements on backfill were
observed varying around 20 cm to 0 cm at the distance of 30 m to 40 m. (Pitilakis
and Moutsakis, 1989). In 1999 Chi-Chi Earthquake, caisson quay walls
displaced towards sea 1 m in average because of liquefaction of loosely filled
sand behind wall due to strong shaking (Chen and Huang, 2000). In 1999 Kocaeli
Earthquake port structures were damaged extensively. Quay walls at Derince Port
moved towards sea and settlements were observed on backfill. All artificial filled

areas moved into sea.

1.2 Purpose of Thesis

The objective of this study is to model quay wall behavior during earthquakes. A
damaged quay wall in Kobe is modeled in finite element programme PLAXIS.
The displacements that are calculated with finite element programme are

compared to observed displacements, analytical methods and empirical methods.

Moreover, the effect of earthquake motion to wall displacement is studied.
Kocaeli Earthquake (1999), Chi-Chi Earthquake (1999), Northridge Earthquake
(1994) and Friuli Earthquake (1976) accelograms are used as different input

motions and their effect to quay wall displacement is analyzed.

Besides, the effect of densification in reclaimed backfill and foundation soil is
studied. Effects of densification of foundation, densification of backfill and

partial densification of foundation are analyzed.

Also, the effect of dimension ratio B/H is analyzed. For different B/H ratios such

as 0.66, 0.80, and 1.00 analyses are performed.

Furthermore, a damaged quay wall at Kushiro Port is analyzed. Three different

earthquake records are applied as dynamic multipliers, including Chi-Chi (1999),



Northridge (1994) and Friuli (1976) earthquakes. Horizontal and vertical
displacements of caisson quay wall are calculated.

In addition, lateral displacements of caisson quay wall during 1995 Kobe
earthquake calculated with analytical and empirical methods. Displacements in
horizontal direction calculated with Richards-Elms (1977), Whitman-Liao
(1979), Franklin-Chang (1985), lai et al. (1997), lai et al. (1999), LSI, Hamada
(1994), Multi Linear Regression (MLR) and EPOLLS method.

Lastly, settlements beneath caisson during 1995 Kobe Earthquake are also
calculated with empirical methods. Tokimatsu and Seed (1987), Ishihara and
Yoshimine (1992) methods are used in settlement calculations.

1.3 Scope of Thesis

This thesis consists of five chapters. In the first chapter, definition of problem is

given. Purpose of thesis and scope of thesis are explained.

In the second chapter, brief information about dynamic behavior of soils and soil
liquefaction are given. Behavior of sand-like and clay-like soils under cyclic
loadings is explained. Soil liquefaction and its mechanism, factors triggering soil
liquefaction, liquefaction potential of soils, liquefaction induced failures and
residual strength of liquefied soils are presented.

In the third chapter, literature review is given. Lateral spreading and its effects to
engineering structures are explained. Mechanism of liquefaction induced lateral
spreading, liquefaction induced quay wall damages, lateral spreading
displacement prediction methods, quay wall displacement methods and
liquefaction induced settlement prediction methods are presented. Also, brief

information about 1995 Kobe earthquake is given in this chapter.

In the fourth chapter, finite element method and case studies are presented.
Constitutive soil models, selection of soil model and model parameters,
Hardening soil with small strains model in PLAXIS and determination of model

parameters are explained. Also, case studies are presented in this part.

In the fifth chapter, reached conclusions are presented.






2. DYNAMIC BEHAVIOUR OF SOILS AND SOIL LIQUEFACTION

2.1 Introduction

Dynamic behavior of soils under cyclic loading and soil liquefaction due to
seismic loadings are given in this chapter. Definition of soil liquefaction and its
mechanism, factors triggering soil liquefaction, liquefaction potential of soils,
liquefaction induced failures and residual strength of liquefied soils are

presented.

2.2 Dynamic Behavior of Soils

Soils show different behavior under dynamic loading conditions comparing to
static loading conditions. While designing structures and their foundations, both
static and dynamic loading conditions must be considered. Dynamic loads such
as earthquake loading, wave loading, machine foundations, blasting and traffic
loading affect the behavior of soil and should be examined. Safety against failure
must be ensured and allowable displacements must not be exceeded both in static

and dynamic conditions.

During and after earthquakes, strength loss or extreme deformations may cause
ground failures or instability. Evaluation of dynamic behavior of soils is
significant for the estimation of potential deformations and strength loss. The

estimation procedures are different for sandy and clayey soils.

Boulanger and Idriss (2004) state that dynamic behavior of fine grained soils and
coarse-grained soils are different under cyclic loadings. The behavior of low-
plasticity silts and clays, which are in the transition zone between “sand like” and
“clay-like”, is more complex. The authors used “sand like” and “clay-like” terms
to define the stress-strain behavior under cyclic and monotonic loading which are

similar to sands and clays.



Particle size, grain size distribution and relative density affect strength and

compactibility of sands and “clay-like” soils. For clays, plasticity index is

important.

According to Boulanger and Idriss (2004), the important points for the behaviour

and engineering properties of sands are:

The stress-strain behavior of sands is mainly related to relative density (Dg)

and confining pressure.

Sands usually have a small enough compressibility because relative density
does not change in significant amount while effective consolidation stress is

increasing.

For sands, there is no relationship between relative density and confining

stress history.

For sands, conventional tube sampling methods may possibly cause
disturbance. Sands lose most of effective stress and become undisturbed by

vibration and strains during sampling process.

The determination of cyclic loading behavior of sands can not be obtained
reliably because of the effects of the disturbance. Frozen sampling methods
give more reliable results, but it is not often used due to the cost of this
technique.

The penetration resistances of SPT and CPT are sensitive to relative density
and other characteristic parameters of sands, tests can be used for correlation

for other parameters such as internal friction angle and cyclic resistance ratio.

Because of the reasons given above, penetration tests and semi-empirical

correlations are used while investigating the behavior of sands.

Boulanger and Idriss (2004) claim that important points for the behavior and

engineering properties of clays are:

In general, the compressibility of clays is high because of the void ratio or
density is related to effective consolidation stress and stress history.

For clays, there is unique relationship between void ratio and confining

pressure history.



e Thin-tube sampling methods have less possibility of disturbance for clays
because the permeability of clays is generally low and clays remain undrained

during sampling.

e For determination of monotonic and cyclic undrained strengths of clays,

laboratory tests can be performed.

e The most significant step for the determination of the strength of clayey
deposits, is the determination of pre-consolidation stress by performing

consolidation test or using the knowledge of the historical loadings.

e CPT correlations give reliable prediction about undrained shear strength of

clayey soil deposits.

e SPT correlations give rough prediction about undrained shear strength of

clayey soil deposits.

e Because of the reasons given above, laboratory testing and in-situ testing

methods are used while investigating the behavior of clays.

As well as determination of strength and stress-strain parameters of soils and
stability analyses under static loading conditions, research of the behavior of soils
under cyclic loading is one of the important problems in geotechnical

engineering.

Coarse grained and fine grained soils behave differently under cyclic loadings.
Erken et al. (2004b) state that, providing saturated sandy soils are loose, they are
exposed to large deformations by increasing pore pressures under earthquake
loadings. However, the dynamic behavior of silty soils is related to plasticity
index. In low plasticity silts, excess pore pressures are generated under
earthquake loadings; then deformations and strength loss are observed. The
dynamic behavior of clays depends on consistency. As the water content
approaches to liquid limit, deformations under earthquake loadings significantly

increase, but change in pore water pressure is limited.

According to El Hosri (1984), in silty soils, more pore pressure is generated
compared to sandy soils. Generation of pore pressure is more rapid in silty-clayey

soil deposits, compared to sandy soils in the beginning of dynamic loading.



When investigating dynamic behavior of soils, laboratory and in-situ tests are used.
Cyclic triaxial test, cyclic direct simple shear test and cyclic torsional shear test can
be performed in laboratory. In the field, SPT, CPT, geophysical tests and seismic
dilatometer can be performed. Earthquake loadings and generated stresses in the field
can be modeled in laboratory with test equipments. Also, dynamic properties of soils
can be determined by using in-situ tests. The suitable option is a combined test
programme consisting of both laboratory tests on undisturbed samples and in-situ

tests.

2.3 Soil Liquefaction

Soil liquefaction is the most important reason for hazards during earthquake
loadings. The destructive effects of liquefaction are seen first in Alaska and Niigata
earthquakes in 1964. These earthquakes caused slope failures, foundation failures
and floatation of buried structures. After these earthquakes, mechanism of
liquefaction started to be researched. Towhata (2008) gives information about the

history of liquefaction researches in Table 2.1.

Table 2.1 : Historical change of topics in liquefaction studies (Towhata, 2008).

Topics Years Remarks
Mechanism of 1960s Niigata and Alaska earthquakes in
liquefaction 1964
Assessment of 1970s- Minimum SPT-N, Factor of safety,
liquefaction potential 198 Low liquefaction potential of
0s gravel and fine silt Ground
subsidence after liquefaction
Prevention of liquefaction 1970s- Soil improvement (compaction,
no gravel drain, grouting
w mitigation under existing

structures etc.) Even gravels
and cohesionless silt liquefy

Consequence of 1983- Permanent displacement; cause and
liquefaction 200 prediction of displacement
0
Mitigation of permanent 1995- Reliability of lifeline/river dike,
displacement no Use of underground wall,
w Protection of existing structures
Real-time earthquake 1990s- Quick detection of liquefaction (
engineering no within one hour and starting
w emergency action as quickly as
possible)




2.3.1 Definition of liquefaction and its mechanism

In loose sandy soils with saturated by water, liquefaction may occur during
earthquake. Under earthquake loadings, pore water pressure increases as a result
of wave propagation. As seismic shaking occurs rapidly, the cohesionless soil is
loaded undrained conditions. According to equation (2.1), effective stress

decreases with time, because pore water pressure increases.
c=0 —u (2.1)

Since effective stress of soil decreases, shear modulus decreases. Shear strength
of sand also decreases, as effective stress and internal friction angle (tand)
decrease. As a result, sand becomes softer with time (Towhata, 2008; Kramer,
1996; Day, 2012).

Hence the pore water pressure increase, the water starts to move upwards to the
surface. The sand and water start to spout out to surface, if soil becomes weak
enough and there are openings in surrounding ground. Hamada (2014) shows the
mechanism of sand boiling in Figure 2.1.
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Figure 2.1 : Mechanism of soil liquefaction (Hamada, 2014).

Under extreme conditions, the effective stress of soil may decrease to zero. There
is no stress transfer between soil particles, because of zero effective stress. Soil
particles start to float in water and soil is like mud water, suspension in water. In

this case, there is no shear modulus or shear strength. As a result large
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deformations take place even under small stresses (Towhata, 2008). In Figure
2.2, as an example, a tilted building because of liquefaction, can be seen from
1999 Kocaeli earthquake in Tigcilar (Erken et al., 2004a).

Figure 2.2 : A tilted building due to liquefaction (Erken et al., 2004).

2.3.2 Factors triggering liquefaction

Many factors like earthquake characteristics, site conditions or geological
conditions affect liquefaction susceptibility of soil. These factors affect the
behavior of soil during liquefaction. The factors triggering liquefaction is given
by Day (2012);

e Intensity and duration of earthquake: Liquefaction potential rises if

earthquake intensity, acceleration and duration of earthquake increase.

e Ground water at site: Unsaturated soils above ground water table do not
liquefy.
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Soil type: Cohesionless soils and non-plastic silty soils are susceptible to

liquefaction.

Relative density (Dy): Loose soils are more susceptible to liquefaction than

dense soils.

Grain size distribution: Uniformly graded, non-plastic soils have more

tendency to liquefaction than well graded soils.

Conditions of placement: Loose and segregated soils such as soil deposits in

lakes, rivers or ocean, have more potential to liquefy.

Drainage: In permeable soils, if drainage of water is easy, excess pore

pressure can dissipate quickly and liquefaction may not occur.

Confining pressures: In greater confining pressures, liquefaction potential of

soil is lower.

Particle shape: Rounded shaped soil particles can densify easily compared
angular shaped soil particles. So, rounded particles have more tendency to

liquefaction.

Aging and cementation conditions: Newly deposited soils have more

liquefaction potential compared to older soil deposits.

Loading history of soil: Ligquefaction resistance of soil rises with over
consolidation ratio (OCR) of soil and also lateral earth pressure at rest (Ko)

increases liquefaction resistance.

Structural Loads: Building loads can increase the potential of liquefaction.
Additional shear stresses are generated because of structural loads, and this
increases the liquefaction potential of soil.

2.4 Liquefaction Potential of Soils

In evaluation of liquefaction potential of soils, the first step is the determination

of liquefiable soil layers. Mostly, cohesionless soils have tendency to liquefy.

Liquefaction usually occurs in saturated loose sands or silts. The liquefaction

potential of low-plasticity silts and non-plastic silts should be evaluated carefully,
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because this type of soils usually have low permeability and dissipation of excess

pore pressure takes more time.

Tsuchida (1970) performed sieve analyses on alluvial and diluvial soils that have
liquefied during earthquakes. He summarized the test results and developed a
range in grain size curves as liquefiable and not liquefiable as shown in Figure
2.3.
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Figure 2.3 : Liquefiable and not liquefiable ranges in grain size (Tsuchida,
1970).

From the researches of Wang (1979), Seed et al. (1983) developed criteria to
evaluate liquefaction susceptibility of clayey soils. According to Chinese criteria,

soils are susceptible to liquefaction if they have the following characteristics:

e Clay content (defined as % finer than 0.005 mm) < 15%

e Liquid limit <35

e Water content > 0.9 x liquid limit

Clay content and liquid limit are key parameters that can affect liquefaction
behavior during earthquakes, but water content is not a key parameter because it

is related to environmental conditions and errors occur during sampling.
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Andrews and Martin (2000) re-evaluated the case histories from the researches of
Wang (1979) and adjusted to U.S. standards (clay size defined as finer than
0.002). Their findings are given in Table 2.2.

Table 2.2 : Liquefaction susceptibility of silty soils (Andrews and Martin, 2000).

Liquid Limit <32 Liquid Limit > 32
Clay Content < 10 Susceptible to Further Studies
liquefaction Required
(Considering plastic
non-clay
sized grains)
Clay Content > 10 Further Studies Not susceptible to
Required liquefaction

(Considering non-
plastic clay sized
grains)

According to Andrews and Martin (2000), soils which have clay content less than
10% and their liquid limit is less than 32, are susceptible to liquefaction. Soil
which have clay content more than 10% and their liquid limit is more than 32 are
not susceptible to liquefaction. Soils between these criteria should be tested in

laboratory for evaluating the potential of liquefaction.

Seed et al. (2003) stated that if fines content is sufficient, fine particles separate
coarser particles and control the behavior. In Figure 2.4, liquefiable range of soils
is shown. Soils in Zone A are susceptible to “classic” (cyclically-induced)
liquefaction. Soils in Zone B may liquefy or soften during earthquake and should
be tested considering water content. Soils in Zone C (not in Zone A or Zone B)
are not susceptible to classic type of liquefaction, but should also be controlled

against liquefaction.
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Figure 2.4 : Liquefiable soil types based on Seed et al. research (Seed et al.,
2003).

2.5 Liquefaction Induced Displacements

Liquefaction causes different types of failures. Type of failure differentiates with
environmental conditions and geometry. New York Transportation Department

(2015) grouped liquefaction induced displacements into four:
e Flow failures

e Lateral Spreading

e Ground oscillation

e Loss of bearing capacity

Flow failure is defined by Youd (1973) as a state which unlimited flow of soil
occurs. When liquefaction occurs, if the soil is unrestrained and mobilizes, large
soil masses may move long distances in the formation of liquefied flows or whole
blocks travelling in liquefied flows. Soil continues to flow until driving shear
forces decreases (due to reduction of slope). When driving shear force equals to
viscous shear resistance of flowing material, flow ceases. Flow failures usually
occur in slopes which is inclined 5 percent or greater (New York Transportation
Department, 2015).
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Pacoima Dam is an example to flow failure. On February 9, 1971 San Fernando
earthquake, has magnitude M, 6.6, caused flow failure of dam (Jennings and
Housner, 1971). Another example is Hebgen Lake earthquake. On August 17,
1959 an earthquake Mw 7.3, caused a flow failure in Montana. A flow in canyon

created a temporary lake (Day, 2012). Failures are shown in Figures 2.5 and 2.6.

Figure 2.6 : Flow failure in Montana during Hebgen Lake Earthquake (Day,
2012).
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Lateral spreading is the lateral displacement of soils or blocks at surface due to
liquefaction of underlying soils. Unlimited flow is not seen as sediments are too
dense; however limited flow may be seen. Lateral spreads usually occur on
slopes as flat as 3 degrees (Youd, 1973; New York Transportation Department,
2015).

Lateral spreading affect relatively large areas and has different damages on
different structure types. Lateral spreading can damage developed and residential
areas, slopes, retaining structures, piles, bridge abutments, ports and harbors,

buried pipelines and other lifelines.

Buildings which are constructed on slopes are affected directly from lateral
spreading. Movements on slope cause damage to foundation of building. In 2011
Tohoku earthquake, structures on slopes severely damaged in Sendai City. In

Figure 2.7, a damaged building on slope is shown (Hamada, 2014).

Figure 2.7 : Structural damage due to slope failure (Hamada, 2014).

Retaining walls can be damaged due to lateral spreading. Liquefaction on backfill
causes wall movement. In 1999 Chi-Chi earthquake, a damaged retaining wall

supporting highway embankment on slope, is given in Figure 2.8 (Huang, 2011).
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Lateral spreading affects pile foundations. Laterally movement of foundation soil
cause pile damages. In 1995 Hyogoken-Nambu earthquake pile damages were

seen due to extensive liquefaction. At the top and bottom of piles, damages were

observed. Damaged piles are shown in Figure 2.9 (Tokimatsu, 2009).

Figure 2.9 : Pile damage due to lateral spreading (Tokimatsu, 2009).

In port structures, quay walls are affected by lateral spreading. Due to the
liquefaction in reclaimed backfill soil, walls moves upward. In 1983, Akita Port
was struck by Nihonkai-Chubu earthquake. Quay walls damaged due to
generated pressure in backfill. It caused an increase in bending moment resulting

17



wall crack. The damaged port and cross section is given in Figure 2.10 and 2.11
(PIANC, 2001).

Figure 2.10 : Quay wall damage in Akita Port during 1983 Nihonkai-Chubu
earthquake (PIANC, 2001).
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Figure 2.11 : Cross section of damaged quay wall in Akita Port (PIANC, 2001).
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Ground oscillation is movement of soil deposit in surface to back and forth due to
the liquefaction beneath a flat ground. The soil surface at surface generally cracks
and becomes moving blocks. As blocks move, fissures develop between blocks,
open and close during earthquake. Amplification of low-frequency seismic
motions when transmitted into a liquefied soil deposit causes ground oscillation.
Generally, permanent deformations are small. Mechanism of ground oscillation is
shown in Figure 2.12 (Kramer, 1996; Youd, 1984).

Figure 2.12 : Ground Oscillation before and after earthquake (Youd, 1984).

Sand boils are associated with liquefaction and follow ground oscillations. When
liquefaction occurs, excess pore pressures are generated. Excess pore pressures
cause upward flow of water between soil particles to channels or cracks. During
the flow, sand particles may be carried to the surface. Sand boils are related to the
magnitude of excess pore pressure, thickness of soil layers, permeability and
fissuring (Kramer, 1996). Sand boils show points in site where excess pore
pressure generated during earthquake. Sand boils generated during the 1993
Hokkaido-Nansei-oki earthquake at Hakodate Port, is shown in Figure 2.13.

19



Figure 2.13 : Sand boils at Hakodate Port during 1993 Hokkaido-Nansei-Oki
Earthquake (PIANC, 2001).

Bearing capacity losses are observed when liquefaction occurs beneath
foundation soil. As effective stress decreases during and after liquefaction,
bearing capacity also decreases. Important settlements occur beneath foundation
(Towhata, 2008).

Another effect of liquefaction is change of ground motion. Soil stiffness
decreases during earthquake due to generation of excess pore pressure. At the
beginning of the earthquake soils are relatively stiffer but they may become
softer at the end of earthquake. As a consequence, the amplitude and frequency
content of the surface motion change significantly during earthquake. If stiffness
and strength decrease so low, high frequency components of bedrock motion can
not be transferred to surface. In Figure 2.14, an example to this effect is given.
After 7 seconds, frequency content and acceleration amplitude start to change
(Kramer, 1996).
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Figure 2.14 : Accelerogram from a liquefied site in 1964 Niigata earthquake
(Kramer, 1996).

National Research Center (1985) listed types of structural instabilities and most often

affected structures due to liquefaction. The list is given in Table 2.3.

Table 2.3 : Types of liquefaction induced instabilities (Housner, 1985).

Structures Most Often Affected

Types of Structural Instability

Buried and surface structures

Structures built on or at the base of a
slope
Dam embankments and foundations
Bridge piers
Railway lines
Highways
Utility lines

Structures, especially those with slabs
on grade
Utility lines
Highways
Railways
Buried tanks
Utility poles

Structures built on grade

Retaining walls
Port structures

Loss of foundation bearing
capacity
Slope instability slides

Slope instability slides

Movement of liquefied soil
adjacent to topographic
depressions

Lateral spreading on horizontal
ground

Excess structural buoyancy
caused by high subsurface
pore pressure

Formation of sink holes from
sand blows

Increase of lateral stress in
liquefied soil
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2.6 Liquefaction Behavior of Soils

As liquefaction occurs in the field, soil stratum starts to soften and cyclic
deformations develop. In loose soils, loss of shear strength may be seen and that
may lead to large deformations. In denser soils, transient softening and increased
shear strains may occur due to liquefaction, however, dilation tendency during
shear inhibits major strength loss and large deformations. Cyclic mobility or
cyclic liquefaction may be seen following liquefaction of denser soils (Youd et
al., 2001).

Liquefaction may lead to flow liquefaction or cyclic mobility. Robertson et al.
(2004) proposed a flow chart for the evaluation of liquefaction which is given in
Figure 2.15. According to chart, liquefaction behavior of soil may be determined
after material characterization. Depending on behavior, flow liquefaction, cyclic
mobility or cyclic liquefaction may occur. These terms is explained below.

FLOW CHART FOR LIQUEFACTION

{ Material Characterization |

[ . .

Strain S:::f;emng Strain Hardening ]
Eehavior Eehavior j
Fiaw Cyclic

Liquefaction Liquefaction

i |

Maonoctenic/Cyelic

Size and duration

Trigger of cyclic loading
| . - ;
Gravitational stresses » Shear stress! | No shear stress
Undrained shear strength reversal J reversal
|
|
Contained Uncontained _ Cyclic | Cyclic
Deformztion Deformatian LJqueiac:Iom Mability
Potential for Large | Small
Progressive Failure | |Defgrmations; | Deformations
r v ¥ ¥

Deformations can continue
after the trigger event

Deformations essentially I
stop after cyclic loading ﬁ

Figure 2.15 : Flow chart for evaluation of liquefaction (Robertson et al., 1994).
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2.6.1 Flow liquefaction

Flow liquefaction is seen when the static shear stress is greater than the shear
strength of the soil on liquefaction condition. The cyclic stresses turn the soil into
unstable state which shear strength of the soil decreases sufficiently and static
stresses produce flow failure. Characteristics of flow liquefaction failures are
sudden nature, their speed and large distance which liquefied materials moved
(Kramer, 1996). Robertson et al. (2004) gives further information about flow
liquefaction:

e Flow liquefaction requires softening behavior under undrained loading which
results constant shear stress and effective stress (for instance ultimate steady

or critical state).

e Flow liquefaction requires greater in-situ shear stress than undrained residual

stress or steady state shear strength.
e Either monotonic loading or cyclic loading triggers flow liquefaction.

e Flow liguefaction may be seen in saturated, very loose granular deposits, very

sensitive clays and loose loess deposits.

2.6.2 Cyclic mobility

When cyclic mobility occurs, large permanent deformations can be also produced
during earthquake shaking. Different from the flow liquefaction, cyclic mobility is
seen when the static shear stress is less than the shear strength of the soil which is
liquefied state. Cyclic mobility failures occur incrementally during the earthquake. In
cyclic mobility, static and cyclic shear stresses cause the deformations, which is
different from flow liquefaction. These deformations are called as lateral spreading,
can be seen on slopes or waterfront areas. Lateral spreading can cause serious
damage, if there is any structure (Kramer, 1996). Robertson et al. (2004) gives

further information about cyclic mobility:

e Cyclic mobility requires undrained loading where shear stress is always

greater than zero.

e Zero effective stress does not occur.
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e Generated deformations due to cyclic loading will stabilize.

e Cyclic mobility can be seen in clays but deformations depend on rate effects

(creeps).

2.6.3 Cyclic liquefaction

Cyclic liquefaction is a special case, which is subset of cyclic mobility. As there are
no static horizontal shear stresses to drive lateral deformations, liquefaction produces
large movements, ground oscillation, but there are little lateral displacements.
Upward flow of water when excess pore water pressure dissipates causes level
ground liquefaction failure. Loose to medium soils are susceptible to this type of
liquefaction, but it can be seen in dense soils, if loading conditions are strong,
duration is sufficient and field conditions are convenient. The characteristics of level-
ground liquefaction failure are large vertical settlements and development of sand
boils (Kramer, 1996). Robertson et al. (2004) gives further information about cyclic
liquefaction:

e Cyclic liquefaction requires undrained cyclic loading in which zero stress or

shear stress reversal can develop.

e Sufficient undrained cyclic loading is required to allow effective confining

stress to decrease approximately zero.

e There is no shear stress at zero effective confining stress. If shear stress is
applied, pore water pressures decrease and a very initial stress may lead to

large deformations.

e Deformations due to zero effective stress can be large, but at the end of the
cyclic loading deformations will stabilize as long as there are pore water
pressure effects are not large.

e Cyclic liquefaction can be seen in all sands as long as size and duration of
cyclic loading is sufficient. For denser sands cyclic loading characteristics

also must be sufficient and zero effective stress may not be reached.

e Cyclic liquefaction can be seen in clays however, deformations are usually
small at zero effective stress because of internal cohesion. Also deformations

depend on rate effects (creeps).
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Flow liquefaction is seen much less frequently than cyclic mobility, the damages of
flow liquefaction are more severe. Cyclic mobility also could be seen under a much
broader range of soil and site conditions than flow liquefaction; the range of its

effects is insignificant to highly damaging (Kramer, 1996).

2.7 Residual Strength of Liquefied Soils

Strength of liquefied soils is not absolutely zero and during sliding downhill due to
earthquake non-zero strength is mobilized in a soil deposit. After earthquake,
stability of soil deposit should be checked. In order to check the stability, residual
strength of soil deposit is required. Estimation of residual strength of a soil deposit is
usually a difficult task with a acceptable degree of accuracy (Ishihara, 1996).

Idriss and Boulanger (2007) proposed a SPT-CPT based relationship to estimate
residual shear strength of liquefied non-plastic soils. Case history analyses are
reviewed, laboratory tests are performed and findings regarding void redistribution
mechanisms are considered within the scope of their researches. Residual shear

strength relationship graphs are given in Figure 2.16 and 2.17.
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Figure 2.16 : Residual shear strength of liquefied sand versus corrected SPT blow
count based on case histories (Idriss and Boulanger, 2007).
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Figure 2.17 : Residual shear strength ratio versus normalized CPT tip resistance
(Idriss and Boulanger, 2007).

2.8 Evaluation of Liquefaction Potential

Liquefaction potential of soils can be determined by both performing laboratory
experiments and in-situ tests in the field. Laboratory tests have some disadvantages
such as sample disturbance and limited representation of field conditions, comparing
to field tests. Because of these reasons, laboratory tests, field tests and empirical
methods are used together. Standard Penetration Test (SPT) and Cone Penetration

Test (CPT) are commonly used in liquefaction analysis.

Seed et al. (1983) proposed a method to determine liquefaction resistance of soils
and defined liquefaction inducing cyclic stress ratio as a function of N value in SPT.

To evaluate the liquefaction resistance of soils two parameters have to be calculated:

1) The seismic demand on soil layer, which is calculated in terms of Cyclic
Stress Ratio (CSR),

2) The resistance capacity of the soil to liquefaction, which is expressed in terms
of Cyclic Resistance Ratio (CRR).

Seed and Idriss (1971) developed a formulation to calculate the cyclic resistance

ratio of soils. The formula follows as;

26



CSR = (Tav/o-(/o) = 0-65(amax/g) (Gvo/o-(/o)rd (2.2)

Where a, ., IS the peak horizontal acceleration at the ground surface generated by
the earthquake g is the acceleration of gravity; o,, and oy, are total and effective
vertical stresses, respectively; and rq is stress reduction coefficient. rq is calculated

by using these formulas;

rq = 1.0 — 0.00765z forz <9.15m (2.3)
rq = 1.174 - 0.0267z for9.15m <z <23 m (2.4)

Where, z is depth below ground surface (m).

Cyclic Resistance Ratio can be determined either performing laboratory test on
undisturbed samples or using in-situ tests. Seed et al. (1985) proposed a chart to
determine cyclic resistance ratio in terms of SPT blow count and shown in Figure
2.18. SPT blow counts in the chart are normalized for 100 kPa overburden pressure
and corrected for 60% energy ratio. Curves are plotted for fines content of 35%, 15%
and 5%. These curves are valid for 7.5 magnitude earthquakes. Scaling factors can be

used for different earthquake magnitudes.
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Figure 2.18 : SPT clean sand base curve for Magnitude 7.5 earthquakes (Seed et al.,
1985).
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Corrected N, ¢, values can be calculated as follows;
Nigo = N3 * Cy * Cg * Cg * Cg * Cs (2.5)

Where, N3o is SPT blow count, Cy is effective stress correction factor, Cg is energy
correction factor, Cg is borehole diameter correction factor, Cg is rod length

correction factor and Cs is correction for sampler with or without liners.
Liao and Whitman (1986) proposed calculation method for effective stress correction
factor, Cy, as follows;

Cyv= |7 <17 (2.6)

Vo

Robertson and Wride (1998) give corrections for different variables and presented in
Table 2.4.

Table 2.4 : Corrections to SPT (Robertson and Wride, 1998).

Factor Equipment variable Term Correction
Overburden pressure — Cy (P,/a )
Overburden pressure — Cy Cy =17
Energy ratio Donut hammer Ce 0.5-1.0
Energy ratio Safety hammer Cr 0.7-1.2
Energy ratio Automatic-trip Donut- Cz 0.8-1.3
type hammer
Borehole diameter 65—115 mm Cp 1.0
Borehole diameter 150 mm Cy 1.05
Borehole diameter 200 mm Cy 1.15
Rod length <3 m Cy 0.75
Rod length 3—4 m Cx 038
Rod length 4-6 m Cx 0.85
Rod length 6—-10 m Cx 0.95
Rod length 10-30 m Cr 1.0
Sampling method Standard sampler Cs 1.0
Sampling method Sampler without liners Cs 1.1-1.3

CPT based methods are developed as converting CPT tip resistances to equal SPT
blow counts. Robertson and Wride (1988) developed a CPT based liquefaction
analysis method. Similar to SPT based method, CPT tip resistance is used to
determine cyclic resistance ratio and the chart used for determining CRR is given in
Figure 2.19. CRR is plotted as a function of dimensionless, corrected and normalized
tip resistance, gcin. The chart can be used for 7.5 magnitude earthquakes and for the

sands fines content lesser than 5%.
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Figure 2.19 : CPT clean sand base curve for Magnitude 7.5 earthquakes (Robertson
and Wride, 1998).

In the CPT procedure, tip resistances are normalized by using formulas;

qcin = CQ (QC/Pa) (2-7)
Co = (Pa/050)™ (2.8)

Where, Cq is normalizing factor for cone penetration resistance, P, is 1 atm of
pressure in the same units for a,,; n is exponent varies for soil type and qc is field

cone penetration resistance measured at the tip.

2.9 Conclusions

Liquefaction is strength loss of a soil during undrained loading due to rapid excess
pore pressure generation. Pore water pressure generation decreases the effective
stress of soil. As a result of effective stress decrease, the strength and rigidity of soil
decreases. Due to liquefaction, lateral spreading, flow failures, ground subsidence
may be seen and airports, roads, railways, buried pipelines and bridges may be

damaged.
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Material characteristics determine liquefaction behavior of soils. Loose soils tend to
flow liquefaction, provided geometrical conditions are suitable. Also cyclic mobility
or cyclic liquefaction may be observed. Dense soils may not liquefy during
earthquake loading, however, if loading conditions are sufficient, they may soften
due to excess pore pressure. Liquefaction potential of sandy soils can be determined
by using developed methods based on in-situ tests such as SPT and CPT.

Residual strength of liquefied soil is important to determine stability of soil and
predict possible deformations. Residual strength of liquefied soil can be determined
either performing laboratory experiments on undisturbed soil specimens or

performing in-situ penetration tests and correlations.
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3. LITERATURE REVIEW

3.1 Introduction

Lateral spreading and its effects to engineering structures are given in this chapter.
Mechanism of liquefaction induced lateral spreading, liquefaction induced quay wall
damages, lateral spreading displacement prediction methods, quay wall displacement methods
and liquefaction induced settlement prediction methods are presented. Also, brief information

about 1995 Kobe earthquake is given in this chapter.

3.2 Lateral Spreading and its Effects to Engineering Structures

The definition of liquefaction-induced lateral spreading is lateral displacement of gently
sloping ground because of pore water pressure generation or liquefaction in an underlying

granular soil deposit (Rauch, 1997). The definition is shown in Figure 3.1 schematically.

=
— Sand Boils
D Liquefied Soil

:] Unliquefied Soil

Figure 3.1 : Schematical depiction of lateral spreading due to soil liquefaction (Rauch, 1997).

Hamada (2014) classifies liquefaction induced lateral displacements into two groups as

ground displacement due to inclination of ground surface and ground surface displacement
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due to quay wall movement. In the first group, the ground surface moves down slope as the
ground surface was gently inclined. In the second group, the ground behind quay wall moves

towards the sea due to liquefaction.

Ground Surface Displacements g
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'
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Figure 3.2 : Two types of liquefaction induced ground displacements (Hamada, 2014).

Hamada (2014) states that there are three hypotheses for the mechanism of lateral ground
displacements. According to the first hypothesis, ground displacement occurs due to large
decrease of soil stiffness. The second hypothesis explains that ground displacements develop
due to liquid behavior of liquefied soil. The third hypothesis clarifies that ground moves on a
water film that that locates between permeable and impermeable soil layers, afterwards
liquefaction. In the first hypothesis, it is required to determine large decrease in soil stiffness
because of liquefaction, but difficult part is to estimate soil stiffness reduction. According to
second hypothesis, liquefied soil properties must be defined as liquid, but experiments show
that liquefied soils behaves as pseudo-plastic fluid. The third hypothesis is not able to explain
all cases of ground displacements as, ground displacement occurs not a specific elevation but

along the entire depth.

Quay walls may be damaged during earthquakes due to liquefaction of loose saturated soil
deposits behind walls. Seaward displacements, tilting and settlements may occur during and
after earthquake. In Figure 3.3 deformations of quay wall on firm and loose foundation is

shown.
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7. 7

Figure 3.3 : Deformations on firm (a) and loose (b) foundation (PIANC, 2001).

(b)

In 1964 Niigata Earthquake, harbor structures were severely damaged. Hayashi et al. (1966)
states that 92.4% of water front structures were damaged out of 16500 m total length. The
cause of damage was liquefaction of sand. Cross-sections of two berths (A-C) before and after

earthquake are presented in Figure 3.4.
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Figure 3.4 : Cross-sections of walls at Rinko Wharves after earthquake (Hayashi et al,
1966).

In 1986 Kalamata Earthquake, block type quay walls moved around 15 cm and rotated 4-5
degrees towards sea and is shown in Figure 3.5 (Pitilakis and Moutsakis, 1989). Settlements
on backfill were varying around 20 cm to 0 cm at the distance of 30 m to 40 m. The quay wall
was founded on silty sand and gravelly sand. SPT-N values are around 20 and Vs varies
around 200 m/s. Backfill material was quite loose and SPT-N values are lesser than 20 and Vs

has a mean value 150 m/s.
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Figure 3.5 : Cross-section of wall before and after earthquake (Pitilakis and Moutsakis,
1989).

In 1999 Chi-Chi Earthquake, caisson type quay walls moved 1 m in average towards sea as
loosely filled sand behind wall liquefied due to strong shaking (Chen and Huang, 2000).
Settlements were around 70 cm relative to caissons. Soil conditions behind wall were quite
loose; SPT-N values varied from 5 to 14. Plan view and lateral displacement are given in

Figure 3.6.
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Figure 3.6 : Plan view and lateral displacements in Taichung Harbor (Chen and Huang,
2000).

In 1999 Kocaeli earthquake, extensive damage were observed in port facilities and coastal
structures. All artificial filled coastal areas moved into sea (Yiiksel et al., 2002). Block type
concrete quay walls at Derince Port moved 0.5 m towards sea and observed settlements in
backfill were 0.5-0.8 m.

3.3 Lateral Spreading Prediction Methods

Lateral spreading displacements due to soil liquefaction during earthquakes needs to be
predicted. Analytical, empirical and physical methods have been developed to predict
displacements due to lateral spreading. Empirical methods are simpler and less complex,
compared to other models. In addition, empirical methods are based on displacements and

various geometrical and soil parameters.

3.3.1 Liquefaction severity index (LSI)

Youd and Perkins (1987) developed a simple empirical method to predict displacements due
to liquefaction induced lateral spreading. Youd and Perkins defined a new parameter as
liquefaction severity index (LSI) to characterize the severity of liquefaction effects at a

specific location. LS| parameter is calculated by dividing the maximum ground displacement
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to 25 (i.e. inches). LSI ranges between 0 and 100 and displacements can not be greater than
2.5m.

Based on analysis of earthquakes occurred Alaska and United States, Youd and Perkins

formulated an equation related to earthquake magnitude and distance from the source.
log LSI = —3.49 — 1.86 *logR + 0.98 * M, (3.2)

R is horizontal distance from the seismic energy source in km and M,, is earthquake moment
magnitude. The relationship between earthquake moment magnitude and horizontal distance
from seismic energy source is given in Figure 3.7. LSI increases with M,, and decreases with
R.
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Figure 3.7 : Liquefaction Severity Index for different magnitudes and distance (Youd and
Perkins, 1987).

LSI method is a useful method for liquefaction hazard mapping, yet special field conditions

are not modeled. In special cases this method is not reliable.
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3.3.2 Hamada’s empirical method

Hamada formulated an equation based on correlation analysis between measured
displacements and various factors such as surface gradient and liquefiable soil thickness
(1994). The data used in analyses were taken from the 1983 Central Japan Sea earthquake and
1964 Niigata earthquake.

D =0.75*VH * V0 (3.2)

D is horizontal ground displacement on the surface (m), H is thickness of liquefiable soil (m)
and 0 is larger gradient value between ground surface and lower boundary plane of liquefied

soil (%).

A comparison between observed displacements and estimated displacements by formula is
given in Figure 3.8. The estimated values are distributed between twice and half of observed

values. The scattering is acceptable because of liquid behavior of soil.
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Figure 3.8 : Ground surface displacements by observation and formula (Hamada, 2014).
3.3.3 EPOLLS method

Rauch (1997) developed an empirical model, called EPOLLS (Empirical Prediction of
Liguefaction-induced Lateral Spreading), to predict ground surface displacements due to
liquefaction induced lateral spreading. The EPOLLS model was developed by multiple linear
regression analysis of 71 lateral spreading case studies. EPOLLS model is applicable to lateral

spreads that result from soil liquefaction in slopes or large retaining walls.
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EPOLLS has three different models for different levels of site information. The names of
these models are the Regional-EPOLLS (R-EPOLLYS), the Site-EPOLLS (S-EPOLLS) and the
Geotechnical-EPOLLS (G-EPOLLS).

R-EPOLLS is designed for seismic hazard surveys of geographic regions. R-EPOLLS
requires four parameters: earthquake moment magnitude, peak horizontal acceleration,
distance to fault rupture and duration of strong shaking. Horizontal displacement is calculated
by:

D = (Dg — 2.21)? + 0.149 (3.3)
Dg = (613 * My, — 19.9 x Ry — 242044, — 11.4T;)/1000 (3.4)
Here, D is average horizontal displacement (m); Rg is distance to fault rupture and duration of

strong shaking (km), M, is earthquake moment magnitude, Amax IS peak horizontal

acceleration (g), Tq is duration of strong shaking (sec).

S-EPOLLS is more detailed model comparing to R-EPOLLS and S-EPOLLS give improved
predictions in site specific studies. In addition to R-EPOLLS parameters, topographical and
geometrical parameters are required. Horizontal displacement is calculated by:

D = (Dg + Ds — 2.44)% + 0.111 (3.5)
Ds = (0.523 * Lgjige + 42.3 * Syop + 31.3 * Hpgee ) /1000 (3.6)

Here, Lgige iS length of sliding area (m), Siop is slope of ground surface (%), Hsace is height of

free face (m).

G-EPOLLS requires additional data from site explorations in addition to R-EPOLLS and S-
EPOLLS components. Thickness of liquefiable layer and factor of safety against liquefaction

are added in geotechnical model. Horizontal displacement is calculated by:

D = (Dg + D5 + Dg — 2.49)% + 0.124 (3.7)
D; = (50.6 * Zpgmin — 86.1 % Z;;,) /1000 (3.8)

Here, Zrsmin is depth of minimum factor of safety against liquefaction (m), Z,;q is depth to top

of liquefied soil (m).

3.3.4 MLR (Multiple Linear Regression) method

Bartlett and Youd (1992a, 1992b, 1995) developed an empirical model for prediction of
lateral spreading. They formulated an equation by using 467 horizontal displacement vectors
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collected from lateral spreads in earthquakes in Japan, Western United States. Soil parameters
are determined from 267 soil borings.

Bartlett and Youd developed two model equations, firstly a free face model for lateral
spreading toward a steep vertical face and secondly ground slope model for lateral spreading
without a free face. These equations were formulated using multiple linear regression analysis

and later revised by Youd et al. (2002). The equations follow as:
For free face;

log(Dy) = —16.713 + 1.532 * M — 1.406 * log R* — 0.012 * R + 0.592 * logW + 0.540 *
logT;s + 3.413 x log(100 — F;5) — 0.795 * log(D50,5 — 0.1mm) (3.9

For sloping ground;

logDy = —16.213 +1.532* M — 1.406 * logR* — 0.012 * R + 0.338 xlog S + 0.540 *
log Ty5 + 3.413 * 1log(100 — F;5) — 0.795 * log(D50,5 + 0.1mm) (3.10)

Here; Dy is horizontal displacement (m), Mw is the moment magnitude of the earthquake, R
is the nearest horizontal distance to fault (km), Tis is the thickness (m) of saturated
cohesionless soils where N g is lesser than 15 (soils deeper than 20 m or has more than 15%
clay content are excluded), Fi5 is the average fines content in T;5 and D505 is the average

D50 grain size in Tys (Mm).

R term is revised as R" because in earthquakes R<0.5 km formula over predicts
displacements. R” is calculated as:

RO — 10(0.89M—5.64) (311)
R* =Ry +R (3.12)

In sloping ground equation, S is the gradient of the ground surface (%). It is defined as change
in elevation over horizontal distance for long slopes. For the free face equation, W is the free
face ratio (%). It is defined as height of the face divided by horizontal distance to face toe.

3.4 Quay Wall Seismic Displacement Prediction Methods

Quay walls subjected to earthquake loading will vibrate with backfill soil and may move from
the original position. The level of movement and degree of damage due to earthquake should
be predicted. Available methods for displacement based analysis of retaining walls during

earthquake loadings are based on the work of Newmark (1965). Newmark developed a
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procedure to evaluate the deformation of an embankment dam subjected to an earthquake. His
method is based on the analogy with a sliding block-on-a-plane. Also, empirical methods
have been developed to predict displacements due to earthquake loadings. These methods will

be presented in this chapter.

3.4.1 Franklin-Chang (1977) method

Franklin and Chang (1977) applied Newmark’s sliding blocks theory and integrated 169
strong motion data from 27 different earthquakes and 10 synthetic accelograms. For each
record, displacements are calculated using Newmark’s method. Franklin and Chang
developed functional relationship between the standardized displacements and the critical
acceleration by using analyzed records and calculated displacements and it is given in

Figure3.9. When the critical acceleration ratio is known, displacements can be estimated.
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Figure 3.9 : Standardized maximum displacement and critical acceleration ratio relationship
(Franklin and Chang, 1977).
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3.4.2 Richards-EIms (1979) method

Richards and Elms (1979) develop a calculation method for seismic displacements of gravity
type retaining walls. The proposed method is developed by modifying Newmark’s Sliding
Block method. Dynamic earth pressure coefficient and dynamic earth pressure acting on wall
are calculated by using Mononobe-Okabe (M-O) method.

cos?(p—6-1) (3.13)

14 sin(8+¢) sin(¢p—L-¢) 2
cos(6+60+yY) cos(f—6)

Kap =

cos cos26 cos(5+0+)

Where, Kag is dynamic earth pressure coefficient, ¢ is internal friction angle of soil, 6 is
rotation angle of wall, y equals to tan™1(a,;,4,/g), 0 is friction angle between soil and wall
and B is wall slope angle. By using dynamic earth pressure coefficient, the force acting on
wall is calculated.

1
Ppp = EKAEVHZ(l — k) (3.14)
Where, Pag is dynamic earth pressure acting on wall, y is unit weight of soil, H is height of the
wall and k is vertical earthquake acceleration coefficient.

Then, yield acceleration is calculated for the retaining wall and soil system.

P4g cos(64+60)—P g sin(6+6)

a, = [tan ¢, — — (3.15)

Where, ay is yield acceleration, ¢y is the friction angle between wall and its base and W is the

weight of the wall.

According to proposed method, permanent wall displacement is calculated by formula.

2 3
dperm = —"ma’; gm“’f (3.16)
Where, dperm is permanent displacement of the wall, vimax is peak ground velocity, amax is the

peak ground acceleration and ay is the yield acceleration for wall and soil system.

3.4.3 Whitman-Liao (1985) method

Whitman and Liao (1985) developed a method based on Newmark’s Sliding Block method
(1965) for seismic displacements of retaining walls. Whitman and Liao performed a
regression analysis on standardized displacement data and proposed a different formula to
estimate seismic displacement. Similar to Richards-Elms method, earth pressures acting on

wall calculated by using Mononobe-Okabe method. The formula as follows:
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_ b (—9-4ay) (3.17)

d erm
p Amax Amax

3.4.4 lai et al. (1997) method

lai et al. (1997) developed a method to evaluate liquefaction induced seismic displacements of
quay walls. Following equation was proposed for the prediction of the horizontal

displacement at the top of quay walls:

A=ty (3.18)

~ 100 W

Where, A is horizontal displacement at the top of the wall (m), Hy, is height of quay wall (m),
and Fy is displacement ratio of quay wall. Displacement rates for different wall types, ground

motions and soil conditions are given in Table 3.1.

Table 3.1 : Displacement rate of quay wall due to liquefaction (lai et al.,1997).

Type of Quay Ground Soil Condition Displacement
Wall Motion Ratio Fd (%0)
Gravity type Level 1 Loose sand behind 5-10
quay wall
Loose sand behind 10-20
quay wall and
foundation ground
Level 2 Loose sand behind 10-20
quay wall
Loose sand behind 20-40
quay wall and
foundation ground
Sheet piles type Level 1 Loose sand behind Firm ground 5-15
quay wall around
anchorage
Loose sand 15-25
around
anchorage
Loose sand behind quay wall, around 25-50
anchorage and foundation ground
Level 2 Loose sand behind Firm ground 15-20
quay wall around
anchorage
Loose sand 25-40
around
anchorage
Loose sand behind quay wall, around 50-75

anchorage and foundation ground
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Seismic horizontal displacements behind the wall decrease when the distance from the wall

increase. For this case, following formula is given:

D/A = exp(—3.35x/L) (3.19)
Where, D is ground displacement behind wall (m), x is distance between quay wall and
application point (m) and L is the distance from ground deformation is caused (m), assumed

as 100 m in practice.

3.4.5 lai et al. (1999) method

lai et al. (1999) did effective stress analyses to find major parameters which controls seismic
performance of gravity quay walls. After analyses, a simplified method was developed to

evaluate the displacement of a quay wall. During the analyses, computer code FLIP is used.

Wall geometry, thickness of soil deposit below the wall, liquefaction resistance of backfill
and subsoil are key parameters for seismic performance of a quay wall. A typical cross
section which is used in analyses is given in Figure 3.10. Authors assumed that thickness of
backfill (D2) was the same as the wall height (H) for simplicity in analyses. Soil parameters
used in analyses were determined by SPT-N values. Another assumption was made by authors
that backfill soil were the same as foundation soil for simplicity and they were represented by
equivalent SPT-N value.
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Figure 3.10 : Typical cross section of a quay wall used in analyses (lai et al.,1999).

According to lai et al., major parameters that control the seismic performance of a quay wall
during earthquake are width to height ratio (W/H), input excitation level, equivalent SPT-N

value and thickness of soil below the wall.
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Authors developed a simplified method to evaluate for seismic displacements of a quay wall,
after parametric study. The new method can be seen in Figure 3.11. The seismic displacement
of wall is determined with parameters that control seismic displacement of wall in the order of
sensitivity to the wall displacement. The seismic displacement of wall is determined with the

effects of input excitation level, equivalent SPT-N value and wall geometry.

Effects of geotechnical and earthquake conditions:
evaluation of normalized residual horizontal
displacement (d/H) based on equivalent SPT N-value
for a prescribed level of shaking

!

Effects of thickness of soil deposit below the wall:
correction for D1/H

Effects of width to height ratio W/H.
correction for W/H

normalized residual
horizontal displacement
aH

Figure 3.11 : Flow chart of developed method to evaluate displacement (Ichii et al.,2002).
3.4.6 Wang et al. (2011) method

Wang et al. (2011) analyzed caisson quay wall displacements by using multi shear mechanism
plasticity model. Finite element code FLIP was used in analysis. Index of extent liquefaction
was defined to represent the effects of excess pore water pressure under different loading
conditions. According to authors, physical properties of the system, such as thickness of soil
deposits, wall geometry and characteristics of earthquake loading controls the seismic
displacement of caisson quay wall. In Figure 3.12., a cross section of analyzed quay wall

system is shown.
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Figure 3.12 : Cross section of a analyzed quay wall (Wang et al.,2011).

The extent of liquefaction (E)) is introduced to define the effects of the changes of excess pore
water pressure in soils. Authors proposed a method to predict the seismic residual
displacement, by using E,. E; is used to determine the seismic displacement of quay wall and

the relation between displacement and E; is shown in Figure 3.13.
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Figure 3.13 : Relationship between residual seismic displacement and extent of liquefaction
(Wang et al.,2011).

The extent of liquefaction affects the residual displacement directly and should be determined
carefully. After analyses, 1g shaking table tests were performed and reliability of prediction

methods was validated.
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3.5 Settlement Prediction Methods

As soils liquefy due to excess pore pressure generation, not only lateral displacements are
observed but also ground surface settlements occur. The amount of settlements may be

predicted by using empirical methods.

Tokimatsu and Seed (1987) proposed a method to estimate settlements due to earthquake
shaking. The authors developed a chart to predict ground surface settlements of saturated
clean sands. The chart is given in Figure 3.14. CSR is the cyclic stress ratio of soil and (N1)eo
is corrected SPT value of soil according to 60% energy ratio. By using these parameters

volumetric strain is determined.
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Figure 3.14 : Chart for settlement estimation of clean saturated sands (Tokimatsu and Seed,

1987).

In first step cyclic stress ratio is calculated, then adjusted to 7.5 magnitude earthquake by
using magnitude scaling factors. After that step, SPT-N values are corrected and energy
corrections made. Then, volumetric strain is obtained via using CSR and (N;)so. Volumetric

strain value is multiplied by layer thickness.

Ishihara and Yoshimine (1992) also developed a chart by using dynamic simple shear tests to
predict liquefaction induced settlements. In the chart which is given in Figure 3.15, FS.
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represents factor of safety against liquefaction and g, is post-liquefaction volumetric strain.
Factor of safety against liquefaction is calculated and D; is determined. Later either corrected
cone penetration resistance ¢ or corrected standard penetration test (Ni)7o value is
determined. By using these parameters volumetric strain ratio is obtained from graph. Then

volumetric strain is multiplied by thickness of layer to calculate settlement.
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Figure 3.15 : Ground surface settlement estimation chart for clean saturated sands (Ishihara
and Yoshimine, 1992).

3.6 1995 Kobe Earthquake

On the January 17, 1995, Kobe Earthquake, which is one of the most powerful earthquakes in
Japanese history, hit Japan. The magnitude of the earthquake was 7.2 on the Richter scale.
Awaji Island and the other provinces of the Hanshin region were struck by the earthquake.
Major cities, including Kobe, Ashiya and Nishinomiya damaged in large scale. The intensity
level of earthquake was VI in Kobe and Nishinomiya on Japanese Intensity Scale. The death
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and missing toll was more than 5,000 people and more than 83,000 houses were destroyed
(Japanese Society of Civil Engineers, 1995).

3.6.1 Kobe city and Kobe port

Kobe City has been founded on alluvial and diluvial deposits in the south of Rokko mountain
range. The earthquake damaged an area about 3 km in width and 30 km long. This area could
be classified as alluvial and diluvial deposits in the south of Rokko Mountain and reclaimed

islands in ports (Japanese Society of Civil Engineers, 1995).

Kobe Port which handles more than 20% of the country’s foreign trade, consists of a coast
line about 12 km in width and 6 km long, and two artificial islands in the south of Kobe city.
The plan of the port is given in Figure 3.16. Port Island and Rokko Island were constructed by
using reclamation methods. The construction of Port Island and Rokko Island began in 1966

and 1972, respectively (Inagaki et al., 1996).
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Figure 3.16 : Plan of Kobe Port (Inagaki et al., 1996).
3.6.2 Construction of artificial islands

Rokko Mountains were excavated for the landfill. The soil was transported from mountains
and placed in-situ where water level ranges from 12 m to 15 m. The landfill soil was granite-
based soil and its particle size changes widely from gravel to silt. Particle size distribution of
landfill is given in Figure 3.17. The soil consists of about 30% gravel, 50% sand and 20% silt
(Japanese Saociety of Civil Engineers, 1995). The SPT-N values of the reclaimed Masado soil

48



changes 5 to 10 mostly, and the N values of alluvial clay changes 0 to 1. According to the
Inagaki, after the earthquake SPT-N values measured again in the site. The results of his
works show that after the earthquake, N values ranges 5 to 10 and there were not large

differences in SPT-N values between before and after earthquake (1996).
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Figure 3.17 : Grain size distribution curves of Masado soil (Inagaki et al., 1996).

In order to maintain the stability of quay walls, bearing capacity of foundation soil must be
sufficient. As alluvial clay in Kobe Port does not have sufficient bearing capacity, soil
improvement techniques were applied to fulfill the required bearing capacity. The clay layer
beneath quay wall was removed and replaced with sand (Inagaki et al., 1996). Cross section

of quay walls in Rokko Island is given in Figure 3.18.
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Figure 3.18 : Cross section of quay wall in Rokko Island (Inagaki et al., 1996).

3.6.3 Quay wall damages

Kobe Port has 186 quay walls and about 90% of these walls were caisson type walls. Quay
walls displaced seaward about maximum 5 m and about 3 m average, inclined 4 degrees in
the direction of sea (Inagaki et al., 1996). Moreover, liquefaction occurred in reclaimed
coastal areas and artificial islands. The map of liquefied areas is given in Figure 3.19. Effects
of liquefaction were observed as: settlement in level-ground, damage in port walls as a result
of horizontal movement, damage to the embedded lifeline and damage to the bridge piers on

coastal areas (Japanese Society of Civil Engineers, 1995).
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Figure 3.19 : Distribution of liquefied places (Shibata et al., 1996).

The heaviest liquefaction damage was observed on Port Island and Rokko Island. As a
consequence of liquefaction, settlements occurred on the entire island, but buildings damaged
less. Most of the buildings on the islands were supported with piles (Japanese Society of Civil
Engineers, 1995). The areas where soil improvements were made and liquefaction occurred in

artificial islands are given in Figure 3.20.
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Figure 3.20 : Distribution of liquefied areas at Rokko Island (Shibata et al., 1996).

While the earthquake motion is in excess of seismic limiting condition of quay wall, the wall
moves seawards and settlements observed behind the wall. In 1995 Kobe Earthquake, peak
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ground acceleration was 0.54 g in horizontal direction and limiting conditions were exceeded.
Quay walls in Port Island and Rokko Island were designed with seismic coefficients of 0.10
and 0.15, respectively (Inagaki et al., 1996).

Quay walls in Port Island moved towards to sea about 3 m, settled about 1 m and tilted about
3 degrees average. Quay walls in Rokko Island moved towards to sea about 4 to 5 m, settled
about 2 m and tilted about 4 to 5 degrees average. The soils behind the wall settled, but there
were no collapse or overturning in quay walls. Displacements of quay walls were measured

and given in Figure 3.21.
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Figure 3.21 : Horizontal and vertical displacements after eq. Rokko Island (Inagaki et al.,
1996)

High seismic resistant quay walls in Maya Wharf, which had seismic coefficient of 0.25, was
not damaged seriously. There was nearly no damage to caisson type quay walls, except small
settlements and displacements in the order of tens of centimeters. The caisson which was

designed with higher coefficient performed well against earthquake.

3.7 Conclusions

Liguefaction induced lateral spreading is the main cause of catastrophic damages in disastrous
earthquakes. For that reason, mechanism of liquefaction and lateral spreading should be
understood clearly and their impacts on engineering structures analyzed carefully during and

after earthquake.

Lateral spreading causes large deformations on slopes and retaining structures. Several

researchers have developed different methods to predict liquefaction induced lateral
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spreading, seismic quay wall displacements and settlements. These methods can be used to
estimate potential damages on existing structures and can also be used on design process.
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4. FINITE ELEMENT METHOD

4.1 Introduction

Finite element method, selection of material model and input parameters are given in
this chapter. Brief information about finite element programme and selection of

model parameters is given.

4.2 Constitutive Soil Models

Soil behaviour may be modeled at different degree of accuracy. Many constitutive
models are developed to characterize and interpret soil behaviour accurately. On the
other hand, complex soil models require more soil parameter selection (Brinkgreve,
2005). In addition, every constitutive model requires different parameters and every
model has limitations. It is very significant to choose the appropriate constitutive soil

model.
There are some constitutive models available in the Plaxis 2D:
e Linear Elastic Model (LE)
e Mohr-Coulomb Model (MC)
e Hardening Soil Model (HS)
e Hardening Soil Model with small strains (HSsmall)
e Soft Soil Model (SS)
e Soft Soil Creep Model (SSC)
¢ Modified Cam-Clay Model (MCC) (Plaxis ~ Material Models
Manual, 2012).
4.2.1 Linear elastic model (LE)

The Linear Elastic Model is built on Hooke’s law of elasticity. Only two basic

parameters are involved: Young’s Modulus (E) and Poisson’s Ratio (v). The LE
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model is not applicable to soils because of non-linear and irreversible behaviour. It is
applicable for modelling of stiff volumes in soils, like concrete walls or rock

formations (Plaxis Material Models Manual, 2012).

4.2.2 Mohr-Coulomb model (MC)

Mohr-Coulomb model requires five input parameters and the behaviour is linear
elastic and perfectly plastic. In addition to elasticity parameters, Young’s Modulus
and Poisson’s Ratio, internal friction angle (¢) and cohesion (c¢) are required for soil
plasticity and the dilatancy angle (y) is also needed (Plaxis Material Models Manual,
2012).

Mohr-Coulomb model gives good results for stress states in elastic region.
Furthermore, MC model requires well known parameters, E and v, to define stiffness.

These parameters are easy to obtain from different laboratory tests.

Mohr-Coulomb model involves very limited number of aspects that soils behaves in
reality. MC model does not include stress-dependency, stress path dependency, strain
dependency of stiffness or anisotropic stiffness (Plaxis Material Models Manual,

2012). In addition, MC model includes only perfectly plastic deformations.

4.2.3 Hardening Soil model (HS)

In simulation of soil behaviour, Hardening Soil Model is an advanced model.
Limiting stress states are defined by internal friction angle (¢), cohesion (c) and
dilatancy angle (y), similar to the Mohr-Coulomb model. In contrast to MC model,
three new input parameters are defined to model soil stiffness more accurately. These
parameters are: the triaxial loading stiffness (Eso), the triaxial unloading stiffness
(Eur), and the oedemeter loading stiffness (Eqeq) (Plaxis Material Models Manual,
2012).

Differently from MC model, stress dependency of stiffness moduli is taken into
account in Hardening Soil model. All stiffnesses increase with pressure. As well as
stiffnesses, Hardening soil model also accounts for pre-consolidation (Plaxis
Material Models Manual, 2012). This parameter is significant for deformation

problems.

Despite being an advanced model, hardening soil does not include softening due to
dilatancy and de-bonding effects. Also, hysteretic and cyclic loading and cyclic
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mobility are not taken into account. Furthermore, large stiffness at small strains and
reduced stiffness at engineering strain levels are not separated in the model (Plaxis
Material Models Manual, 2012).

4.2.4 Hardening Soil model with small-strain stiffness (HSsmall)

The Hardening Soil model with small strain-stiffness is a modified version of the
Hardening Soil model. Increased stiffness of soils at small strains is taken into
account. At low strain levels, soil behaviour is different and most soils behave stiffer.

This behaviour of soils is defined in HSsmall model with two new parameters: small

strain shear modulus (Ggef) and strain level at which the shear modulus reduces to

70% of the small strain shear modulus (yo7) (Plaxis Material Models Manual, 2012).

HSsmall model has two major advantages compared to HS model. Firstly, HSsmall
model calculates displacements more reliably than HS model. Secondly, in dynamic
applications, HSsmall model accounts for hysteretic material damping (Plaxis
Material Models Manual, 2012).

4.3 Selection of Soil Model and Parameters

As it is mentioned before, mechanical soil behavior can be modeled at different
accuracy degrees. The simplest stress-strain relationship to model soil behavior is
linear elastic model, but it makes rough calculations in some aspects of modeling
soil behavior. Furthermore, to model different features of soil behavior, many
constitutive soil models have been developed. Nevertheless, selection of a more
complex soil model to model behavior more accurately requires selection of more
model parameters. This situation leads to insufficient data to select model

parameters.

Brinkgreve (2005) states that some model parameters are not easy to obtain although
they have a clear physical meaning. In some geotechnical applications, model
parameters can not be obtained directly due to limited soil data available. Under this
circumstances, some parameters should be estimated and require further evaluation

in view of the application.

Soil parameters are selected by using the results of laboratory tests such as oedemeter

test, triaxial tests and direct or simple shear tests. Also, in-situ test results can be used
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for parameters selection. For instance, Standard penetration tests (SPT), Cone
Penetration Test (CPT), Menard Pressuremeter Test (PMT) are field tests which
provide useful data. In addition, to obtain some soil parameters, correlations such as
classification tests or general soil tests can be used. Moreover, tables and norms are

useful sources to obtain some soil parameters.

4.4 Hardening Soil Model with Small-strain Stiffness

The behaviour of soil is assumed elastic in the hardening soil model during
unloading and reloading. Nonetheless, elastic strain range in soils is very small. Most
soils display higher stiffness at low strain levels. As strain amplitude increases, soil
stiffness decreases nonlinearly. In Figure 4.1, reduction of stiffness is shown.
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Figure 4.1: Reduction of shear modulus with typical strain ranges (Atkinson &
Sallfors, 1991).

4.4.1 Model parameters

The material parameters which are used in HSsmall model are given in Table 4.1.
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Table 4.1 : Input parameters of HSsmall model (Plaxis Material Models Manual,

2012).
Symbol Parameter
o} Internal friction angle
c Cohesion
] Dilatancy angle
ng)f Reference secant stiffness from drained triaxial test
Erez Reference tangent stiffness for oedometer primary
o¢ loading
E;if Reference unloading/reloading stiffness
m Power for stress-level dependency of stiffness
Vur Unloading/reloading Poisson's ratio
G(r)ef Reference small strain shear modulus
Yo.7 Shear strain magnitude at 0.722G0
Ko Coefficient of earth pressure at rest
Ry Failure ratio

Determination of soil parameters are explained in this section. In the determination

of model parameters, in-situ test results are used.

4.4.1.1 Internal friction angle

Internal friction angle of soils is determined by performing laboratory tests or in-situ
tests. In laboratory, simple shear tests or triaxial tests are performed to determine
internal friction angle. In field, penetration tests could be used to determine internal
friction angle of cohesionless soils. Hatanaka and Uchida (1996) developed an
empirical correlation formula between N1,60 values and internal friction angle. The
authors performed a series of drained triaxial tests on undisturbed sand samples for

correlations. This formula is represented in (4.1);
@' = (20N1,60)0'5 (4.1)
Where, ¢ is internal friction angle of sand and N ¢ is corrected SPT-N value.

Bowles (1988), based on his works, summarizes the values of ¢, Dr, corrected SPT

values in a table which is presented Table 4.2.
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Table 4.2 : Values of ¢ and D, based on SPT N', (Bowles, 1988).

Description Very Loose Medium Dense Very
Loose Dense

Relative Density (Dy) 0-15 15-35  35-65 65-85 85-100

%

( %PT N'7o  fine 1-2 3-6 7-15 16-30 ?
medium 2-3 4-7 8-20 21-40 >40
coarse 3-6 5-9 10-25 26-45 >45

) fine 26-28 28-30  30-34 33-38 <50
medium  27-28 30-32  32-36 36-42
coarse 28-30 30-34  30-34 40-50

4.4.1.2 Cohesion

In literature, there are many correlation formulas between standard penetration value

and undrained shear strength of clay. Undrained triaxial tests and standard

penetration tests on insensitive clays are performed to derive correlations. The

general form of correlations follows;

qu = kN1 60

(4.2)

Where, g, is undrained shear strength of clay, k is site-dependent constant and N; ¢,

is corrected SPT-N value.

Terzaghi and Peck (1967) proposed a table about consistency of cohesive soils and

shown in Table 4.3.

Table 4.3 : Consistency of cohesive soils (Terzaghi and Peck, 1967).

Consistency SPT-N qu (kPa)
Very Soft <2 <25
Soft 2-4 25-50
Medium 4-8 50-100
Stiff 8-15 100-200
Very Stiff 15-30 200-400
Hard >30 >400

Cohesion value of soils is determined by using undrained shear strength.

C=qy/2

Where; c is cohesion and q, is undrained shear strength.
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4.4.1.3 Dilatancy angle

The dilatancy angle of sands is related to the density and internal friction angle of
soil. Generally, dilatancy angle of soil is a smaller value than internal friction angle.

For quartz sands dilatancy angle is calculated as;

Y =¢—30 (4.4)

Where, v is dilatancy angle and ¢ is internal friction angle of soil.

For the soils whose internal friction angle is smaller than 30°, the dilatancy angle is
zero (Plaxis Material Models Manual, 2012).

4.4.1.4 Stiffness parameters

There are three different stiffness parameters and five other parameters required to

model hyperbolic stress-strain curve. These parameters are;

o Secant stiffness in standard drained triaxial test, Exs

ref

e Tangent stiffness for primary oedometer loading, £,

e Unloading/reloading stiffness, E.¢"

e Power for stress-level dependency of stiffness, m
e Poisson’s ratio for unloading/reloading, v,

e Failure ratio, R¢

e Reference stress for stiffness, p™¢/

e KY€ K,value for normal consolidation (coefficient of lateral earth pressure at
rest) (Schanz & Vermeer, 1998).

Hyperbolic stress-strain relation between in primary loading for a standard drained

triaxial test is given in Figure 4.2.
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Figure 4.2:Hyperbolic stress-strain relation between in primary loading for a
standard drained triaxial test (Plaxis Material Models Manual, 2012).

The secant modulus parameter,Es,, is determined by using strain curve at 50% of the
ultimate shear strength in triaxial test. Also, Es,can be determined by using initial
modulus, E,. Based on the works of Mayne (2007) Esycan be obtained by using

modulus reduction curves. The curves are shown in Figure 4.3.
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Figure 4.3: Monotonic modulus reduction curves static torsional and triaxial
shear data onclays and sands (Mayne, 2007).
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The confining stress dependent stiffness modulus for primary loading is calculated

by using following equation;

E. — Eref( c cosp—ajsing )m (4.5)
50 7 =50 \¢cosp—pTefsing '

Where, E;gf is reference stiffness modulus corresponding to the reference pressure,

p"¢ and m is power for stress-level dependency of stiffness.

Tangent stiffness for primary oedometer loading, Egjg, is used to model stiffness for
compression behaviour. Determination of E'¢/ is shown in Figure 4.4. E'¢/ is
calculated by following equation;
ref ( ccosp—aising \'
_ 3

Eoea = Eoed (c cosd)—prefsin(p) (4.6)

_(J—-I

ref
p -
-E4
ref

Figure 4.4: Definition of Tangent stiffness for primary oedometer loading, E
(Plaxis Material Models Manual, 2012).

oed

Unloading/reloading stiffness, Eﬁ‘;’f is used for unloading and reloading stress paths

and calculated for a reference stress as;

E_ = Eref( c cosp—ojsing )m @4.7)
ur —Fur \¢ cosp—pTefsing '

It is suggested in Plaxis Material Models Manual (2012) that E..</ can be estimated

as,;

EleS =3 (4.8)
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According to Schanz and Vermeer’s research (1998) on different sands E ;gf can be

equal to E;fg, as it is shown in Figure 4.5.
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Figure 4.5: Relationship between EJ¢" and E7¢/ (Schanz and Vermeer, 1998).

oed
m defines the stress dependency and used to simulate logarithmic stress dependency
of stiffness. According to von Soos (2001), m changes between 0.5 and 1 on different
soil types. For the clayey soils it is between 0.9 and 1. Brinkgreve et al. (2007)

proposed an empirical formula to determine m value for quartz sands as it follows;

m = 0.7 — (RD/320) (4.9)
Here, RD is the relative density of sand.

vy 18 the Poisson’s ratio for unloading/reloading. It is suggested in Plaxis Material
Models Manual to take v,,, between 0.2-0.3 values (2012). Ry is defined as failure

ratio and it is the ratio between ultimate deviatoric stress at failure and asymptotic
value of shear strength. In Plaxis Material Models Manual, the default value of Ry is
0.9 (2012). KX is lateral earth pressure coefficient at rest for normal consolidation.

It is calculated by using Jaky’s (1944) formula as it follows:

Ky =1—sin¢’ (4.10)
Where, ¢ is the internal friction angle.

64



4.4.1.5 Small strain stiffness parameters

There are two small strain parameters in HSsmall model: Ggef, Initial or very small

strain shear modulus and y , ; shear strain at which G, = 0.722G,.

Small strain stiffness is modeled using S shape curves which are obtained from
sketching the graph of shear modulus (G) against shear strain (y) in logarithmic
scale. From this graph, small strain shear modulus (G,) and shear strain (y,-) at
which the shear modulus is 70% of G, is given and that graph can be seen in Figure
4.6.
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Figure 4.6: S shaped curve for reduction of shear modulus against shear strain
(Plaxis Material Models Manual, 2012).

Different charts and correlations are developed by several researchers to estimate
stiffness reduction. Vucetic and Dobry (1991) show the effect of plasticity on
stiffness in their works which is presented in Figure 4.7. By using chart, shear strain
at 0.7Gy can be obtained. Also, Seed and Idriss (1970) show the stiffness reduction-
shear strain relationship for sandy soils in their works. The graph is presented in
Figure 4.8.
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Figure 4.7: Effect of plasticity on stiffness reduction (Vucetic and Dobry, 1991).
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Figure 4.8: Stiffness reduction curve (Seed and Idriss, 1970).
In addition, initial shear modulus can be calculated by using this formula;
Go = g * V2 (4.11)

Where, v is unit weight of soil (kN/m?), g is gravitational acceleration (m/s®) and Vs

is shear wave velocity (m/s).

There are some empirical formulas to calculatey,,. Darendeli (2001) proposed
correlations based on statistical evaluation of test data for clayey soils. Correlations
are given for different plasticity indexes.

IP=0; Vo, = 0.00015 p”' (4.12)
ref
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IP=30: Vo, = 0.00026 p”' (4.13)
ref

IP=100; Vo, = 0.00055 p”'f (4.14)

Where, p’ is actual stress and prer IS reference stress.

Also, Brinkgreve et al. (2007) proposed a correlation for quartz sands to calculate

Yo 7. The formula follows:

Yo = (2 —=RD/100)10~* (4.15)
Where, RD is relative density of sand.

4.4.1.6 Determination of shear wave velocity

Shear wave velocity is not a parameter directly used in model, but it is needed for the
calculation initial shear modulus (Go). In the field, shear wave velocity is measured
by geophysical methods such as down-hole method, up-hole method, cross-hole
method, seismic refraction, PS logging, Spectral Analysis of Surface Waves (SASW)
and Multichannel Analysis of Surface Waves (MASW). If shear waves are not
directly measured in the field, they can be determined by using empirical correlations

for Standard Penetration Test (SPT). The correlation formulas are given below:

Fujimara (1972) V, =92.1 « N°337 (4.16)
Imai et al. (1976) V, = 89,8 x N0-341 (4.17)
Ohta and Goto (1978) V, = 85.3 x N0:348 (4.18)
Imai and Tonouchi (1982) V; = 97.0 x N0-314 (4.19)
Iyisan (1996) V, = 51.5 x N0-516 (4.20)
Kiku et al. (2001) V, = 68.3 x N02%2 (4.21)

After determination of shear wave velocity, initial shear modulus (Gy) is calculated

by using equation 4.11. Then, Eq can be calculated by;

Ey=2x*(1+v)*G, (4.22)
4.5 Dynamic Parameters

Dynamic parameters which affect the dynamic analysis stability and calculations are

explained in this chapter.
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4.5.1 Finite element model

The 15-node triangular element is used in these analyses. 15-node element provides a
fourth order interpolation for displacement and the numerical integration involves 12
stress points. It produces high quality stress results and is very accurate. The average
element size (AES) is the average side length of the element was used and it is an
average dimension, which is represents mesh thickness (Plaxis Material Models
Manual, 2012). Every time a numerical analysis is performed, effect of mesh should
be checked. Kuhlmeyer and Lysmer (1973) stated that element size should not be
larger than A/8, where A is wave length with maximum frequency. Average element
sizes for layers are checked and in this study, the mesh density is chosen medium for

analyses.

4.5.2 Absorbent boundaries

When performing a dynamic analysis, special boundary conditions are defined to
model semi-infinite media in reality. Absorbent boundaries are used to prevent
reflecting waves back from model boundaries (Plaxis Material Models Manual,
2012).

4.5.3 Newmark alpha and beta

Newmark alpha and beta parameters are defined in the iterative procedure group in
PLAXIS manual and used for determination of numeric time integration according to
the implicit Newmark scheme (Plaxis Material Models Manual, 2012). For
performing an unconditionally stable solution, Newmark parameters must fulfill the

following conditions;
Newmark g = 0.5 (4.23)
Newmark a > 0.25(0.5 + )2 (4.24)

In dynamic analyses g = 0.5and a = 0.25 were used as an average acceleration

scheme are used.
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4.5.4 Boundary C; and C,

Boundary C; and C, coefficients are used for relaxation to improve wave absorption
which is done on absorbent boundaries. C; is used for correction of the dissipation in
the direction normal to the boundary and C, does the some in tangential direction. If
the waves move only perpendicular to boundaries, use of relaxation is not necessary
(C1=C,=1). If waves move in arbitrary direction, C, should be adjusted to improve

absorption on boundaries (Plaxis Material Models Manual, 2012).

As earthquake waves move in arbitrary direction, C, is adjusted. C;=1 and C,=0.25

are used in analyses.

4.5.5 Dynamic multipliers

When running an analysis, dynamic multipliers are used to activate dynamic loads.
Either defining a harmonic load or reading a dynamic load multiplier from a data file
Is possible. The format of data file can be ASCII or SMC (Strong Motion CD-ROM).
Prescribed displacements are used to apply ground motion data or harmonic load
(Plaxis Material Models Manual, 2012). Ground motion data can be downloaded
from sources such as PEER, USGS or VDC.

4.5.6 Material damping

The vibration amplitude decreases in soil with respect to time. In Plaxis, viscous
properties of soil, friction and development of plastic strains, causes material
damping to a certain extent but in reality there are more damping observed. For
modeling the real damping in soil behavior, Rayleigh parameters are used (Plaxis
Material Models Manual, 2012).

Rayleigh a parameter is defined to determine the influence of mass in the damping
of the system and Rayleigh g parameter is defined to determine the influence of

stiffness in the damping of the system.
C=aM + BK (4.25)
Where, C is damping matrix, M is mass matrix and K is stiffness matrix.

Rayleigh parameters can be calculated as;

Q= 2w @, 2252020 (4.26)

Z__ 2
wi—w3
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p =ity @27)

wi—w3
wq = 27Tf1 and Wy = 27Tf2 (428)

Where, ¢ represents damping, w; is the first angular frequency and, w, is the second

angular frequency, f; and f, are first and second natural vibration frequency.

f; and f, are inverse of period (T) and can be determined by;

o (4.29)

Vs

1
f=z (4.30)
Here, H is the thickness of soil layers and V; is the shear wave velocity.

4.5.7 Dynamic substeps

When performing a dynamic analysis, it is important to define proper numbers of
time steps. The time steps used in dynamic analysis is constant and calculated as;

5 = =L (4.31)

nm

Where, At is duration of dynamic loading (earthquake time interval), n is number of

dynamic sub steps and m is number of additional steps.

For each additional time step, PLAXIS calculates the number of substeps necessary
to reach the estimated end time with the sufficient accuracy relating to generated
mesh and calculated ;. The number of additional steps specifies the number of steps
which is used in plots in the Output programme of PLAXIS. Higher number of
additional steps gives more detail in plots, on the other hand, time of analysis

increases.

4.6 Case Study and Results

A quay wall in Rokko Island which was damaged during the 1995 Kobe Earthquake
is modeled in PLAXIS. The wall is located at the Northwest of the Rokko Island.
The modeled quay wall moved 2.48 m towards sea and settled 1.2 m, according to

Inagaki (1996). The cross-section of site and SPT values are given in Figure 4.9.
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Figure 4.9: Cross-section of quay wall and SPT values (Inagaki, 1996).

The wall was designed with pseudo static method whose seismic coefficient was
0.15. The SPT values vary between 0-2 in alluvial clay, foundation soil was replaced
to provide sufficient bearing capacity for the wall. Masado soil was used in artificial
fills which were used both backfill and foundation fill. Below the alluvial clay, there
is Sandy Gravel layer and measured SPT values of Sandy Gravel are 5, 10, 14 and

increases with depth.

The model in used analyses is given in Figure 4.10. Cross-sectional area is 200 m by
48 m. The caisson wall dimensions are 11.5 m in width and 18 m in height. The

finite element mesh is given in Figure 4.11.
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Figure 4.11: Finite element mesh in PLAXIS

The soil model in used analyses is described in Section 4.4. Backfill, foundation soil,
clay and sandy gravel layers are modeled with HS small model. Rubble is modeled in
Mohr-Coulomb. Caisson fill and concrete is modeled using linear elastic model.

Model parameters are determined using Standard Penetration Test results. Energy
correction and overburden pressure correction are done. Then, empirical correlation
formulas are used to determine shear wave velocity. 6 different correlation formulas
are used including Fujimara (1972), Imai et al. (1976), Ohta and Goto (1978), Imai
and Tonouchi (1982), lyisan (1996) and Kiku et al. (2001) which explained in
previous chapter. Calculated shear wave velocities of 6-B, 6-B’ and 6-C are
presented in Figure 4.12, 4.13 and 4.14.
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Figure 4.12: Shear wave velocity with depth in 6-B
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Shear Wave Velocity (6-B")
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Figure 4.13: Shear wave velocity with depth in 6-B’
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Shear Wave Velocity (6-C)
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Figure 4.14: Shear wave velocity with depth in 6-C
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After determination of shear wave velocity, Rayleigh parameters are calculated for
material damping. Firstly, period is calculated by using layer thickness and shear
wave velocity. Then, frequency is determined as it is inverse of period. Thereafter,
angular frequencies are calculated. Finally, Rayleigh parameters are determined by
using angular frequencies. Rayleigh parameters are calculated for 5% damping.
Parameters are given in Table 4.4 for every layer.

Table 4.4 : Rayleigh parameters for soil layers.

Layer Backfill Foundation Clay Sandy
Sand Gravel
Thickness (m) 22,5 15,5 15,5 10
Vs (m/s) 200 220 100 180
Period (S) 0,45 0,28 0,62 0,22
Frequency (1) 2,22 3,55 1,61 4,50
Frequency (f,) 10 10 10 10
Angular frequency (m1) 13,96 22,30 10,13 28,27
Angular frequency (w;) 62,83 62,83 62,83 62,83
Rayleigh o 1,14 1,65 0,87 1,95
Rayleigh 0,0013 0,0012 0,0014 0,0011

The average element size (AES) is explained in previous chapter. Maximum element
size is calculated for every layer according to Kuhlmeyer and Lysmer (1973) and
given in Table 4.5. To determine the maximum element size, period and frequency of
layers are calculated at first. Then, shear wave velocity is divided to frequency to

determine wave length. 1/8 of wave length is maximum element size.

Table 4.5 : Maximum element sizes for soil layers.

Layer Thickness Vs Period (s) Frequency Wave Maximum
(m) (m/s) (sh length  element size
(m) (m)
Backfill 22,5 200 0,45 2,22 90 11,25
Foundation 15,5 220 0,28 3,55 62 7,75
Sand
Clay 15,5 100 0,62 1,61 62 7,75
Sandy Gravel 10 180 0,22 4,50 40 5

HS small model stiffness parameters are determined using shear wave velocities.
Using equation (4.11), initial shear modulus (Gy) is calculated. Then, Ej is calculated
with Poisson’s ratio. Mayne’s (2007) modulus reduction curves are used to

determine Eso. By using Esp, the other stiffness parameters are determined and
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adjusted for reference stress. To determine strength parameters such as internal

friction (¢) angle, dilatancy angle (y) and cohesion (¢) empirical relations between

SPT and tables are used. All soil parameters used in analyses are given in Table 4.6.

For rubble and caisson fill parameters, properties proposed by lai et al. (1998) are

used. Concrete rubble and caisson fill parameters are given in Table 4.7.

Table 4.6 : Calculated parameters for soil layers.

Material Backfill Foundation Clay Sandy Gravel
Naverage 12 16 2 10
Vs (m/s) 200 220 100 180
Dy (%) 35 40 - 35
Material HS Small HS Small HS Small HS Small
Model
Yunsat (KN/m®) 15 16 16 18
Vear (KN/m?) 17 18 18 20
¢ (°) 33 35 1 33
v (°) 3 5 - 3
c (kPa) - - 10 -
E;«(e)f (kPa) 20000 23000 10000 30000
E'¢ (kPa) 20000 23000 29500 30000
E™ (kPa) 60000 69000 30000 90000
m 0,5 0,5 0,9 0,5
Vur 0,2 0,2 0,2 0,2
G(r)ef (kPa) 38000 42000 14000 45000
Y07 0,000165 0,00016 0,002 0,00016

Table 4.7 : Rubble, concrete and caisson fill parameters.

Material Rubble Concrete Caisson Fill
Material Model  Mohr-Coulomb Linear Elastic Linear
Elastic
Yunsat 17 21 14
Vsat 20 - -
[0) 40 - -
¢ (Kpa) 0 - -
E (Kpa) 432000 32000000 100000
G (Kpa) 180000 14550000 41670
v 0,2 0,1 0,2
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4.6.1.1 Input motion

In dynamic analyses, different earthquake records are used as dynamic multipliers.
Firstly, the accelerogram which recorded during 1995 Kobe earthquake at Port Island
station used as dynamic multiplier. The earthquake data retrieved from website of
Strong-Motion Virtual Data Center. As accelerations in y directions were greater
than other directions, y component of earthquake is used in analysis. Filtering and
baseline corrections are applied to the record. The accelerogram is given in Figure
4.15.
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Figure 4.15: 1995 Kobe accelogram in y direction recorded at Port Island Station.

Also, four other earthquake data used as dynamic multipliers. Firstly, record of 1999
Kocaeli (Turkey) earthquake which is recorded in Yarimca Station is used. The
accelerogram of Kocaeli is given Figure 4.16. The peak ground acceleration was 343
cm/s? and duration of record is 35 seconds. The magnitude of earthquake was 7.4,

fault type was strike-slip and depth of earthquake was 15 km.
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Figure 4.16: 1999 Kocaeli earthquake accelerogram recorded at Yarimca Station.
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Secondly, 1999 Chi-Chi (Taiwan) earthquake data which is recorded at TCU045
station is used. The accelerogram of Chi-Chi earthquake is given in Figure 4.17. The
peak ground acceleration of record was 359 cm/s® and duration of record is 53
seconds. The magnitude of earthquake was 7.6, fault type was reverse-oblique and

depth of earthquake was 6.8 km.
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Figure 4.17: 1999 Chi-Chi earthquake accelerogram recorded at TCU045 Station.

Thirdly, 1994 Northridge (USA) earthquake data which is recorded at CDMG 24278
station is used. The accelerogram of Northridge earthquake is given in Figure 4.18.
The peak ground acceleration of record was 603 cm/s® and duration of record is 40
seconds. The magnitude of earthquake was 6.7, fault type was reverse and depth of

earthquake was 17.5 km.
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Figure 4.18:1994 Northridge earthquake accelerogram recorded at CDMG 24278
Station.
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Fourthly, 1976 Friuli (Italy) earthquake data which is recorded at Tolmezzo station is
used. The accelerogram of Friuli earthquake is given in Figure 4.19. The peak

ground acceleration of record was 327 cm/s? and duration of record is 37 seconds.
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Figure 4.19: 1976 Friuli earthquake accelerogram recorded at Tolmezzo Station.

Data of four earthquakes retrieved from PEER. Filtering and baseline corrections are

applied. All applied earthquake records are summarize in Table 4.8.

Table 4.8 : Station, duration and acceleration informations of earthquakes.

Earthquake Year Station Name Maximum acceleration  Duration
Name (amax) (cm/s?) (s)
Kobe 1995 Port Island 463 42

Chi-Chi 1999 TCU 045 359 53
Kocaeli 1999 Yarimca 342 35

Northridge 1994 CDMG 24278 603 40

Friuli 1976 Tolmezzo 326 36
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5. ANALYSIS RESULTS

After all inputs are defined in PLAXIS, the dynamic analyses performed for quay
wall at Rokko Island. First analysis is performed for Kobe earthquake. The result of
analysis is given in Figure 5.1. The horizontal displacement of top of the caisson is
2.43 m and vertical displacement of top of the caisson is 1.54 m. Plot of deformed
mesh is given in Figure 5.2.

Plot of deformed stiffness reduction in shadings is presented in Figure 5.3. Also,
deformation contours and excess pore pressures are plotted Figure 5.4 and Figure
5.5.
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Figure 5.1 : Plot of total displacements for Kobe earthquake (shadings).
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Figure 5.2 : Plot of deformed mesh (scaled 5 times)
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Figure 5.3 : Plot of stiffness reduction in model
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Figure 5.4 : Plot of deformation contours
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Excess pore pressures p,, .., (Pressure = negative)
Maximum value = 1728 kN/m2 (Element 16 at Node 4)
Minimum value = -240,2 kN/m2 (Element 1523 at Node 9018)

Figure 5.5 : Plot of excess pore pressures

Dynamic analyses are performed for other four earthquakes records. Displacement-
time graph for all earthquakes are given in Figure 5.6 for horizontal displacements
and in Figure 5.7 vertical displacements. Displacements of top of the caisson for all
earthquakes are summarized in Table 5.1. Excess pore pressures and effective stress

are given in Appendix A.

83



y
5 h 1N Different Earthquakes

I / w —#— Kobe (1955)

—+— Chi-Chi (1939)

. —+— Kocaeli (1999}
[y —&— Northridge (1994)
T —e— Friuli (1576)

ety

@ w
_.__.\‘
T
.

4

T

+

L

%]

Horizontal Displacement (m)

+ _.?'iwh T S
'
u/

.
/ N\ '/\._ PR Sl T
=S

=1
=1
[
=1

o 40 50 &0
Dynamic time (s)

Figure 5.6 : Time-displacement graph in horizontal direction for the point of top of
the caisson.
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Figure 5.7 : Time-displacement graph in vertical direction for the point of top of the
caisson.
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Table 5.1 : Displacements at the top point of the caisson for different earthquakes.

Applied Earthquake Displacement of caisson top (m)

ux uy
Observed Displacement 2,48 1,20
Kobe (1995) 2,33 1,53
Kocaeli (1999) 1,74 0,32
Chi-Chi (1999) 0,53 0,12
Northridge (1994) 1,20 0,26
Friuli (1976) 0,61 0,13

5.1 Soil Densification

After the effect of different earthquakes is analyzed, effect of soil improvement to
displacements is analyzed. Different layers are densified for different cases. Two
new soil layers are defined as medium sand and dense sand. The relative density of
medium sand is 50% and the relative density of dense sand is 70%. Material

properties of two soils are given in Table 5.2.

Table 5.2 : Model parameters for medium sand and dense sand.

Material Dense Sand Medium Sand
D (%) 70 50
Material Model HS Small HS Small

Yunsat (kN/m3) 18 17

Vsat (kN/mS) 20 20

¢ (°) 37 34

v (°) 7 4

¢ (Kpa) - -
Eggf (kPa) 42000 30000
Ezgi (kPa) 42000 30000
EXST (kPa) 126000 90000

m 0,5 0,5

Vur 0,2 0,2
Ggef (kPa) 107600 94000
Yo.7 0,00013 0,00015

In the first case, backfill soil is densified. The relative density of backfill is increased
from 35% to 50%. In the second case, foundation sand is densified. The relative

density of foundation sand is improved from 40% to 70%. In the third case,
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foundation soil is improved partially (D,=%70) below toe of caisson. Improved part
of foundation is given in Figure 5.8. Horizontal and vertical displacements of top of
the caisson are given in Table 5.3. Displacement time-graph of caisson in horizontal

direction is given in Figure 5.9.
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Figure 5.8 : Improved part of foundation soil.

Table 5.3 : Horizontal and vertical displacements at the top of the caisson for
different improvement cases.

Densification Displacement of caisson top (m)
Ux Uy
No densification 2,33 1,53
Backfill densified 1,00 1,28
Foundation densified 1,81 1,47
Foundation densified partially 2,05 1,44
| Soil Improvement
—=a— No Densification
/ —+— Backfll Densified
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Figure 5.9 : Time-displacement graph in horizontal direction for the point of top of
the caisson for different improvement cases.
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5.2 Effect of B/H Ratio

Also effect of B/H ratio to displacement is analyzed. Three different B/H ratios are
used in analysis. The B/H ratio of quay wall in Rokko Island is 0.66. B/H ratios 0.8
and 1.0 are also analyzed. Horizontal and vertical displacements of top of the caisson
are given in Table 5.4. Total displacement time-graph of caisson in is given in Figure
5.10.

Table 5.4 : Horizontal and vertical displacements at the top point of the caisson for
different B/H ratios.

B/H ratio Displacement of caisson top (m)
Ux Uy
0,66 2,33 1,53
0,80 2,35 1,58
1,00 2,27 1,52

)
_4+—+—+_ L —4—*"| B/H Ratios
— — e B{H=0.66

~+ B/H=0.80
—— BfH=1.00
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Figure 5.10 : Time-displacement graph in horizontal direction for the point of top of
the caisson for different B/H ratios.
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5.3 Kushiro Port

Also Kushiro Port is analyzed. On 15 January 1993, Kushiro-oki earthquake hit 13
km off the coast of Kushiro, Hokkaido. The magnitude of earthquake was 7.8 and
hypo central depth was 107 km. Kushiro City was shaken with 0.47g peak horizontal
acceleration (Hamada, 2014).

Kushiro Port is in southeastern part of Hokkaido Island. Quay walls were constructed
on relatively dense seabed deposits from the sand dune and backfilled with dredged
sand. The seismic coefficient of quay walls is 0.20. The analyzed quay wall is
located at Pier No.2 in West Port. The caisson quay wall moved towards sea 26 cm
and settled about 40 cm. The cross-section of wall is given in Figure 5.11 (Sugano,
2009).
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Figure 5.11 : Cross-section of quay wall at Kushiro Port and SPT values (Sugano,
2009).

According to Standard Penetration Test data, soil model is established. Relative
density of coarse sand layer is 35% and SPT values of this layer change between 2
and 12, averagely 7. The depth of this layer is 7 m. Below coarse sand, there is first
fine sand layer which defined as Fine Sand 1. Relative density of this fine sand is
50% and SPT values change between 20 and 42, averagely 30. The depth of Fine
Sand 1 is 11.5 m. Below Fine Sand 1 layer, there is silty sand layer. Silty sand layer
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is loose and its relative density is 30%. Average SPT value is 9. Silty sand layer is 2
m thick. Beneath silty sand, there is another fine sand layer and it is defined as Fine
Sand 2. Fine Sand 2 layer has relative density of 60% and average SPT value of this
layer is 41. Depth of Fine Sand 2 layer is 3.5 m. Below Fine Sand 2 layer, there is silt
layer. Average SPT value of silt is 5 and layer thickness is 3 m. Beneath silt, there is
sandy silt layer. Average SPT value of silt is 11 and depth of layer is 5 m. Cross-

section of quay wall and soil model is given Figure 5.12.
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Figure 5.12 : Cross-section of quay wall and soil model.

SPT values are corrected and shear wave velocities are calculated using correlation
formulas. Shear wave velocities are used to determine Rayleigh parameters for
material damping and to calculate maximum element size for dynamic analysis.
Rayleigh parameters for layers are given in Table 5.5 and maximum element sizes
for every layer are given in Table 5.6. Finite element mesh is checked for maximum

element sizes for every layer. Finite element mesh is given in Figure 5.13.

Table 5.5 : Rayleigh parameters for soil layers.

Layer Coarse Fine Sand Silty Fine Sand Silt Sandy
Sand 1 Sand 2 Silt
Thickness (m) 7 11,5 2 3,5 3 5
Vs (m/s) 164 267 172 297 147 191
Period (s) 0,17 0,17 0,05 0,05 0,08 0,10
Frequency (f1) 5,86 5,80 21,50 21,21 12,25 9,55
Frequency (f,) 10 10 10 10 10 10
Angular frequency (1) 36,80 36,47 135,09 133,29 76,97 60,00
Angular frequency (o) 62,83 62,83 62,83 62,83 62,83 62,83
Rayleigh o 2,32 2,31 4,29 4,27 3,46 3,07
Rayleigh 0,0010 0,0010 0,0005 0,0005  0,0007 0,0008
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Table 5.6 : Maximum element sizes for soil layers.

Layer Thickness Vs (m/s) Period (S) Frequency  Wave Maximum
(m) (sh length  element

(m) size

(m)

Coarse Sand 7 164 0,171 5,86 28 3,5

Fine Sand 1 11,5 267 0,172 5,81 46 5,75
Silty Sand 2 172 0,047 21,45 8 1

Fine Sand 2 3,5 297 0,047 21,18 14 1,75

Silt 3 147 0,082 12,22 12 1,5

Sandy Silt 5 191 0,105 9,54 20 2,5

Similar to Rokko Island model, stiffness parameters are derived using shear wave

velocities. Strength parameters are calculated SPT correlation formulas. All

parameters used in analyses are given Table 5.7. Rubble and concrete parameters are

taken same with Kobe case which is given in Table 4.7 before.

Table 5.7 : Calculated parameters for soil layers.

Layer Coarse Sand FineSand 1  Silty Sand Fine Silt Sandy
Sand 2 Silt
Naverage 7 30 8 41 5 11
Vs (m/s) 164 267 172 297 147 191
Dr (%) 35 50 30 60 - -
Material HS Small HS Small HS Small HS HS HS
Model Small Small Small
Yunsat 18 17 17 17 18 18
(KN/m®)
Vear (KN/m?) 20 19 19 19 20 20
o (°) 32 34 31 35 - -
v (°) 2 4 1 5 - -
¢ (Kpa) - - - - 25 50
Eggf (kPa) 11500 26500 11000 32500 11500 19500
EZ‘Z; (kPa) 11500 26500 11000 32500 11500 19500
E;f;f 34500 79500 33000 97500 34500 58500
(kPa)
m 0,5 0,5 0,5 0,5 0,9 0,9
Vur 0,2 0,2 0,2 0,2 0,2 0,2
Ggef (kPa) 22000 60000 21000 62750 17550 30000
Yo7 0,00017 0,00015 0,00017 0,00014 0,00017 0,00017
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Figure 5.13 : Finite element mesh of Kushiro Port

In analyses of Kushiro Port, the digital data of 1993 Kushiro-oki earthquake can not
be retrieved. Friuli (1976), Northridge (1994), Kobe (1995) and Chi-Chi (1999)
record which their accelerograms used also Rokko Island case, are used as dynamic
multipliers. After all inputs are defined, analyses are performed. Plot of total
displacements for Northridge record is given in Figure 5.14. Displacements for three
earthquakes are summarized in Table 5.8. Time-displacement graph for the top point
of the caisson in horizontal direction and vertical direction are given in Figure 5.15

and 5.16, respectively.
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Figure 5.14 : Plot of total displacements for Kobe earthquake (shadings).
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Table 5.8 : Displacements at the top point of the caisson for different earthquakes.

Applied Earthquake Displacement of caisson top (m)
Ux Uy
Observed Displacement 0,26 0,40
Kobe (1995) 0,22 0,51
Chi-Chi (1999) 0,11 0,008
Northridge (1994) 0,14 0,012
Friuli (1976) 0,08 0,001
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Figure 5.15 : Time-displacement graph in horizontal direction for the point of top of
the caisson.
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Figure 5.16 : Time-displacement graph in vertical direction for the point of top of
the caisson.
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5.4 Displacement Calculations with Analytical and Empirical Methods

Lateral displacements of caisson quay wall during 1995 Kobe earthquake also
calculated with analytical and empirical methods which explained in Chapter 3.
Displacements in horizontal direction also calculated with Richards-Elms (1977),
Whitman-Liao (1979), Franklin-Chang (1985), lai et al. (1997), lai et al. (1999), LSI,
Hamada (1994), Multi Linear Regression (MLR) and EPOLLS method. Results of all
methods are given in Figure 5.17.

Lateral Displacement (m)

3,04

® Displacement

(m)

Figure 5.17 : Comparison of lateral displacements using all methods during 1995
Kobe earthquake.

Settlement below caisson during 1995 Kobe Earthquake is also calculated with
empirical methods. Tokimatsu and Seed (1987), Ishihara and Yoshimine (1992)
methods are used in settlement calculations. Results of calculations are given in
Figure 5.18.
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Figure 5.18 : Comparison of settlements using all methods during 1995 Kobe
earthquake.

5.5 Conclusions

A quay wall which damaged in 1995 Kobe earthquake at Rokko Island is modeled in
PLAXIS finite element programme. The behavior of wall during different
earthquakes analyzed. Lateral displacements and settlements of quay wall using
PLAXIS agrees with observed displacements. Also, different earthquakes such as
Kocaeli (1999), Chi-Chi (1999), Northridge (1994) and Friuli (1976) applied to
modeled wall and displacements are determined for every earthquake. Horizontal and

vertical displacements of quay wall under different earthquakes analyzed.

Moreover, effect of soil improvement to displacements analyzed. Different layers are
densified for different improvement cases. Two new soil layers are defined as
medium sand and dense sand to model soil improvement. In the first case, backfill
soil is densified. The relative density of backfill is increased from 35% to 50%. In the
second case, foundation sand is densified. The relative density of foundation sand is
improved from 40% to 70%. In the third case, foundation soil is improved partially
below toe of caisson. Horizontal and vertical displacements of top of the caisson are

reduced as a result of densification.
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In addition, effect of different B/H ratios is analyzed. Three different B/H ratios,
0.66, 0.80 and 1.00 are analyzed. Horizontal and vertical displacement of caisson is
calculated with the PLAXIS.

Furthermore, dynamic analysis of a damaged quay wall during 1993 Kushiro-okKi
earthquake in Kushiro Port is performed. Three different earthquake records are
applied as dynamic multipliers, including Chi-Chi (1999), Northridge (1994) and
Friuli (1976) earthquakes.

Also, lateral displacements of caisson quay wall during 1995 Kobe earthquake
calculated with analytical and empirical methods which explained in Chapter 3.
Displacements in horizontal direction calculated with Richards-Elms (1977),
Whitman-Liao (1979), Franklin-Chang (1985), lai et al. (1997), lai et al. (1999), LSI,
Hamada (1994), Multi Linear Regression (MLR) and EPOLLS method.

Lastly, settlements beneath caisson during 1995 Kobe Earthquake are also calculated
with empirical methods. Tokimatsu and Seed (1987), Ishihara and Yoshimine (1992)

methods are used in settlement calculations.
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6. CONCLUSIONS AND RECOMMENDATIONS

Liquefaction is strength loss of a soil during undrained loading due to rapid excess
pore pressure generation. Pore water pressure generation decreases the effective
stress of soil. As a result of effective stress decrease, the strength and rigidity of soil
decrease. Due to liquefaction, lateral spreading, flow failures, ground subsidence
may be seen and airports, roads, railways, buried pipelines and bridges may be

damaged.

Material characteristics determine liquefaction behavior of soils. Loose soils tend to
flow liquefaction, if geometrical conditions are suitable. Also cyclic mobility or
cyclic liquefaction may be observed. Dense soils may not liquefy during earthquake
loading, however, if loading conditions are sufficient, they may soften due to excess

pore pressure.

Liquefaction induced lateral spreading is the main cause of catastrophic damages in
disastrous earthquakes. For that reason, mechanism of liquefaction and lateral
spreading should be understood clearly and their impacts on engineering structures

analyzed carefully during and after earthquake.

Lateral spreading causes large deformations on slopes and retaining structures.
Several researchers have developed different methods to predict liquefaction induced
lateral spreading, seismic quay wall displacements and settlements. These methods
can be used to estimate potential damages on existing structures and can also be used

on design process.

In present study, a quay wall which damaged severely in 1995 Kobe earthquake at
Rokko Island is modeled using PLAXIS finite element programme. The behavior of
wall during 1995 Kobe Earthquake is analyzed. Lateral displacements and
settlements of quay wall calculated using PLAXIS agrees with observed
displacements. Also, different earthquakes records such as Kocaeli (1999), Chi-Chi
(1999), Northridge (1994) and Friuli (1976) applied to modeled wall and
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displacements are determined for every earthquake. Horizontal and vertical
displacements of quay wall under different earthquakes are analyzed.

Moreover, effect of soil densification to displacements is analyzed. Different layers
are densified for different improvement cases. Two new soil layers are defined as
medium sand and dense sand to model soil improvement. In the first case, backfill
soil is densified. The relative density of backfill is increased from 35% to 50%. In the
second case, foundation sand is densified. The relative density of foundation sand is
improved from 40% to 70%. In the third case, foundation soil is improved partially
below toe of caisson. Horizontal and vertical displacements of top of the caisson are
reduced as a result of densification. A densification of backfill reduces total
displacements by 40%, densification of foundation soil reduces total displacements
by 15%, and partial densification of foundation soil reduces total displacements by
10%.

In addition, effect of different B/H ratios is analyzed. Three different B/H ratios,
0.66, 0.80 and 1.00 are analyzed. Horizontal and vertical displacement of caisson is
calculated with PLAXIS programme. It is seen that effect of B/H ratio is not an

important parameter in liquefied cases.

Furthermore, dynamic analysis of a damaged quay wall during 1993 Kushiro-oki
earthquake in Kushiro Port is performed. Three different earthquake records are
applied as dynamic multipliers, including Chi-Chi (1999), Northridge (1994) and
Friuli (1976) earthquakes. Horizontal and vertical displacements of caisson quay wall
are calculated. According to results, displacements of wall are lesser than Rokko

Island as layers are denser in Kushiro Port compared to Rokko Island.

Also, lateral displacements of caisson quay wall during 1995 Kobe earthquake
calculated with analytical and empirical methods which are explained in Chapter 3.
Displacements in horizontal direction calculated with Richards-Elms (1977),
Whitman-Liao (1979), Franklin-Chang (1985), lai et al. (1997), lai et al. (1999), LSI,
Hamada (1994), Multi Linear Regression (MLR) and EPOLLS method. Pseudo-
static methods underestimate wall displacements as liquefaction behavior of soil
during earthquake is ignored. LSI, MLR and R-EPOLLS also underestimate wall
deformation. S-EPOLLS, Hamada (1994) and lai et al. (1997) agree with wall
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displacements as liquefaction behavior of soil is considered. lai et al. (1999)

overestimates wall displacements.

Lastly, settlements beneath caisson during 1995 Kobe Earthquake are also calculated
with empirical methods. Tokimatsu and Seed (1987), Ishihara and Yoshimine (1992)
methods are used in settlement calculations. Tokimatsu and Seed method
underestimates settlements due to liquefaction. Ishihara and Yoshimine (1992)

method agrees with settlements.

In conclusion, Mononobe-Okabe method is not sufficient for quay wall design as it
ignores liquefaction behavior. When seismic coefficients are reached, catastrophic
wall damages occur. Local site effects should be evaluated and using field and
laboratory test data, finite element analyses should be performed to understand wall

behavior during earthquakes.

PLAXIS finite element program calculates lateral displacements accurately.
However the program does not calculate vertical displacements accurately. In Rokko
Island case, settlements are overestimated. In contrast to Rokko Island case,

settlements are underestimated in Kushiro Port Case.
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APPENDICES

APPENDIX A: Pore water pressures and effective pressures

value = -0,5478 kN/m”
Minimum value = -133,6 kN/m”

EXCESS POTe Pressures ..., (scaled up 0,0500 times) (Pressure = negative)
Equivalent force is -929,6 kNjm at position (40,000, -4,348) m

Figure A.1 : Excess pore pressure distribution under sea side at the end of the
earthquake.

il

.
i

Principal effective stress ¢’ ; (scaled up 0,0500 times)

Maximum value = 3,492 kN/m?

Minimum value = -118,9 kNy‘m2

Figure A.2 : Effective stress distribution under sea side at the end of the earthquake.
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Excess pore pressures p,,. ... (scaled up 0,0200 times) (Pressure = negative)
Maximum value = 139,8 kN/m*
Minimum value = -205,7 kN/m?
Equivalent force is 1481 kN/m at position (87,000, 12,672) m

Figure A.3 : Excess pore pressure distribution below quay wall at the end of the
earthquake.

Principal effective stress o' (scaled up 0,0200 times)
Maximum value = -54,19 kN/m?

Minimum value = -210,7 kN,'m2

Figure A.4 : Effective stress distribution below quay wall at the end of the
earthquake.
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L |

EXCaSS pore Pressures P, ... (scaled up 5,00¥10 ° times) (Pressure = negative)
Maximum value = 545,6 kN/m?
Minimum value = -196,5 kN/m?

Equivalent force is 3458 kN/m at position (98,500, 1,655) m

Figure A.5 : Excess pore pressure distribution below quay wall at the end of the
earthquake.

|

L.

Principal effective stress ¢'; (scaled up 5,00%10 times)
Maximum value = 806,8 kr\l_/'m2

Minimum value = -309,4 kl‘d,/’m2

Figure A.6 : Effective stress distribution below quay wall at the end of the
earthquake.
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L.

Excess pore pressures p,, .., (scaled up 0,100 times) (Pressure = negative)

Maximum value = 32,03 kN_n'm2

Minimum value = -25,42 kN,"m2

Figure A.7 : Excess pore pressure distribution backfill at the end of the earthquake.

L

Principal effective stress ¢'; (scaled up 0,0200 times)
Maximum value = -4,710 kN;'m2

Minimum value = -284,4 kN,’m2

Figure A.8 : Effective stress distribution backfill at the end of the earthquake.
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