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ABSTRACT

NONLINEAR SEISMIC RESPONSE ANALYSIS OF HIGH-RISE
FLAT PLATE BUILDINGS

Modern seismic codes allow engineers to design high-rise flat plate buildings,
together with an appropriate lateral load resisting system, in regions of high seismicity.
Despite increased popularity and usage of the flat plate system in highly seismic zones,
slab-column connection design checks are conducted only using a capacity design
approach during the design process. Furthermore, nonlinear behavior of slab-column
connections is ignored in performance-based design or assessment processes, due to
limitations of commercial analysis programs. Therefore, this study was conducted to
investigate nonlinear behavior characteristics of flat-plate systems, including slab flexural
yielding in column strips, slab flexural yielding in the moment transfer (c+5h) region, and
possible punching shear failure in the flat plate. In this study, nonlinear response history
analyses are conducted on different 3D building model configurations. Slabs are
represented using equivalent beam elements (effective beams) in three model
configurations. Two additional nonlinear model configurations, one with rigid diaphragm
constraints and without any slab elements, and the other with elastic slab elements, are
generated as alternative solutions to effective beam modeling of slabs, for checking
interstory drift ratios. Three effective beam models are created to compare different
modeling and design approaches in various design codes including TEC 2018, ACI 318
and ASCE 41. The so-called overstrength factor is considered as key parameter in two of
these models, where overstrength in calculation of slab punching stresses is included in the
design process of one model, whereas it is neglected in the other. The last model is created
according to design provisions of the new TEC 2018. The nonlinear analysis results show
that all five models satisfy necessary strength, stiffness and ductility requirements, though
they necessitate different slab reinforcement amounts at the slab-column connections.
However, significantly larger column cross-sectional dimensions are required for the
model designed according to TEC 2018.
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OZET

KiRiSSiZ DOSEMELI YUKSEK YAPILARIN DOGRUSAL
OLMAYAN DEPREM ANALIZI

Cagdas yonetmelikler miihendislere uygun yatay tasiyict sistemle beraber ileri
deprem bolgelerinde kirigsiz dosemeli yiiksek bina tasarlamalarina olanak saglamaktadir.
Kirigsiz dosemeli sistemlerin artan popiilerligine ve kullanimina ragmen, tasarim siirecinde
déseme kolon birlesimlerinin dizayn1 ve kontrolleri sadece kapasite tasarimi ilkeleri ile
yapilmaktadir. Ayrica performansa dayali tasarim siirecinde ve uygulamalarinda kolon
birlesimlerinin  dogrusal olmayan davranisti da  mihendislik  programlarinin
yetersizliklerinden dolayr ihmal edilmektedir. Bu sebeple; kolon seridindeki ddseme
egilme akmasmi, moment transfer bolgesindeki (c+5h) doseme egilme akmasini ve
dosemedeki zimbalamay1 igeren kirissiz doseme sistemlerinin dogrusal olmayan
davranigini incelemek i¢in bu calisma yapilmistir. Bu caligmada 3D modellere dogrusal
olmayan deprem davranis analizi uygulanmistir. U¢ modelde déseme elemanlar, kiris
elemanlar1 (esdeger kirisler) ile temsil edilmistir. Elastik doseme elamani igermeyen rijit
diyaframli ve elastik dosemeli iki ekstra dogrusal olmayan model, esdeger kirisli modellere
goreli kat Otelemeleri kontroliinde alternatif ¢6ziim olmasi i¢in olusturulmustur. TBDY
2018, ACI 318 ve ASCE 41 gibi farkli yonetmeliklerdeki modelleme ve tasarim
yaklagimlarini karsilastirmak iizere ii¢ esdeger kiris modeli olusturulmustur. Iki modelde
dayanim fazlaligi 6nemli bir parametre olarak degerlendirilmis ve dayanim etkisi bir
modelde gozetilirken digerinde gozetilmemistir. Son model yeni TBDY 2018’e¢ gore
olusturulmustur. Modeller degisik donati oranlarina sahip olmasina karsin, dogrusal
olmayan davranis analizleri tiim modellerin gerekli dayanim, rijitlik ve sekil degistirme
kosullarin1 sagladigini gostermistir. Fakat TBDY 2018’¢ gore tasarlanan modelde, yeterli

kosullar1 saglamak tizere dnemli 6l¢iide daha biiylik kolon kesitlerine ihtiya¢ duyulmustur.
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1. INTRODUCTION

1.1. General

Population growth rate is increasing every year all over the world. On the other hand,
big cities have already reached their natural borders that force them not to expand their
borders so that number of constructed high-rise buildings is increased. Besides of high rise
building popularity, number of high-rise flat plate buildings itself is increased because of
advantages (e.g., cost and functional) of the flat plate systems. Architects’ preference to
see smooth ceiling rather than ceiling divided with beams into small pieces is another

advantage of flat plate systems.

In flat plate systems, slab-column assemblies are typically not used to resist
earthquake loads in high seismic zones but are rather designed to support gravity loads.
Therefore, slab-column connection design (detailing) needs to guarantee that frames are
able to carry gravity loads while the structure is resisting earthquake actions (Moehle,
2015).

Slab-column frames are difficult to model due to the variety of potential failure
mechanism at slab-column connections. Failure can be in the so-called “column strip”
region, or within the so-called slab “moment transfer” region, or it can be simply punching
shear failure along the punching perimeter. Moreover, nonlinear behavior characteristics
(e.g., ductility) of the connection is dependent on the gravity-induced punching shear stress
demand. Additional factors that make modeling of the slab-column connections complex
are the type of connection (e.g., interior, edge and corner), and punching shear
reinforcement usage. Today, engineers have access to powerful tools to model and analyze
complicated building systems; however, even modern analysis tools are not able to deal

with the difficulties in slab-column connection modeling (Kang et al., 2009).

The most typical example of this shortcoming is that the commonly-used nonlinear
analysis software for tall buildings, CSI Perform3D, does not have torsional link element,

which is necessary to simulate the nonlinear behavior of the slab-column connection.



Therefore, in this study, a novel modeling approach is proposed, which is based on
representation of a nonlinear torsional link at a slab-column connection, using an
equivalent approach that involves an assembly of eccentrically-configured nonlinear shear
links. To validate the modeling approach, a two bay plane frame model configuration is
first generated using the novel so-called equivalent shear hinge model, and pushover
analysis results obtained using the model are compared with experimental results obtained
from the literature on a slab-column assembly. After validation of equivalent shear hinge
model against prior experimental studies, a realistic 20 storey flat plate building
configuration with two basement floors is modeled using the same approach, and is
investigated as a case study to evaluate the effect of different slab-column connection
configurations on the seismic performance of a tall building configured using different
design approaches for the slab-column connections. For the benchmark building, response
spectrum analysis is first used to design the structure (linear elastic design) using the finite
elements analysis program CSI ETABS. Then, two similar nonlinear models of the
structure are generated; one with rigid diaphragms at story levels and the other with elastic
shell elements for the slabs. Afterwards, three additional nonlinear model configurations,
all with effective beam elements for representing the slabs and with the equivalent shear
hinge models at the slab-column connections are generated, representing three different
code-compliant design approaches (ACI318 design, ACI318 design considering seismic
overstrength, and TEC2018 design) for comparison of building performance. The
commonly-used CSI Perform3D software is used to construct all of the nonlinear model
configurations and to perform nonlinear response history analyses of the benchmark
building. Nonlinear analysis results are interpreted for comparative evaluation of the three

design approaches for the slab-column connections.
1.2. Background
1.2.1. Flat Plate Systems
Flat plate system notion was developed during the first years of the 20" century.

However, detailed experimental and analytical studies on the nonlinear seismic behavior of

slab-column connections were not carried out until very recently. The most relevant studies



in the literature are outlined below. A more detailed evaluation of the recent research

studies will be presented in the following chapter of this thesis.

One of earliest studies on calculating the capacity of a slab-column connection due to
unbalanced moment in the columns, which is called the eccentric shear stress method, is
presented by Stasio and Buren (1960). Later, experimental studies were conducted to
develop the eccentric stress method by Hanson and Hanson (1968). This eccentric stress

method is still used to calculate capacity of slab-column connections.

An extensive study that emphasizes the nonlinear seismic behavior flat plate frames
is performed Kang (2004). Analytical studies of reinforced and post-tensioned concrete flat
plate are compared with shake table test of one third of two stories and two-by-two bay
slab column structure. The study provides valuable data on slab-column connection
behavior under reversed cyclic loads and is a comprehensive study that has led researchers

towards generating new modeling methodologies for slab-column connections.

Another experimental study is conducted by Kang and Wallace (2006), where the
purpose of the experiments is to show a relationship between gravity punching shear ratios
and interstory drift ratios at punching failure. This is a significant study that was used to

build backbone curves for slab-column connections in performance assessment guidelines.

Kang et al. (2009) presents a comparison of a proposed analytical modeling approach
(using nonlinear torsional springs at slab-column connections) with experimental data on
slab column frames. This study is significant towards development of reliable modeling
approach for slab-column connections. However the developed modeling approach is
applied on a simple two-story two-bay slab-column plane frame, and nonlinear static and
dynamic analyses are conducted. Therefore, extension of the work is necessary for

complex and 3D structures, which is the scope of the present study.

In addition to these studies mentioned in the prior paragraphs, there are various
guidelines and standards that address modeling of slab-column frame components and
connections. Modeling and Acceptance Criteria for Seismic Design and Analysis of Tall
Buildings (ATC 72-1) (Applied Technology Council, 2010) involves case studies for flat



plate buildings with core walls. This report is a significant document for structural
engineers. However, to create a simplified model, equivalent slab-beams and equivalent
columns are used, which is not possible for more complicated structural configurations
(Figure 1.1). In addition to ATC 72-1, Seismic Evaluation and Retrofit of Existing
Buildings (ASCE/SEI 41-17) (American Society of Civil Engineers, 2017) is a standard
that covers topics such as modeling approaches for representing the stiffness and strength

characteristics of slab column moment frames..
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Figure 1.1. Floor plan and simplified model of the combined slab-column frame and core
wall system (ATC 72-1, 2010).

The new Turkish Earthquake Code (TEC 2018) (Disaster and Emergency
Management Presidency, 2018) and Building Code Requirements for Structural Concrete
and Commentary (American Concrete Institute Committee, 2011) specify different flat
plate design approaches, although design can be done using either the finite element
method or assuming an eccentric stress method in both codes. The major differences in the
design approaches in TEC 2018 and ACI 318-15 are related to (i) consideration of seismic
overstrength in design, and (ii) transfer of unbalanced moment at the exterior slab-column
connections through slab flexural reinforcement only, as will be described in detail in the

next chapter.



1.2.2. Performance Based Design of High-Rise Buildings

Presently, engineers are more capable of producing better designs while spending
less computational time with the impact of technological development. Recent advances in
technology forces us to renew current design approaches to reach safer and more cost-
efficient design. The so-called performance-based design approach objective is to design
and analyze tall buildings with predictable and realistic performance under earthquake
actions, through nonlinear response history analyses. However, reliable design using the
PBD approach depends on how realistic and reliable are the modeling approaches used in
analysis. Therefore, there are guidelines and documents to assist structural engineers in
modeling of the expected nonlinear behavior of structural members, as well as criteria on
assessment of performance levels based on nonlinear deformation levels obtained from

analysis results.

Well-known modern PBD documents and guidelines include An Alternative
Procedure for Seismic Analysis and Design of Tall Buildings Located in the Los Angeles
Region (LATBSDC 2015) (Los Angeles Tall Buildings Structural Design Council, 2015),
Recommendations for the Seismic Design of High-Rise Buildings (CTBUH 2008)
(Council on Tall Buildings and Urban Habitat, 2008), and Guidelines for Performance
Based Seismic Design of Tall Buildings (PEER-TBI2010) (Pacific Earthquake Research
Center, 2010). All of these documents include general recommendations on the
performance-based design process of high-rise buildings, whereas detailed information on
the topic is presented in the Advanced Technology Council Report ATC 72-1 (Applied
Technology Council, 2010).

LATBSDC 2015 is published to describe the PBD approach that is recommended to
be used for tall buildings in the Los Angeles region. The document is applicable for all
type buildings but it is written for especially for tall buildings higher than 160 feet (49 m)
from average adjacent ground surface. Adequacy of design can be shown according to the
document, if the structure exhibits serviceable behavior under frequent earthquakes and

low probability of collapse under extremely rare earthquakes.



PEER-TBI 2010 is another significant document related to the PBD approach. The
document covers similar content with LATBSDC 2105. However, the purpose of this
guideline is to provide more detailed resources for structural engineers related to the PBD

approach for tall buildings.

CTBUH 2008 is another relevant document that aims to set out best-practice
principles for seismic design of high rise buildings for various levels of seismic hazard.
The document also presents brief information on foundation effects, seismic hazard
assessment, and use of energy dissipation components in addition to structural modeling
and analysis procedures.

The ATC 72-1 report is a more comprehensive resource related to the PBD approach.
The report contains detailed information on topics ranging from general nonlinear
modeling concepts (e.g., P-delta effects, damping etc.) to more specific modeling
methodologies for structural members (e.g., beams, columns, walls etc.). The report is also
crucial in the context of this study, because it also includes details on modeling of slab-

column frame component.

The new Turkish Earthquake Code includes a chapter on PBD of tall building
systems subjected to earthquake actions. That chapter includes similar subjects with other
codes. In TEC 2018, PBD is mandatory for structure that exceeds 70 m in high seismic

Zones.

1.3. Research Significance

Flat plate buildings are nowadays very common structural systems located in all
types of seismic zones. A flat plate floor system is typically not designed a lateral force
resisting system; however it has maintain its capacity to resist gravity loads safely under
large earthquake-induced displacements. Therefore, the nonlinear seismic behavior and
deformation capacity of slab-column frames and connections are still important. However,
nonlinear behavior of slab-column assemblies are typically not considered in performance-
based design applications, due to incapability of commercial nonlinear analysis programs

to simulate their seismic behavior, even for simple floor plan configurations. To conduct a



more reliable seismic performance assessment for such systems, introduction of a new and
efficient modeling approach for flat plate systems are essential. Furthermore, in the design
phase of slab-column connections based on linear elastic analysis results, although slab-
column connection design is generally conducted using an eccentric shear stress approach
in all modern design codes, there are still uncertainties in and variations between code
requirements including whether or not to consider seismic overstrength in design and how
to design exterior slab-column connections. Therefore, development of a nonlinear
modeling and performance assessment approach for slab-column connections is also
necessary to evaluate these uncertainties in code-compliant design approaches, so that
necessary improvements can be made on the design code specifications.

1.4. Obijective and Scope of the Study

The first purpose of this study is to propose a new modeling method, which is
applicable for implementation in commercial nonlinear analysis software, in order to
simulate the stiffness, strength, and ductility characteristics of slab-column assemblies in
flat plate buildings, to better capture the nonlinear seismic response attributes of such
structures, and to identify possible failure modes at the slab-column connections. A novel
and simple modeling approach is proposed, and is validated against with existing
experimental data presented in the literature. The second objective is to use the proposed
modeling approach in nonlinear seismic performance assessment of a realistic building
configuration, for comparing the adequacy of alternative designs based on different seismic
codes, with emphasis on slab and slab-column connection design. Within the scope of this
work, a total of five nonlinear models (in CSI-Perform 3D software) of a high-rise building
with flat plate floor system are generated. Two of the models, one with a rigid diaphragm
constraint at the story levels (without and slab elements) and the other with elastic slab
elements with cracked section modulus, are constructed as industry-standard model
configurations for checking interstory drift ratios. Then, three additional models are
generated, in which slabs are represented by effective beam elements and the slab-column
connections are modeled using the proposed modeling approach in this study. The slab-
column connections in these three model configurations are designed based on three
different seismic code approaches, the first of which is the ACI318 approach, the second is

the ACI318 considering also seismic overstrength, and the third is the TEC2018 approach.



Nonlinear response history analysis is conducted on all five models, and significant
response quantities (e.g., story drift ratios, plastic rotation demand-to-capacity ratios at the
slab-column connection hinges, wall shear forces, wall longitudinal strains, etc.) obtained

from analysis results are compared with each other.

1.5. Organization of the Thesis

This Thesis comprises six chapters. In Chapter 1, general information on the topic is
provided, together with the objectives and scope of this study. Relevant theory, concepts,
terms, and definitions are described in Chapter 2. The proposed nonlinear modeling
approach for slab-column connections is presented in Chapter 3, together with
experimental validation of the modeling approach against experimental data obtained from
the literature on shake-table testing of a slab-column frame specimen. Linear elastic
analysis and different code-compliant designs of a prototype flat plate building structure
are presented in Chapter 4. The nonlinear modeling and nonlinear response history analysis
procedures conducted for the building structure, as well as comparative evaluation of the
analysis results are provided in Chapter 5. Finally, concluding remarks and suggestions for

future studies are presented in Chapter 6.



2. THEORY

2.1. General

In this chapter, relevant theory, concepts, terms, and assumptions on the stiffness,
strength, nonlinear behavior, and deformation capacity of slab-column frames, as well as,
frequently-used design procedures and equations are presented, to clarify the conceptual

issues related to the behavior and design of slab-column assemblies and connections.

2.2. Stiffness of Slab-Column Moment Frames

To obtain a reliable nonlinear response prediction of a structure, the analytical model
of the structure should be as realistic as possible, ideally with all the structural members
included in the model. Allen and Darvall (1977) suggest using effective beam elements
instead of using plate elements to represent slabs rigidity in analytical models. Their study

shows that the stiffness of slab is dependent on column width to slab span ratio (¢, /1,) and
slab aspect ratio (l,/1,) (Figure 2.1). Later, Equations 2.1 and 2.2 are developed for

interior and exterior connections respectively by Hwang and Moehle (2000).

PT typical
values

RC typical
values

Normalized Effective Stiffness

x\

0.05 01 0.15
¢,/

Figure 2.1. Normalize effective stiffness factor for interior slab-column connection (ATC
72-1, 2010).
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al, = 2c1+|§1 (2.1)

al, zcl+lgl (2.2)

Effective stiffness factor (S ) should be also applied for cracking due to

temperature and shrinkage. Effective stiffness factor for a cracked section can be taken as

1/3 or calculated with Equation 2.3 (Hwang and Moehle, 2000). In the end, effective slab

width (b ) can be expressed in Equation 2.4 and Figure 2.2 to represent slab elements.

B =4¢,/h =1/3 (2.3)
by = afl, (2.4)
I1
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Figure 2.2. Effective slab width.
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There is no confirmed formulation on determination of effective beam width for slab-wall
connections. However, a suggestion exists in an example in ATC 72-1 (Applied
Technology Council, 2010). Effective width coefficient (« ) is taken as 1 in the wall’s
weak direction in that example (Figure 2.3). And the coefficient varies between 0.5 and
0.75 for RC slab-column connections. Based on the reasoning that the effective width
coefficient must be larger for slab-wall connections, in this thesis, the coefficient is taken
as 0.75 (upper limit for slab-column connections) in the wall’s strong direction and 1.0 in

the wall’s weak direction.

& e SN ] |
01-"1 T 7 > al, -
q:_ e A
|, 0.5/, 0.5,
|,

Figure 2.3. Application of effective width model (ATC 72-1, 2010).

2.3. Slab Moment Transfer and Column Strip Widths

A column strip is defined as sum of the slab widths on each side of a column lesser
of 0.25l, and 0.25l,, where the column strip should be able to resist moment under gravity
loads and earthquake loads at the slab support (Figure 2.4). On the other hand, a portion of

the unbalanced moment developing at the two consecutive column end sections (top

section of lower story column and bottom section of and lower story column) is transferred

to the slab by the so-called slab “moment transfer width” (c, +5h for interior, ¢, +2.5h

exterior connections) (ACI 318M-14, 2015).
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Figure 2.4. Slab moment transfer and column strip widths.

2.4. Eccentric Shear Stress Approach in Design

The so-called “eccentric shear stress” procedure is first introduced by Stasio and
Buren (1960). In this method, the unbalanced moment at the connection is transferred as
the sum of linearly distributed shear stresses in the slab along the punching perimeter, and
the bending moment in the on slab within the moment transfer width (Figure 2.4).
Unbalanced moment equals to the difference (or sum) of moments at bottom column end
above the connection and at the top column end below the connection, if the signs of the
column moments are the same (or different). The axis along which slab shear stress is

equal to zero is assumed to pass through the geometric centroid of the punching surface

area (u,d ). The connection thus satisfies total moment equilibrium. The portions by which

the unbalanced moment will be transferred as bending moment to the slab within the
moment transfer region and as moment resultant of shear stresses in the slab along the

punching surface are described using empirical factors y,and y,. Therefore, y,M,

equals to the sum of the adjacent slab moments, M’ and M

u,c+5h u,c+5h?

whereas y,M

unb

equals to the moment resultant of the distributed shear stresses in the slab about the
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geometric centroid of the punching surface area. The factors’ formulations are provided

below:

Vi = — (2.5)

7v:1_7f (26)

Maximum shear stress can be calculated as sum of shear stresses due to gravity load
and shear stress due to the portion of the unbalanced moment, by Equation 2.7 (Figure
2.5). Earthquake effect is not one-directional; therefore to consider the effect in the other
direction, unbalanced moment from earthquake loading in the other direction needs to be
also considered using the equation below.

Y/
v, =—39 + 7uMunXy iyVM“”bxi (For earthquake loading in x and y directions)(2.7)
Y ud J J

Mounb = ,_____,_YvMunb + YiMunb _/,'.':-’-':::'-'-"t\"
- ( 3 {
ih k p
% att] /
[1 3 <—> r
/ v X1 / / N Cc2+5h
‘—"/CZ < > b2
C1 by

Figure 2.5. Moment transfer at interior slab-column connection.

Where, x and J are calculated for interior connections using Equations 2.8 and 2.9.

X =X, =0 /2 (2.8)
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J =1/6b%d +1/60,d® +1/2b’b,d (2.9)

The eccentric shear stress method can be applied easily to interior column
connections. However, for edge column connections in the perpendicular direction to the
edge and for corner column connections, excessive shear stresses may be calculated using
the model, due to the shifted centroidal axis of punching surface area (Figure 2.6). In such
cases, using punching shear reinforcement at the connection, increasing the slab thickness,
or increasing column dimensions may be solutions to reduce the excessive stress demand
to the concrete design tensile strength. However, in most cases, these shear stress demands

are too excessive to reach a feasible design.

There is another way to deal with this design problem addressed in ACI 318M-14

(2015). For edge or corner column connections, y, is permitted to be modified up to a

value of 1.0 under certain conditions, which means the total unbalanced moment is going
to be resisted only by flexural reinforcement in the slab, within the moment transfer width

(c, +2.5h for corner connection) when y, is taken as 1.0 in design calculations. Therefore,

since the y, value is zero, none of the unbalanced moment is transferred as shear stresses

in the slab, meaning that punching shear check in the slab is not necessary. However, this
can be applied when the gravity load induced punching shear stresses are limited and
tensile strain at extreme layer of slab flexural reinforcement (&) in slab at nominal
strength is also more than limits to design under reinforced sections for providing required

ductility at slab-column connections. The limitations are presented in Table 2.1.

Table 2.1. Maximum allowable values for y; .

&, (within slab Maximum
Column Location | Span Direction Vig -
transfer width) Modified 7
Corner Column Either Direction <0.5¢V, >0.004 1.0

Perpendicular to

Edge Column <0.75¢V, >0.004 1.0
the Edge
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Figure 2.6. Moment transfer at corner slab-column connection

2.5. Strength of the Connection

Slab-column connections can be modeled using a combination of column strip (CS)
hinges in the slabs and torsional hinges at the connections. CS hinges are placed at the end
of the effective beam ends to represent nonlinear slab behavior. Punching shear failure
and/or failure due to bending within the c+5h width is represented using a torsional hinge
that connects the “beam intersection joint” to the “column intersection joint” for simulating
the nonlinear behavior of connection (Figure 2.7). In this section, three different failure
mechanisms defined for the slab-column connection are discussed, which are called
inappropriate design (punching failure), weak connection (flexural yielding in the c+5h
region), and strong connection (flexural yielding of the column strip).

If the unbalanced moment capacity M which is calculated using Equation 2.10

unb »
(corresponding to punching shear failure), is smaller than the sum of two adjacent slab
moment transfer width capacities (only one in exterior connection) divided by y;, then
connection design is inappropriate to exhibit ductile deformation and is susceptible to
punching shear failure. On the other hand, in a weak connection, sum of the two adjacent
(only one in exterior connection) CS moment capacities is higher than M, calculated
from Equation 2.11 (or Equation 2.12). However, M, calculated from Equation 2.11 or

2.12 is less than that calculated from Equation 2.10. Finally, in a strong connection, the



16

total moment capacity of the CS hinges does not exceed the either the M, capacity

calculated from Equation 2.11 (2.12) or the M, calculated from Equation 2.10.

Elastic column ~. _
S Column

Rigid end (slab thickness) .

Torsional hi
Rigid end (column width) | orstonathinge

.
-

.
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_.-- CShinge .., _
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- Elastic effective beam )
3D view Plan view

Figure 2.7. Modeling slab-column connection.

Moy = v, — 5 |2 (2.10)
byv — I R .
uno,v c upd 7/VX
M. M, . .
My ¢ = —S8 7 es8h  for interior connections (2.11)
Vi
M ) )
Mg = ;*5h for exterior connections (2.12)
f

The behavioral modeling method described in the prior paragraphs is conceptually
applicable. However, in commercial analysis programs (e.g., CSI Perform 3D), using both
CS hinges in the slabs and torsional hinges at the connections tends to provide erroneous
analysis results due to software incapabilities. In CSI Perform 3D for example, when one
of plastic hinges at the connection reaches capacity, the remaining hinges continue to
transfer increased moment, whereas equilibrium dictates that they should not. Therefore,

using only torsional hinges that represent the controlling nonlinear behavior characteristics
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of the connection is a more practical approach for modeling and analysis, as also
recommended in ASCE 41-17.

Moment Moment Moment Moment Moment Moment
F 3 &
Munb.v
Munb, ¢ Mu,cs ¢ Munb.v Mucs Munb,f Mu,cs
......................... BT L . A R ._____)
Munbv Munb,f
Rotation Rotation Rotation Rotation Rotation Rotation
Torsional hinge CS hinge Torsional hinge CS hinge Torsional hinge CS hinge
Inappropriate design Weak connection Strong connection

Figure 2.8. Failure mechanisms of slab-column connection.

2.6. Plastic Rotation Capacity of the Connection

Punching shear failure under earthquake actions has been shown to be dependent on
not only shear stresses developing in the slab (realistic calculation of which is unlikely),
but also (and more systematically) on the drift ratio demands on the building stories. Drift
ratio at punching shear failure is also shown to be highly dependent on the gravity induced
shear stress level in the slab around the connection. Kang and Wallace (2006) provide a
summary of test data with different gravity shear ratios on different connection types. In
their study, best-fit line minus one standard deviation for test data follows almost the same
line in ACI 318M-14, which represents Equation 2.13 (Figure 2.9).

A/~ 0.035-0.05| S (2.13)
v

c

Moreover, plastic rotation capacities, are presented in ASCE 41-17 as modeling
parameters for slabs and slabs-column connections, which are derived from test data with
the assumption of column rotations are negligible and elastic rotations are around 0.01
radians for RC slabs (Elwood et al., 2007). The modeling parameters and acceptance

criteria are listed in Table 2.2.
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Figure 2.9. Gravity shear ratios versus drift ratio at punching (Kang and Wallace, 2006).

Table 2.2. Modeling parameters and acceptance criteria for slab-column connections.

Strength Performance Acceptance
Conditions Plastic Rotations (rad) ) o
Loss Ratio Criteria (rad)
V, /VC (-:ontlnuny a b c 10 LS CP
Reinforcement

0 Yes 0.035 0.05 0.2 0.01 0.035 0.05
0.2 Yes 0.03 0.04 0.2 0.01 0.03 0.04
0.4 Yes 0.02 0.03 0.2 0 0.02 0.03
>0.6 Yes 0 0.02 0 0 0 0.02
0 No 0.025 0.025 0 0.01 0.02 0.025
0.2 No 0.02 0.02 0 0.01 0.015 0.02
0.4 No 0.01 0.01 0 0 0.008 0.01

0.6 No 0 0 0 0 0 0

>0.6 No 0 0 0 - - -
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2.7. Post Punching Behavior

Punching failure can cause sudden loss of load carrying capacity at a connection.
After failure of a connection, vertical load resisted by the connection is redistributed
among nearest connections. In some cases, adjacent connections may fail under increased
vertical loads, which may lead to progressive collapse of structure. To avoid progressive
collapse of a flat plate system even when the connections lose their load carrying capacity,
continuous bottom reinforcement passing through punching cone needs to be placed.
Hwang and Moehle (2000a) show that bottom reinforcement passing through punching
cone as integrity (continuity) reinforcement is more effective than top bars, due to the

possibility of concrete cover spalling (Figure 2.10).
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Figure 2.10. Post-punching equilibrium.

Continuity reinforcement must satisfy force equilibrium in the vertical direction after
punching failure. Resisting forces must be equal to the applied service loads. The resultant

vertical service load (q,l,1,) corresponds to uniformly distributed load on the tributary area
of a column, and the resisting force (g4f singA ) equals to the resultant vertical force

provided by the reinforcement along the four punching perimeter faces of an interior
connection, for example. The required amount of continuity reinforcement is calculated

using Equation 2.14 (Moehle, 2015), where the angle 6 can be taken as 30° degrees.

Quhl,
A min = 2.14
™At sing (@19)
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3. MODELING APPROACH FOR SLAB-COLUMN CONNECTIONS

3.1. Description

In the light of previously discussed concepts on flat plate floor systems, generating
an analytical model for capturing the nonlinear behavior of the slabs and slab-column
connections appears to be possible. However, in current practice, it is almost impossible
due to incapabilities of commercial analysis programs as well as complex configurations of
real-life building structures. Therefore, the first approach to assess the seismic performance
of such structural systems is to do the performance checks manually, based on story drift
ratios obtained from nonlinear analysis. Performance evaluation of the slab-column
connections can be conducted by manually reviewing analysis results including story drift
ratios and unbalanced moments in the columns. Potential failure modes can thus be
detected; however, it must be noted that analysis results will not be valid after first failure
has occurred. This method is obviously not for projects with time constraints. Kang et al.
(2009) proposes a second approach that involves nonlinear modeling of the slab-column
connections using torsional hinges. In that study, it is clearly stated that commercial
nonlinear analysis software is not adequate for such modeling. Therefore, they
implemented their proposed modeling methodology in the OpenSees platform, to analyze a
simple slab-column frame assembly and compare model results with test data. They have
stated that simpler and more efficient modeling methodologies are necessary to analyze

complex real-life structures.

In this thesis, the modeling approach by Kang et al. (2009) is simplified and
implemented in commercial analysis software (CSI Perform 3D), using a novel equivalent
shear hinge modeling approach to replace the original torsional hinge model, so that the
nonlinear behavior and performance of real-life flat plate building structures can be
assessed both reliably and efficiently.

CSI Perform 3D analysis software can be used for both nonlinear response history
analysis and nonlinear static (pushover) analysis. However, there is not a torsional hinge

element to transfer unbalanced moments from columns to the slab in the software.
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Therefore, in this study, an equivalent shear hinge model is proposed to effectively
replicate a torsional hinge in CSI Perform 3D. Nonlinear static analysis is conducted to
validate equivalent shear hinge modeling approach and to compare model results with not
only results of more detailed analytical models in the literature (Kang et al. 2009), but also
data from shake table experiments.

3.2. Analytical Frame Model

3.2.1. Equivalent Shear Hinge Model

An equivalent shear hinge modeling approach is proposed in this study to simulate
the nonlinear behavior of slab-column connections, due to absence of a torsional hinge in
commercial analysis programs. Two different behavior (or failure) modes, including
punching shear failure along the punching perimeter (brittle) and reaching the bending
moment capacity (ductile) within the slab moment transfer width (c+5h) due to unbalanced
column moments at the connection can be represented using the equivalent shear hinge
model proposed. Unbalanced moment and joint rotations are converted to couple forces
and transverse (shear) displacements respectively, in the equivalent shear hinge model
formulation (Figure 3.1). The unbalanced moment is basically the shear hinge force
multiplied by the moment arm (Equation 3.1) and shear displacement is joint (torsional)

rotation divided by half the moment arm as per the small angle theorem (Equation 3.2).

Munb =Fl (3.1)

A=Z (3.2)

Force and moment equilibriums are satisfied in the equivalent shear hinge model.
Torsional releases are placed at the ends of rigid beams to preserve stability of model and
to stop forming undesirable torsion at the model. Plastic rotation capacities and

performance criteria are taken from ASCE 41 table (Table 2.2).
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Rigid beam
Torsional release F F
Shear hinge 051 0.51
Munb

Figure 3.1. Equivalent shear hinge model.
Dissipated energy must also be equal in two modeling approaches (Kang and
proposed model). Area under Kang’s model must be equal to sum of areas under
equivalent shear hinges (Equation 3.3). To compare areas, simplified force-deformation

relationship of Kang’s model is shown in Figure 3.2, whereas strain hardening is also

included in analytical plane frame model of Kang.

A=2A, (33)

Left side of Equation 3.3 may be rewritten as (Figure 3.2):

Ma = 2A, (3.4)

Right side of Equation 3.3 may be reorganized as Equation 3.5 (Figure 3.3).

Ma=2(VA,) (35)

Equation 3.6 is obtained when shear hinge force and shear force are transformed using
Equations 3.1 and 3.2.
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M al

Previous equation can be simplified as Equations 3.7.
Ma = Ma (3.7)

Two areas (dissipated energy) from two different models are equal as required. Therefore
proposed equivalent shear hinge model dissipates equal energy with model of Kang.

Kang’s Model

Figure 3.2. Kang’s torsional hinge model and its force-deformation relationship.

Proposed Equivalent Shear Hinge Model 4

M

V2 A v
—ADf_"‘.‘i Internal Moment Internal Shear

2

Figure 3.3. Proposed equivalent shear hinge model and its force-deformation relationship.
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3.2.2. Frame Model Properties

An analytical plane frame model of the approximately one-third scale copy of RC
flat plate slab column assembly specimen subjected to shake table tests is first developed.
A summary of the specimen properties is explained in following. Detailed information on
the specimen and the test can be found in the study of Kang et al. (2009) (Figure 3.4).
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Figure 3.4. Shake table test specimen (Kang et al., 2009).

The two-story two-bay by two-bay flat plate RC frame specimen has 2.06m span
length and 89mm slab thickness. The specimen has square columns with 203x203 mm

cross-sections. Concrete compressive strength is 27.6 MPa. Grade60 #3 (¢9.5) slab

reinforcement and #4 (#12.7) column reinforcement is used in construction.

In modeling of the specimen plastic hinges are assigned at the end of columns and
column strips. Dimensions and capacities of effective slab width (for stiffness), slab

moment transfer width (c+5h), and column strips are listed in Table 3.1. ¢ and S are

taken as 0.75 and 0.33 in modeling for equivalent stiffness.



Table 3.1. Dimensions and capacities of slab elements.

Name of Members

Dimensions (mm)

Positive Moment
Capacity (kN.m)

Negative Moment
Capacity (kN.m)

Full Span 2057 - -
1543 (al) 509 (apfl)
Eff. Slab Width - -
a =0.75, B =0.33
CS 1029 23.5 28.9
Cc+5h 648 16.9 21.3

25

Gravity shear stress ratios in the slabs are calculated as 0.25 for the interior and 0.2

for the exterior connections. Plastic rotation capacities of the torsional hinges at the

connections and moment hinges in the column strips (CS) are defined according to ASCE

41-17 recommendations where it is assumed that continuity reinforcement is available

(Table 3.2).
Table 3.2. Modeling parameters for the slab-column frame.
. Plastic Rotations Strength Performance Acceptance
Conditions ] o
(rad) Loss Ratio Criteria (rad)
Continuity
Vy Ve _ a b c 10 LS | cP
Reinforcement
0.20 Yes 0.03 0.04 0.2 0.01 0.03 0.04
0.25 Yes 0.0275 | 0.0375 0.2 0.0075 | 0.0275 | 0.0375

7; Is taken 1 in the calculations for the exterior connections, which means total

unbalanced moment is resisted by the slab within the moment transfer width. Therefore,

there is no possibility of nonlinear behavior of the CS hinges, since the flexural capacity of

the moment transfer region (c+5h) is smaller. Hence, exterior connections of the

specimen are modeled as weak connections. Capacity of the interior connections is

calculated from the minimum of the results of Equation 2.10 and Equation 2.11. In the

calculation of the interior connection unbalanced moment capacity, y, is taken as 0.75 (y,
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is same in Kang’s model). Interior connections are also weak connections because their
unbalanced moment capacity is lower than the total capacity of two adjacent column strip
(CS) hinges (Table 3.3). one of the equivalent shear hinge or column strip (CS) hinge is
assigned to slab-column connections to make model simplified as suggested ASCE 41.

Table 3.3. Types and capacities of connections.

Connection Location Capacity Adjacent CS Capacity Connection Type
Interior, y; =0.75 Min. of (50.9;68.7) 23.5+28.9 Weak
. +16.9 +23.5
Exterior, y; =1 Weak
-21.3 -28.9

The analytical frame model is generated with the parameters explained in the prior
paragraphs, using the proposed equivalent shear hinge approach in CSI Performed 3D
software (Figure 3.5). Description of the modeling approach is presented only briefly in
this chapter, since it will be described in more detail in the following chapter for a real-life

tall building structure.

X
.
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—
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N
/ / @)
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Figure 3.5. Analytical frame model of the shake table test specimen in CSI Perform 3D.
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3.3. Experimental Validation of the Frame Model Using Pushover Analysis

Pushover analysis is a nonlinear static analysis method for evaluating the force-
displacement behavior of a structural system. After application of gravity loads, the
structure is subjected to displacement-controlled and proportionally-applied lateral loads
that gradually increase until a target displacement level is reached. Lateral load distribution
may be proportional to mass distribution or mode shape. Pushover analysis is used to
validate the analytical modeling approach proposed (equivalent shear hinge model in CSI
Perform 3D), against experimental data obtained from the shake table tests of the slab-
column frame specimen, as well as the more detailed analysis conducted previously by
Kang et al. (2009) using OpenSees.

Pushover analysis results obtained using the modeling approach adopted in this study
for the two-story two-bay frame specimen is compared with pushover analysis results and
shake table test results reported for the specimen by Kang et al. (2009) (Figure 3.4). Base
shear versus top drift ratio responses are obtained from the pushover analyses, under lateral
load ratios of 1:2 and 2:1, in both sets of analysis results. The shake table test data shown
in the figure was already processed by Kang et al. (2009) to be suitable for comparison
with nonlinear static analysis results. According to Kang et al. (2009), force configuration
1:2 gives better results within linear range, while force configuration 2:1 gives better
results within the nonlinear range. It can be observed from Figure 3.6 that analysis results
obtained using the proposed modeling approach with equivalent shear hinges at the slab-
column connections are consistent with both the analytical results and experimental data
presented by Kang et al. (2009) for the test specimen, in terms of lateral stiffness, lateral

load capacity, and ductility (drift capacity) of the slab-column frame assembly.

Yielding and failure mechanism propagation is very similar Kang and proposed
plane frame models under pushover analysis with 2:1 force configuration (Figure 3.7).
Yielding of columns at the base can be seen at different instants due to different modeling
approaches. In this study columns are modeled using PMM hinges, whereas distributed
plasticity (fiber model) approach is used in the study of Kang et al. (2009). Slab yielding in
column strip, slab yielding in moment transfer width and punching failure can be observed

in Kang’s frame model because of using both torsional hinge and column strip (CS) hinge
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in OpenSees platform. Including strain hardening is another reason to increasing variety of
failure mechanisms in Kang’s model. However, in order to create simpler and applicable
method to commercial programs, either equivalent shear hinge model or column strip (CS)
hinge is assigned to the slab-column connections. And the whole connections are also
weak. Therefore, reaching to the ultimate tensile strain in slab moment transfer width after
observing slab yielding in moment transfer width is the only failure mechanism in model

that is generated using equivalent shear hinges.

Top drift ratio [%]
5 -4-3-2-101 2 3 4 5

75T o — RCRUN4Exp | o
I Push-over (2:1)
200 [{==—===—== Push-over (1:2)

1 = + = -Proposed Model (1:2)
150

= 100 p

(8)]
o
T

Base Shear [kN
g =

-100
-150

; 2Hy \ ]
-200 H‘% /ZH_
-250 FRC Specimen ———t

ARG A T I IR

90 60 -30 O 30 60 90
Top displacement relative to footing [mm]

(1:2 Ratio) (2:1 Ratio)
a1 — H —4

Figure 3.6. Comparison of analytical pushover curves and experimental data for the slab-

column frame specimen.

Yielding propagation of first five joints is almost the same with respect to their
locations and top drift ratios in two models (Figure 3.7). Then, column strips’ yielding is
seen in Kang’s model. There is not any column strip hinge in the other model so there is
not any yielding of column strip point in Figure 3.7. Afterwards, failures are observed for
models. Failure mechanisms are different due to different modeling approaches. In this
study, rigid perfectly plastic hinges are assigned to the slab-column connections.
Therefore, reaching ultimate tensile strain in moment transfer with is the failure

mechanism. On the other hand, rigid with strain hardening hinges are assigned to joints so
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failure can be due to reaching punching shear capacity or ultimate tensile strain in moment

transfer width in Kang’s model.

SY- es: Slab yielding

00— —ProposedModel (2:1) within column strip
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Figure 3.7. Comparison of failure mechanisms propagation.
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4. DESIGN, MODELING, AND ANALYSIS OF APROTOTYPE TALL
BUILDING

4.1. Structural Properties

The hypothetical reinforced concrete flat plate tall building investigated in this study
consists of 21 (one as roof) stories above and 2 stories below the ground surface. Total
height of building is 80.5 m from the foundation to the roof, and each story has 3.5 m
height (Figure 4.1 and Figure 4.2). Two C-shaped core walls connected with coupling
beams and six rectangular walls placed around perimeter of structure are used as the lateral
load resisting system. Columns are used mainly to resist gravity loads. Typical plans for
normal floors and basement floors can be seen in Figure 4.3 and Figure 4.4. Plan area of
normal floors and basement floors are 1681 m? and 3249 m?, respectively. The intended

purpose of the normal floors and the basement floor are assumed to be residential areas and

parking lots, respectively.
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Figure 4.1. 3D view of the structure.
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Figure 4.3. Normal floor plan view.
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Based on linear elastic design procedure, thicknesses of core walls and perimeter
walls are 700 mm at the ground level, and their thickness reduces gradually along building
height to 50 mm. Coupling beam cross sections are 70 cm x 120 cm at all story levels.
Columns cross section start with 120 cm x 120 cm at ground level, and decrease to 90 cm x
90 cm at the top floor. Finally, overall depth of the flat plate slabs is 30 cm throughout the

building. Exceptions and details are listed in Table 4.1.

i s i s s

® 0

R .

Figure 4.4. Basement floor plan view.

Clear cover is taken 35 mm in the columns and walls, 25 mm in the beams, and 20

mm in the slabs in order to provide resistance to fire and atmospheric effects.

4.2. Linear Elastic Modeling

A linear elastic model of the structure is first created using CSI ETABS software.
Element modeling approaches and effective section rigidities of the structural elements
comply with TEC 2018. Line elements are used for modeling of the columns and beams,
whereas shell elements are used for the slabs and the walls. Seismic masses are defined

according to TEC 2018, considering live load participation factors. Requirements for
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Design and Construction of Reinforced Concrete Structures (TS 500) (Turkish Standards
Institute, 2000) is used to define the concrete modulus of elasticity. Uniformly distributed
live loads values are assigned based on Design Loads for Buildings (TS 498) (Turkish
Standards Institute, 1997).

Table 4.1. Dimensions of members.

2B-1B AN 2N-5N 6N-10N 11N-20N(21N)
Type of member -7t00 0t0 3.5 3.5t017.5 17.5t0 35 3510 70 (73.5)
Member Thickness (Cross Sections)(cm) at Floors and Elevations (m)
Columns 120 120 110 100 90
Coupling Beams 80x120 70x120 70x120 70x120 70x120
Slabs 40 30 30 30 30
Perimeter Walls 80 70 70 60 50
Core Walls in X dir. 80 70 70 70 70
Core Walls in Y dir. 80 70 70 60 50
Basement Walls 50

4.2.1. Material Properties

Elastic modulus of concrete is necessary for linear elastic analysis. Reinforcement
yield strength required in later design stages. In the model of the prototype building, C50
class concrete is assumed, which has a characteristic compressive strength 1, = 50 MPa.
Modulus of Elasticity of C50 class concrete is calculated as E. = 37000 MPa from
Equation 4.1 (TS 500). Shear Modulus of C50 class concrete is calculated as G, =
15417 MPa from Equation 4.2 (TS 500) by taking Poisson Ratio as v, = 0.2 (TS 500).

Unit weight of concrete is taken as y, = 25 kN/m? in dead load calculations.

E, =3250,/f,, +14000 (4.1)
G, ——tc 4.2)
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4.2.2. Gravity Loads

The structural model is subjected to dead loads and live loads the seismic mass of the
structure is defined to be compatible with the assigned loads by the computer program.
Correct determination of the magnitude and distribution of the loads and masses is crucial
to reliable analysis results. In this study, self-weights of members are calculated by the CSI
ETABS analysis software and remaining dead loads are assigned to slabs as uniformly
distributed loads. Live loads magnitudes are taken from TS 498. Live load participation
factors are considered in seismic mass calculations. Magnitude of all loads are listed in
Table 4.2.

Table 4.2. Magnitude of uniform loads.

Type of Load Uniform Load (kN/m?)
Floor finishes, bedding and ceiling plaster 2.20
Partition Walls 1.50
Live Load Residential 2.00
Live Load Corridor 3.50
Live Load Basement 5.00
Live Load Roof 1.50
Snow Load 0.75

4.2.3. Seismic Loads

In linear elastic design process, the so-called DD2 earthquake hazard level is used to
define the design spectrum according to TEC 2018. DD2 level is defined in TEC 2018 as
the standard design earthquake ground motion with a probability of exceedance of 10% in
50 years and reoccurrence period of 475 years. Short period and long period spectral
acceleration coefficients are needed to construct the design spectrum. These spectral
acceleration coefficients are obtained from Turkish Earthquake Hazard Map website
(Disaster and Emergency Management Presidency, 2018) for the hypothetical construction
site at coordinates 41°00°00.0”N, 28°42°00.0”E. Spectral acceleration coefficients for this
site are for a reference soil condition that falls between ZB and ZC soil classes with first

30m depth shear wave velocity (V; ;) of 760 m/s, under the DD2 earthquake level, and for
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5% damping. The spectral acceleration coefficients assumed for the prototype building are
listed in Table 4.3.

Table 4.3. Spectral acceleration coefficients for the prototype building under DD2

earthquake level

Ss

DD2

1.176

0.319

Spectral accelerations coefficients are then used to calculate design spectral

acceleration coefficients, using Equation 4.3 and 4.4, considering local soil conditions at

the hypothetical construction site. Assuming that the local soil class is ZC, local soil effect

coefficients according to TEC 2018 are obtained as F, =1.2 for short period and F =1.5

for one second period, from Table 4.4 and 4.5.

Sps =SgFs 4.3)
Spr=5FR (4.4)
Table 4.4. Local soil effect coefficient for short period.
Local Soil Local Soil Effect Coefficient for short period, F;
Class 5,<0.25 | §,=050 | S;=0.75 | S,=1.00 | S,=1.25 | S;>1.50

ZA 0.8 0.8 0.8 0.8 0.8 0.8

ZB 0.9 0.9 0.9 0.9 0.9 0.9

ZC 1.3 1.3 1.2 1.2 1.2 1.2

ZD 1.6 1.4 1.2 1.1 1.0 1.0

ZE 2.4 1.7 1.3 1.1 0.9 0.8

ZF Site specific soil behavior must be done.




Table 4.5. Local soil effect coefficient for one second period.
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Local Soil Local Soil Effect Coefficient for one second period, F;

Class $,<0.10 | 5,=0.20 | S;=0.30 | S,=040 | S,=0.50 | S,>0.60
ZA 0.8 0.8 0.8 0.8 0.8 0.8
ZB 0.8 0.8 0.8 0.8 0.8 0.8
ZC 15 15 15 15 15 14
ZD 2.4 2.2 2.0 1.9 1.8 17
ZE 4.2 3.3 2.8 2.4 2.2 2.0
ZF Site specific soil behavior must be done.

Design spectral acceleration coefficients are presented in Table 4.6. Finally, elastic

design spectrum and the reduced design spectra with which is based on the structural

system behavior factors in each direction are generated for the DD2 earthquake level as
shown in Figure 4.5, using Equations 4.5, 4.6, 4.7 and 4.8.

Table 4.6. Design spectral acceleration coefficients.

SDS SDl

DD2 1.411 0.479
S,.(T) :[0.4+O.6TLJSDS (0<T <T,)

A
Sae(T):SDS (I-ASTSTB)
SDl

Sae(T):? (TBST<TL)
s, (T) =0l T <T)

(4.5)

(4.6)

4.7)

(4.8)



37

where corner periods T,, Tg and limit period for constant displacement range T, are

given by Equation 4.9.

S
T,=02-2L T,==2L T =65 (4.9)

1.6

Design Spectrum
1.4
= - = Reduced Design Spectrum along X-dir (R=5.6)
12 v e Reduced Design Spectrum along Y-dir (R=4.8)

1.0

0.8

0.6

04 %

Spectral Acceleration (g)
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Period (s)

Figure 4.5. Design spectra for DD2 level earthquake ground motion.

According to TEC 2018, vertical acceleration response spectrum must also be
constructed in some cases. However, vertical earthquake effect is included only as
equivalent static vertical load, calculated using Equation 4.9, if the structure does not have
columns supported by beams, inclined columns, beams with spans larger than 20 m, or

cantilever beams longer than 5 m.

E®) ~(2/3)S,sG (4.9)

4.2.4. Load Combinations

Load combinations are derived to generate the most critical scenario, which the
structure or a structural member may subjected to, under different loading conditions.

Therefore, several load combinations are entered into CSI ETABS software to obtain
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envelopes for accurate design. Combinations are shown in Table 4.7 with respect to TS
500 and TEC 2018.

Table 4.7. Load combinations.

Design Combinations

1.4G +1.6Q

0.9G+1.6H

G+Q+0.2S +E{" +0.3E{")

0.9G+H +E{" —0.3e(")

4.2.5. Seismic Masses

Seismic masses are important to simulate the dynamic response of a structure. Dead
loads are permanent loads so that they directly contribute to seismic mass. However, the
structure may not be fully loaded with design live loads when an earthquake occurs. For
this reason, live loads are reduced by live load participation factors before they are added
to seismic masses. Live load reduction factors are listed in Table 4.8 with respect to TEC
2018.

Table 4.8. Live load contribution factor.

Load Type Live Load Contribution
Factor (n)
Live Load Residential 0.3
Live Load Parking Lot 0.3
Snow Load 0.3

In CSI ETABS software, masses of structural that are modeled using shell elements
are assigned to joints as concentrated masses, according to the distributed masses in the
tributary areas of the joints. Mass of a finite element joint is calculated using Equation 4.10

and 4.11, as a combination of dead and live loads.
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W =wS) +nwd) (4.10)
(s)
wWh
mES) — (4.11)
g

4.2.6. Structural Members

Structural members can be represented using different modeling approaches in finite
element modeling. In common practice, beams and columns are modeled as frame (line)
finite elements that consist of two nodes with six degree of freedom connected to each
other with a line element. Walls and slabs are usually modeled with four node area objects

that show both plate and membrane behavior.

Table 4.9. Stiffness modifier of reinforced concrete elements.

RC Structural Element Effective Rigidity
Wall-Slab (In Plane) Axial Shear
Structural Wall 0.50 0.50
Basement Wall 0.80 0.50
Slab 0.25 0.25
Wall-Slab (Out of Plane) Bending Shear
Structural Wall 0.25 1.00
Basement Wall 0.50 1.00
Slab 0.25 1.00
Line Element Bending Shear
Coupling Beam 0.15 1.00
Moment Frame Beam 0.35 1.00
Moment Frame Column 0.70 1.00
Wall (Modeled as Equivalent Line Element) 0.50 0.50

Additionally, taking gross section rigidities is not realistic and provides an
overestimation of structural rigidity for reinforced concrete structures under earthquake

actions. For this reason, stiffness modifiers must be applied to sections to represent
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cracking of concrete under tension due to reversed cyclic loads. The stiffness modifiers are
tabulated in Table 4.9.

4.2.7. Damping

Viscous damping is an equivalent damping parameter defined for a structure that
represents energy dissipation of the structure, the materials, the joints, and the
nonstructural components, due to internal friction effects developing in the structure during
even the linear elastic response stage. Differently from nonlinear response history analysis,
there is no hysteretic behavior of the members in linear elastic analysis. Therefore, viscous
damping does not represent dissipated energy due to nonlinear behavior. 5% constant

modal damping is defined in the linear response spectrum analysis, with respect to TEC
2018.

4.2.8. Model

The linear elastic model of the building shown in Figure 4.6 was generated in
compliance with the aforementioned modeling parameters. Fixed supports are assigned at
the base of the building, instead of including foundation and soil springs in the model.
Semi-rigid diaphragms are assigned to each floor level to regard accidental eccentricity of
5%. CSI ETABS software considers effect of accidental eccentricity automatically. At the

slab-column connections, rigid end zones are assigned to omit double counting of masses.

' /I///I/llllllllllll
T 7777770770 111 1]

Figure 4.6. 3D ETABS model.
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Natural vibration periods and model shapes are calculated using Ritz-Vector analysis
in CSI ETABS. According to Ritz-Vector analysis, first three mode shapes of two
directions and torsion are T,,=3.081s, T,,=3.065s, T,,=2.3855s, T,,=0.757s, T, , =

0.639s, 1,,=0577s, 1,,=0.3325s, T,,=0.272 s, T,,=0.244 s and are shown in Figure

4.7. 95% mass participation ratios in both directions is reached at the 20" mode. Natural

periods and mass participation ratios for the modes are listed in Table 4.9.

Table 4.10. Fundamental periods and mass participation ratios.

Mode ) Mass Participation | Mass Participation

Period (s) _ _ _ _ DX DY

No. Ratio on X dir. Ratio on Y dir.
1 3.081 0.697 0.000 0.697 0.000
2 3.065 0.000 0.681 0.697 0.681
3 2.385 0.000 0.000 0.697 0.681
4 0.757 0.176 0.000 0.874 0.681
5 0.639 0.000 0.201 0.874 0.882
6 0.577 0.000 0.001 0.874 0.883
7 0.332 0.063 0.000 0.937 0.883
8 0.272 0.000 0.064 0.937 0.947
9 0.244 0.000 0.000 0.937 0.947
10 0.199 0.029 0.000 0.966 0.947
11 0.167 0.000 0.026 0.966 0.973
12 0.142 0.013 0.000 0.979 0.973
13 0.142 0.001 0.000 0.980 0.973
14 0.123 0.000 0.011 0.980 0.984
15 0.113 0.007 0.000 0.986 0.984
16 0.101 0.000 0.005 0.986 0.989
17 0.100 0.000 0.001 0.986 0.990
18 0.096 0.003 0.000 0.990 0.990
19 0.088 0.000 0.003 0.990 0.992
20 0.084 0.002 0.000 0.992 0.992
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4.3. Analysis Results and Design
4.3.1. Response Spectrum Analysis

Response spectrum analysis (RSA) is used for linear elastic design process of
prototype building. Motivation of RSA is to compute the peak seismic response of the
structure that is valuable especially in the elastic design procedure. Peak responses for each
natural mode of vibration, which do not necessarily develop at the same moment in time,
are calculated using the design spectrum. Then, calculated responses are combined with a
modal combination rule that is square root of sum of squares (SRSS) or complete quadratic
combination (CQC). Therefore, demands calculated using RSA results are not exact values
for the MDF system, but are accurate enough for design purposes. In this study, the RSA
method is applied for design of the high-rise flat plate building.

4.3.2. Design of Slabs and Punching Shear Checks

Determination of optimum dimensions and reinforcement quantities for both slabs
and other members is the first step towards a reliable design that satisfies necessary seismic
performance criteria. Although there are some rules of thumb to decide on the slab
thickness, two different design approaches are discussed to calculate the slab thickness and

necessary slab reinforcement amounts based on RSA results.

As a preliminary design, slab thicknesses are defined as 300 mm using Equation 4.12

in TS 500. Punching shear stress upper limit is calculated as f_, =1.65MPa for C50 class
concrete using Equation 4.13 (TEC 2018).

h>1 /30 h>180mm (4.12)

fctd -

_Os&Hw (4.13)
1.5 '
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4.3.2.1. Slab Design Based on Finite Element Analysis. Design calculations for the slab

and slab-column connections at the 52.5 m level are presented in this section and in the
next section using two alternative design approaches. In the calculations, only the X
direction is presented for clarity. Shear stresses in the slab under loading in X direction (

S;3) are lower than the design tensile strength of concrete along almost the entire slab

under load combination 3, which is the most critical combination (Table 4.11). While
checking the slab shear stress, overstrength factor D is considered, based on TEC 2018.
Half of the 1 m x 1 m meshes near the corner and edge columns are just above the design
tensile strength. However, stress jumps around columns may be neglected when the
average shear stress in a single mesh is considered. Therefore, these local stress

amplifications can be deemed acceptable (Figure 4.8).

Table 4.11. Governing design combinations.

Combination number Combination
1 1.4G +1.6Q
2 G+Q+0.2S+E{ +0.3E{") +0.3e(%
3 G+Q+0.25+D(E{ +0.3E{") +0.3E(?

Slab reinforcement can be designed as $10/150 mm (527 mm?/m) top reinforcement,
$14/150 mm (1027 mm?/m) additional top reinforcement at slab supports, and $12/150
mm (753 mm?/m) bottom reinforcement, with a positive moment capacity of M* ~73

kN.m/m, and a negative moment capacity (at slab supports) of M~ = 150 kN.m/m.

Positive moment capacity is higher than the demands for moments under factored
gravity loads, which is the governing combination 1 (Figure 4.9). Under combination 2
(Table 4.11), negative moments are just above the negative moment capacity, but localized
moment amplifications can be neglected. Distribution of M, cannot be noticed in the

FEM results; therefore y/Mzmb and y M., must be calculated manually using the eccentric

shear stress method.



Figure 4.9. Moments in the X direction under factored gravity loads.
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Figure 4.10. Moments in the X direction under earthquake loads.

Design of slab and the slab-column connections is close to design limits in the FEM
method. Slab design of is also checked automatically in CSI ETABS. The software
calculates punching demand-to-capacity ratios automatically according to TS 500, and it
shows similar results with FEM analysis, as shown in Figure 4.11.

0.879

0.91

0.916

1.022

Figure 4.11. Punching shear demand-to-capacity ratios.
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4.3.2.2. Eccentric Shear Stress Method. In the recently-published TEC 2018, shear stress

distribution in the slab can be calculated using the eccentric shear stress method, with the
assumption of y;M,, resisted by flexural reinforcement and y,M,, resisted by shear
stresses around punching perimeter. Maximum calculated shear stress from the method is
used in punching shear check of the slab. Using only the FEM results in design and

punching shear check may not be sufficient. It is better to also use the eccentric shear stress

method in design.

Representatively, slab-column connection design at an interior column (C10) and a
corner column (C7) are conducted using the eccentric shear stress method at 52.5m
elevation. However, three different design approaches are considered. In the first approach,

structural system overstrength factor (D) is used in the shear stress calculations and y is
taken as 1.0 at the exterior connections. In second approach, D is neglected and y; is again

taken as 1.0 at exterior connections, which is similar to the ACI 318 design approach.
Finally, in the third approach, D is used in the calculations and y is calculated using

Equation 2.5 for both exterior and interior connections, which is the design approach
specified in TEC 2018.

In the calculations for the first approach, the interior slab-column connection C10,

which has 90 cm x 90 cm dimensions, 4680 mm punching perimeter (u,), and 270 mm

effective slab depth, is subjected to 1073 kN axial load difference. This unbalanced axial
load is transferred to the punching surface as 0.85 MPa uniformly-distributed gravity shear

stresses, calculated using Equation 4.14 (Figure 4.12). C10 column has factors

ys =0.6and y, =0.4, calculated by Equation 2.5 and 2.6 respectively. Under loading

combination 3 (Table 4.11), M, is 820 KN.m in the loading direction and M, is 424

kN.m in direction perpendicular to loading direction. The punching shear portion of those

unbalanced moments, y,M cause shear stresses of 0.66 MPa and 0.34 MPa in the

unb »

loading direction and perpendicular to loading direction, respectively (Equation 4.15).

v=—2 (4.14)
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v = ZeMunpX (4.15)

The maximum total shear stress is therefore 1.85 MPa, which is exceeds the design
tensile strength of concrete. However, this stress level is similar with FEM results and it

can be solved by using punching shear reinforcement in the slab.

A portion of the unbalanced moment, y;M,, of 492 kN.m, should resisted by the

sum of the two adjacent slab moment capacities within the moment transfer width (c+5h)
Required moment capacity may be calculated as 205kN.m/m using Equation 4.16 for the
direction of loading under combination 3 (Table 4.11), which is lower than the sum of the
two slab moment transfer capacities calculated using FEM analysis (150 +73 kN.m/m) .

Slab flexural reinforcement calculation in the other direction must be made separately
under the appropriate loading combination in the direction of the moment transfer.

— Vi Munb
Mg + Mg, =——  TkN.m/m (4.16)
c+5h c+5h ' '
c+5h [ ]
AV=1073 kN » ; y ; Total Stress
yrMuns=328 kN.m yrMuns=170 kN.m Distribution (MPa
A (MPa)
5774 1N v Yy D
L[] Y
YYVY 0.66 MPa 0.34 MPa
0.85 MPa
239 kN.m
432 kN.m
AV=1073 kKN
Munr=820 kN.m
Mumb=424 kKN.m V7 Mins=492 kN.m ¥f Munp=254 kN.m
~h +M+3h
185 kN.m
388 kN.m
-Me+5h +Me+5n
6847 kN

-Me+3h

Figure 4.12. Distribution of unbalanced moments at an interior column.
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Corner slab-column connection of C7, which has 90 cm x 90 cm dimensions, 2070

mm punching perimeter (u,), and 270 mm effective slab depth, is subjected to 312 kN

axial load difference. This unbalanced axial load causes 0.56 MPa uniformly distributed

gravity shear stress calculated using Equation 4.14. Gravity shear stress ratio can be

calculated as 0.32. ¥, can be taken 1 for the corner column C7 because gravity shear stress

ratio is lower than the permitted value, 0.5, according to ACI 318 using Equation 4.17.
Under loading combination 3 (Table 4.11), unbalanced moments, M, , are 917 kN.m and

380 kN.m in the loading direction (for positive and negative directions), and 452 kN.m and

24 KN.m in perpendicular to loading direction.

Vyg < 0.59V, (4.17)

All of the unbalanced moment, nyunb of 917 kN.m, should resisted by top flexural

reinforcement within the slab moment transfer width (c+2.5h) for the corner C7
connection, and all of the unbalanced moment under loading in the opposite direction,
nyunb is 380 kN.m, should resisted by bottom flexural reinforcement within the slab
moment  transfer  width  (c+2.5h). Required  moment  capacities  are
555 kN.m/mand 230 kN.m/m for top and bottom flexural reinforcement under
combination 3 (Equation 4.18 and Table 4.11). Slab flexural reinforcement designed based
on FEM analysis results is not sufficient to resist these moments; therefore, slab
reinforcement revision must be conducted. Distribution of unbalanced moments can be

seen in Figure 4.13.

T Vs Mlj_rnb
M¢.25n = izen [kN.m/m] (4.18)

At this stage, it would be worthwhile to investigate whether design based on FEM
analysis results would sufficient the same corner column connection C7, if it was designed

using the TEC 2018 code, taking y; = 0.6 instead of 1. In that case, this unbalanced axial

axial load again causes 0.56 MPa uniformly distributed gravity shear stress, but the column

has factors y; =0.6and y, ~0.4 calculated by Equation 2.5 and 2.6 respectively. Under
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loading combination 3 (Table 4.11), unbalanced moments, M are 917 kN.m and 380

unb

KN.m in the loading direction, and 452 KN.m and 24 kN.m perpendicular to the loading

direction. »,M,,, causes shear stresses of 4.46 MPa and 2.20 MPa in the loading direction

and perpendicular to loading direction, respectively (Equation 4.15).

483 kN.m VrMum=917 kN.m
b -
Mumt=217 kN.m
;;Ii -Me+2 50

434 kKN.m
180 KN.m ¥rMump=380 kN.m

Munt=380 kN.m

+M:+2 5n

191 kN.m

Figure 4.13. Distribution of unbalanced moments at a corner column,

The maximum total shear stress is therefore 3.17 MPa which is much higher than the
concrete design tensile strength of 1.65 MPa (Figure 4.14). Moreover, the calculated stress

level is also higher than 1.5f,, which is the maximum shear stress limit with punching

shear reinforcement. Therefore, column cross-sectional directions or slab thickness needs
to be increased to avoid punching shear failure. It is important to note that such large shear

stresses in the slab at the corner connection were not seen in the FEM analysis results.

7+ My, 0f 550 KN.m and 228 kN.m in the loading direction should be resisted by

moment capacities of top and bottom reinforcement along the slab moment transfer width
(c+2.5h) respectively (Figure 4.15). Therefore, required total moment capacities can be
found as 333kN.m/m and 138kN.m/m by Equation 4.18, for top and bottom slab

reinforcement under load combination 3 (Table 4.11). The required amount of slab flexural
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reinforcement found according to FEM analysis results is not enough to overcome the
flexural demands in the slab either. Therefore, the TEC 2018 eccentric shear stress method
requires additional slab flexural reinforcement (within the slab moment transfer width)
compared to FEM results, and also requires increasing column cross-sectional dimensions
to decrease shear stresses in the slab.

Total Stress
1976 kN Distribution (MPa)
A
483 KN.m AVSSIZIN 46 \ﬁ%fﬂ:?@ kN.m o M,,5=181 kN.m
248 kN.m 1 MPa | JAE= 220 3.17
MPa
AV=312 kKN

Munp=917 KN.m
Mynp=452 kKN.m

0.15

0.56 MPa 0.73 MPa

204 kN.m
434 kN.m

2288 kN

Figure 4.14. Distribution of unbalanced moments at a corner column.

483 KEN.m ¥ Muns=550 kN.m

4

Munt=917 kN.m

-M:+258
434 EN.m
1890 KN.m. YrMuns=228 kN.m
Mumb=380 kN.m
+Mc+2 5k
191 KN.m

Figure 4.15. Distribution of unbalanced moments at corner column.

In second design approach, overstrength factor D is neglected, but y; is again taken

as 1.0 at exterior connections, similarly to ACI 318. In the third design approach, D is



52

considered in slab shear stress calculations; however, 7, is calculated by Equation 2.5 for

both exterior and interior connections, according to TEC 2018. A corner column
calculation is investigated thoroughly as part of the third approach, to show slab shear
stress distribution and magnitude. Calculated reinforcement amounts for all three design
approaches are listed in Table 4.12, with respect to both the eccentric shear stress method

and FEM analysis.

Table 4.12. Slab reinforcement configurations.

Interior connection and Edge ) ) )
) R Corner connection and Edge connection loading
connection loading direction r ’
direction perpendicular to the edge
parallel to the edge

Add. Top Top Bottom | Add. Top Top Add. Bottom
Rein. Rein Rein. Rein. Rein. Bottom Rein.
(mm) (mm). (mm) (mm) (mm) Rein. (mm) (mm)
FEM | ¢14/150 | #10/150 | #12/150 | #14/150 | $#10/150 ] $12/150
ESSM
|| #16/150 | 4101150 | $14/150 | $24/80 | $10/150 | $18/150 ¢#14/150
ESSM
J | 414150 | 4101150 | ¢121150 | $22/100 | $10/250 i #12/150
ESSM
L | 414150 | $10/150 | $12/150 | #14/150 | $10/150 : ¢#12/150

In the design using the eccentric shear stress (ESS) method and design approach 3
(named as design case ESSM3, based on TEC 2018), corner slab-column connection C7 at
63 m elevation has 1300 mm x 1300 mm column cross-sectional dimensions (increased
from 900 mm to 1300 mm to avoid punching shear failure), 2870 mm punching perimeter (

u,), and 270 mm effective slab depth carries 318 kN unbalanced axial load. This

unbalanced axial load is transferred to the punching perimeter surface as 0.41 MPa
uniformly distributed gravity shear stresses calculated using Equation 4.14 (Figure 4.16).

Column C7 has factors y; =~0.6and y, =0.4 calculated by Equation 2.5 and 2.6

respectively. Under loading combination 3 (Table 4.11), obtained M, is 492 KN.m in the

unb
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loading direction and 283 kN.m in the perpendicular direction. »,M,,, causes shear

stresses of 1.26 MPa and 0.72 MPa in the loading direction and perpendicular to loading
direction (Equation 4.15). In ESSM 3, larger corner and edge column dimensions (1300
mm instead of 900 mm in all other design approaches) are necessary to decrease slab shear
stress at corner and edge connections. Therefore, it is seen that the maximum total shear
stress is 1.07 MPa, which is lower than the design tensile strength of concrete, not

necessitating punching shear reinforcement at the connection.

AV=318kNY Total-Stress-
PoMupp=197kN.mY  ppMypp=113-kN.mY Distribution-(MPa){

1 1.26-1\h 0.72:
MPaf] ) MPaf 061t
T ) 0' l 11’
116-kNY

0.41-MPaq 0.4z MPaf 0.24-MPaf

2304N.m gy KN 1.079

AV=318kNT

Miunt=492 kN.mf

Muyapb=283kN.mf YrMips=295-kN.mq YrMus=170-kN.mY

A,
00-kN.mY
726 kN.mf
T -Me+25m
519-kNY

-Me+2 5%

Figure 4.16. Distribution of unbalanced moments at a corner column,

In this case, y¢M,,, values of 295 kN.m and 170 kKN.m must be resisted by slab
moment capacities within the moment transfer width (c+2.5h). Therefore, required

moment capacities can be found as 144 kN.m/m and 83 kN.m/m using Equation 4.18 for

the both directions under load combination 3 (Table 4.11). Required slab flexural

reinforcement found by FEM analysis results is adequate to develop these capacities.

Therefore, the TEC 2018 approach using the eccentric shear stress method for slab-
column connection design can be deemed safe. However, it may require significant
increase in the cross-sectional dimensions of edge and corner columns in order to satisfy

punching shear requirements in the slabs.



4.3.3. Drift-Based Check and Comparative Evaluation

In RSA results, maximum drift ratios in the X and Y directions are around 0.011 and
0.012. Necessity of punching shear reinforcement for an interior column C10 (Figure 4.11)
is evaluated using Equation 2.13 in compliance with ACI 318. Gravity shears on columns

are drawn from combination G+Q +0.2S +O.3E§,Z) and strength reduction factor, ¢ and

v, are taken as 0.75 and 2.33 MPa respectively. Gravity shear ratio calculation details are

in Table 4.13.
Table 4.13. Gravity shear ratio details.

Story | Dimension (cm) | Vg (KN) | uyd (mm?) ;%

c
20" NF 90x90 1099 1263600 0.50
19" NF 90x90 1085 1263600 0.49
18" NF 90x90 1088 1263600 0.49
17" NF 90x90 1089 1263600 0.49
16" NF 90x90 1090 1263600 0.49
15" NF 90x90 1092 1263600 0.49
14" NF 90x90 1094 1263600 0.50
13" NF 90x90 1096 1263600 0.50
12 NF 90x90 1099 1263600 0.50
11" NF 90x90 1102 1263600 0.50
10" NF 100x100 1105 1371600 0.46
9" NF 100x100 1107 1371600 0.46
8t NF 100x100 1111 1371600 0.46
7" NF 100x100 1114 1371600 0.46
6™ NF 100x100 1118 1371600 0.47
5% NF 110x110 1124 1479600 0.43
4" NF 110x110 1127 1479600 0.44
3" NF 110x110 1131 1479600 0.44
2" NF 110x110 1135 1479600 0.44
1 NF 120x120 1142 1587600 0.41
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Design story drift ratio under DD2 level ground motion and shear gravity ratio are
parameters to define shear reinforcement requirement using Equation 2.13 (Figure 4.17).
Around 0.50 gravity shear ratio for interior 90 cm x 90 cm columns at 56 m elevation is
slightly above the limit so that punching shear reinforcement must be used at those stories.
In FEM results that were discussed in slab design section, a small region (stress
concentration) was above the concrete design tensile strength for the interior column at 56
m elevation (Figure 4.8). It can be considered as below the limit or with a conservative
approach, punching shear reinforcement can be used. CSI ETABS can do the punching
check automatically and gives the demand-to-capacity ratio as 0.93 for the interior
columns as shown in Figure 4.11. As a fourth alternative, using the eccentric shear stress
method gives around 1.85 MPa shear stresses, which is just above the limit for the interior
column at the same elevation and shear reinforcement is therefore also needed (Figure
4.12). Overall, it can be concluded that the four different design approaches give similar

outcomes for the interior columns.

For the edge and corner columns using Equation 2.13 underestimates shear stresses
because corner and edge columns have smaller tributary area so that they have smaller
gravity shear ratio, and as a result they are below the limit. However, Equation 2.13 is
probably derived to evaluate the entire system or an entire story in terms of punching
shear. And only result can be derived as system is around the limits. In FEM, nearly half of
the mesh is above the design tensile strength for edge and corner columns at 56 m
elevations but it may be deemed acceptable, or to be on the safe side, punching shear
reinforcement can be used (Figure 4.8). CSI ETABS software calculates demand-to-
capacity ratio for punching shear as around 1.0 for the corner columns, as shown in Figure
4.11. However, using the eccentric shear stress method, obtained shear stresses are too
large to resist even with shear reinforcement (Figure 4.14). This problem can be solved two
ways, either all unbalanced moment that causes high shear stresses should be resisted by

added flexural reinforcement within slab moment transfer width with the assumption of

7+ =1 (the ACI 318-14 approach), or slab shear stresses should be decreased by increasing

column cross-sectional dimensions or slab thickness, while still using the assumption that

v: = 0.6 (the TEC 2018 approach), which is less preferable design. It should be noted that
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FEM results and ESSM results for punching shear stresses around edge and corner

columns maybe significantly different.
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Figure 4.17. Design story drift ratio versus gravity shear ratio.
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5. SEISMIC PERFORMANCE OF THE PROTOTYPE STRUCTURE

5.1. Nonlinear Modeling

Realistic simulation of a structure’s nonlinear behavior is overcome complicated
process. Ideally, nonlinear behavior of every structural member must be modeled to obtain
the most reliable nonlinear response prediction, both for individual members and for the
overall structural system. Uncertainty in the expected ground motion characteristic is other
difficulty that further complicates the performance assessment. Moreover, nonlinear
response history analysis of structures is a time consuming and computationally
demanding process. Therefore, to expedite the analyses, some of the structural (e.g., slabs,
basement walls) and non-structural (e.g. partition walls) elements are defined with linear
elastic behavior, or even excluded from the analytical model. Despite all these
complexities, it is still possible to construct a nonlinear model that can reliably simulate the
nonlinear seismic response of real-life structure, with recent enhancements in
computational tools and experimental observations on the nonlinear behavior of structural

components and systems.

In this study, nonlinear modeling and analysis of the prototype building structure is
conducted using the most commonly-employed industry-standard commercial software,
CSI Perform 3D. In nonlinear modeling and performance assessment, specifications in
TEC 2018 and recommendations in ASCE 41 are both utilized.

5.1.1. Material Properties

As expected material strengths, expected compressive strength of concrete, f., is

calculated as 65 MPa, and expected yield strength of reinforcement, f,,, is calculated as

sye s

504 MPa with respect to TEC2018.

5.1.1.1. Elastic Material for Fiber Sections. Nonlinear behavior of basement walls is not

expected due to large cross sections and capacities. Therefore, these elements are modeled
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using linear elastic wall elements. Modulus of elasticity of the linear elastic elements is
defined as E, =38574 MPa, using Equation 5.1 of TS EN 1992-1-1 (Turkish Standard

Institute, 2009).

f 0.3
22000 (ﬁ] (5.1)
10

5.1.1.2. Elastic Shear Modulus of Walls. Capacity design approach was used in shear

design of structural walls. Nonlinear shear deformation is not expected in structural walls

and walls shear behavior is modeled linear elastically by defining an Elastic Shear Material

in CSI Perform 3D, using Equation 4.2, with a shear modulus of G, =16072 MPa..

5.1.1.3. Elastic Modulus for Slabs. In design, slabs are not considered as a part of the

seismic load resisting system, so they are usually not included in nonlinear models, or they
are modeled using linear elastic shell elements .In this study, some of the models generated

have linear elastic slab elements for comparison with other models that consider

nonlinearity in slabs. Elastic Material for the slabs is defined as E_ =38574 MPa in the

models with linear elastic slab elements.

5.1.1.4. Concrete. A theoretical stress-strain model for both unconfined and confined

concrete is used in nonlinear response history analysis (Mander et al., 1988). To generate
the confined and unconfined concrete stress-strain relationships defined in the model,

Equation 5.2 is used, which is also suggested in TEC 2018.

f_xr
f, = — 5.2
© r-1+x" (5:2)

Relationship between f_. and f_ is shown by Equation 5.3:

foe = fo (5.3)

where A, is calculated by Equation 5.4,



Jo = 2.254 /1+ 7940e pte 05
fCO fCO

where effective confining pressure, f, , is found from Equation 5.5 and 5.6 below:

fex = kepx fyw
foy = Keoy Fu

Then, the confinement effectiveness coefficient, k., is formulated as

ke=[1—zai2J£1— > J[1— > ](1— A J
6b,n, )\~ 2o, )" 2h |7 boh,

Finally, to generate stress-strain relationship, Equations 5.8 to 5.10 are needed.
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(5.4)

(5.5)

(5.6)

(5.7)

(5.8)

(5.9)

(5.10)

(5.11)

In the concrete stress-strain calculations, unconfined concrete modulus of elasticity is

calculated as E, =40311MPa, using Equation 5.12.
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E, =5000,/f_, (5.12)

After plotting the concrete stress-strain relationships for the fiber sections, stress-
strain curves are converted to simplified polylines and linearized stress-strain models are
categorized to minimize number of typical fiber models according to their similarity
(Figure 5.1 and Table 5.1). Cyclic degradation of concrete stress-strain behavior and the

tensile strength of concrete are ignored in the fiber models adopted for structural walls.

90.00
= « « C65 Uncon
80.00 [“ ~.
C65 Con 50cm HCR+
70.00 ‘ e e e s s s PP 7 C65 Con 60cm HCR+
~. 60.00 l N N. C65 Con 70cm HCR+
£ . 3 N\
= 50.00 I ‘ %a \\ — : = (65 Con 70cm HCR-
é 40.00 £ \'\\ ' — — 65 Con 80cm HCR-
2]
30.00 | N\ \\\
. A AY
20.00 \ N
| N\
10.00 . \ N\
" \.
0.00 l L \‘ e
0.00 0.01 0.02 0.03 0.04 0.05 0.06
Strain
Figure 5.1. Linearized stress-strain relationship of concrete.
Table 5.1. Fiber modeling parameters for concrete material.
Material Label DY DU DL DR DX FY FU=FL FR=FX
C65 Unconfined | 0.0009 | 0.0020 | 0.0030 | 0.0050 | 0.0053 | 36.29 65.00 0.98
C65 Confined
s0cm HCR+ 0.0009 | 0.0028 | 0.0049 | 0.0226 | 0.0236 | 37.67 72.12 1.01
C65 Confined
60cm HCR+ 0.0009 | 0.0028 | 0.0048 | 0.0217 | 0.0229 | 37.58 71.88 1.01
C65 Confined | 1511 | 00040 | 0.0078 | 0.0460 | 0.0485 | 4278 | 8236 0.99
70cm HCR-
C65 Confined | 1511 | 0.0038 | 0.0076 | 0.0442 | 00465 | 42.44 | 8173 0.98
80cm HCR-
C65 Confined
Z0erm HCR+ 0.0009 | 0.0028 | 0.0050 | 0.0224 | 0.0236 | 37.74 72.26 1.01
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5.1.15. Reinforcement. B420C reinforcing steel stress-strain model is generated

according to TEC 2018. Modulus of elasticity, E; =200000 MPa, expected yield strength,
foe =504 MPa, and expected ultimate strength, fy, =605MPa, are taken as shown in

Table 5.2. The stress-strain relationship is plotted according to Equations 5.13 to 5.15

(Figure 5.2). Buckling behavior of reinforcing steel is neglected in modeling.

fs = Esé (,<&y) (5.13)

f=1 (gsy <& < gsh) (5.14)

(eq <& <é&y) (5.15)

Table 5.2. Steel mechanical properties.

St@El CIaSS ES (MPa) fsye gSh gSU fsue/ fsye
B420C 200000 504 0.008 0.08 1.2
700
600
500
=
S 400
S 300
200
----- Linearized steel model
100
Reinforcement Model
0
0 0.02 0.04 0.06 0.08 0.1

Strain

Figure 5.2. Stress-strain relationship of reinforcement.
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5.1.2. Gravity Loads

Nonlinear behavior of columns and structural walls are highly dependent on gravity
loads. Second order effects on the structure are also dependent on gravity loads. Therefore,
determination of gravitational loads is an important stage of nonlinear analysis. In addition,
seismic masses are defined from the gravity loads. Therefore, the assigned gravity load
values in the model must be as realistic as possible. Similarly to linear elastic analysis, self
weight and superimposed dead loads are assigned directly to the model, whereas live loads

are assigned after live load participation factors are applied.

5.1.3. Seismic Loads

5.1.3.1. Determination of Target Spectrum. A similar procedure to generating the elastic

design spectrum is followed for determining the target spectrum for nonlinear analysis,
except a different earthquake hazard level, a different damping ratio, and other relevant

specifications for performance based design.

Short and long period spectral acceleration coefficients are obtained from the Turkish
Earthquake Hazard Map website for the hypothetical project location (41°00°00.0”N,
28°42°00.0”E) and the DD1 ground motion level, which is defined in TEC 2018 as a
ground motion with probability of exceedance of 2% in 50 years, and reoccurrence period
of 2475 years (Table 5.3).

Table 5.3. Spectral acceleration coefficients for DD1 at hypothetical project location.

Ss Sy

DD1 2.045 0.567

Design spectral accelerations are calculated using Equations 4.3 and 4.4 considering

suitable local soil effect coefficients which are F, =1.2 for short period and F, =1.433 for

one second period at the site location (Table 5.4)
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Table 5.4. Design spectral accelerations for DD1 ground motion level.

SDS

SDl

DD1 2.454

0.813

Finally, the target spectrum is generated using Equations 4.5 to 4.8, and as a last step,

the generated spectrum is increased by 1.3 times between 0.2Tp and 1.5Tp, where Ty is the

first mode fundamental natural vibration period of the building (T, ,= 3.081 s and T ,=

3.065 s). Spectral accelerations in the average resultant spectrum of selected ground

motions, where the resultants are calculated using the SRSS rule, must not be smaller than

the increased target spectrum, as stated in TEC 2018. Both the target spectrum and the

increased target spectrum are presented in Figure 5.3.
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Figure 5.3. Target spectra for DD1 ground level motion.

5.1.3.2. Selection and Scaling of Earthquake Ground Motion Records. Ground motion

records should be chosen carefully to obtain reliable results from nonlinear response

history analysis. In selecting ground motions from a database, there some key parameters
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that must be considered, such as fault mechanism, magnitude, shear wave velocity (V ),

and closest distance from project location to projection of rupture surface (R,g).

Many records are listed in databases according to these parameters. A statistical
method (mean square error, MSE) is used to decide the most suitable set of ground
motions. Mean squared error is a method to calculate the mean error with respect to
differences between spectral accelerations of a record and target spectrum, for a specified
period range, using Equation 5.16. NGAWest2 Ground Motion Database (PEER, 2013) is

used to select the earthquake ground motion records.

2

1 N
MSE = szi (SaeT r SaeR) (516)
i=1

After choosing the most suitable records for the target spectrum, ground motions are
linearly scaled to match target spectrum (amplitude scaling). According to TEC 2018, at
least 22 ground motion record pairs must be chosen and a maximum three of record pairs
can be chosen from the same earthquake. Lastly, average SRSS spectrum of the selected

ground motion records must not be smaller than the increased target spectrum.
Filtering parameters for DD1 level ground motions are as follows:

e Mechanism: Strike-slip
e Magnitude range: 6.5-7.4
e V4 range: 350-750 m/s

e Ry:10-65km

Mean of the SRSS acceleration and displacement spectra calculated for the scaled
ground motions are compared with the increased target acceleration and displacement
response spectra in Figure 5.4 and 5.5. The selected ground motions and their
characteristics are listed in Table 5.5.
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Figure 5.4. Mean and target acceleration spectra for DD1 ground motion level.
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Figure 5.5. Mean and target displacement spectra for DD1 ground motion level.



66

Table 5.5. Ground motion properties for DD1 earthquake level.

Record
Sequence Farthquake Scale Magnitude | Mechanism | Rz (km) | V; 5 (M/S)
Nurmber Name Factor

RSN164 Imperial Valley 4.78 6.53 Strike-Slip 15.2 472
RSN762 Loma Prieta 7.32 6.93 Rev.erse 39.3 368

Oblique

RSN1614 Duzce 7.50 7.14 Strike-Slip 115 481
RSN1633 Manjil 1.80 7.37 Strike-Slip 12.6 724
RSN1768 Hector Mine 8.62 7.13 Strike-Slip 61.2 370
RSN1770 Hector Mine 6.70 7.13 Strike-Slip 61.9 407
RSN1816 Hector Mine 7.75 7.13 Strike-Slip 61.9 368
RSN3749 Cape Mendocino 2.57 7.01 Reverse 16.5 355
RSN3752 Landers 8.09 7.28 Strike-Slip 45.3 436
RSN4852 Chuetsu-oki 8.16 6.80 Reverse 30.3 606
RSN6948 Darfield 6.62 7.00 Strike-Slip 30.6 482

5.1.4. Load Combinations

In the nonlinear analysis model, dead loads, live loads, and earthquakes loads are
combined using Equation 5.17 and 5.18, according to TEC 2018.

G+Q,+0.2S+E{™ (5.17)

where

Q. =nQ (5.18)

5.1.5. Masses

Automatically-assigned joint masses by CSI ETABS software in the linear elastic
analysis model are exported to CSI Perform 3D software for assembling the nonlinear

analysis model. Masses are assigned in both directions of the model.
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5.1.6. Modeling of Structural Elements

Nonlinear behavior of the members can be modeled using two different approaches,
the lumped plasticity model (plastic hinge model) and the distributed plasticity model
(fiber model). In the lumped plasticity approach, plastic hinges are placed in zones where
damage (nonlinear behavior) expected. Then, force vs. plastic deformation (e.g., moment
vs. plastic rotation) relationships are introduced to the hinges to represent nonlinear
behavior of that region. In the distributed plasticity approach, a cross section is divided into
fibers (using the plane sections remain plane assumption) where uniaxial fiber behavior
consists of simplified material stress-strain models, and the fiber element represents both
axial and bending behavior of the structural member distributed along its length. Nonlinear
behavior of structural walls are modeled using the distributed plasticity method (fiber
elements) and nonlinear behavior of effective slab beams, coupling beams, and columns

are represented using the lumped plasticity method in this study.

5.1.6.1. Structural Walls. Structural walls are main members that provide lateral rigidity

and lateral load resisting capacity of tall building systems. Therefore, the seismic response
of the structure is highly dependent on structural wall modeling.

In CSI Perform 3D, distributed plasticity can be applied with two options, as auto
size and fixed size. In the auto size option, users are able to define fiber faster and
automatically, but only one concrete material can be assigned to a cross section in this
option so that there is not a difference of boundary and web regions. Therefore, to be able
to use different concrete materials at different wall regions, fixed size fiber modeling
option is used. Cracked flexural rigidity is calculated by the program automatically in fiber

models.
Strain limits for concrete and reinforcements are defined based on TEC 2018. Strain
gage elements are placed at structural wall ends to measure strains and evaluate acceptance

criteria.

5.1.6.2. Columns. Hysteretic behavior of columns is dependent on axial load that cross

sections carry. Hence, PMM hinges are used to capture nonlinear response of columns.
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PMM hinges show biaxial bending under axial loads. Sectional analysis is performed to
define the PMM vyield surface at the beginning of nonlinear deformation. Plastic rotation

capacities are defined using Equation 5.19 in TEC 2018.

oo %{(% -4, )L, [1_0.5Ej+4.5¢udb} (5.19)

Columns are modeled in CSI Perform 3D as two PMM hinges placed at the end of

rigid end zones and one elastic cross section is defined between the two PMM hinges

(Figure 5.6). Elastic section effective flexural rigidity (EI)e is defined using Equations

5.20 and 5.21.
ML
(El), =—2= (5.20)
© 6,3
L d, f
ay=¢y ® +0.00157 12150 ] A he (5.21)
L, 84/ fee
Node PMM Hinges Node

™~ t

Q@ X Elastic Section @;t
Rigid End Zones

Figure 5.6. Columns modeling.

5.1.6.3. Coupling Beams. Coupling beams with diagonal reinforcement are modeled
using plastic shear hinges. Effective rigidity of the section is found using Equation 5.20

and plastic rotation capacity of coupling beams is calculated by Equation 5.22.

CP
gc( )Lp

(CP) _
hcos(er,,)

( (5.22)



69

Coupling beams are modeled in CSI Perform 3D with using two elastic line elements

and one shear hinge. Coupling beam modeling is shown in Figure 5.7.

_ Shear Hinge

By

Node Elastic Sections Node

Figure 5.7. Modeling of coupling beams.

5.1.6.4. Elastic Slabs. Slabs are modeled elastically in one of the nonlinear models of

structure to add rigidities of slab elements to total structural system rigidity. In that model,
elastic slab (shell) elements are used with effective flexural rigidities defined according to
Table 4.9.

5.1.6.5. Effective Slab-Beams. Most of the nonlinear analytical models are generated

using effective slab-beams for the slab elements. Nonlinear modeling of effective slab-
beams depend on the connection type (e.g. slab-column connection, slab-wall connection),
connection class (e.g. weak or strong connection), and the type of the vertical element

connected to (e.g. wall or column).

If the effective slab-beam is connected to a weak slab-column connection, modeling
of effective the slab-beam consist of an elastic beam element that is linked to the column
intersection node using the proposed an equivalent shear hinge model. Deformation
capacity of model is taken from Table 2.2, based on the gravity shear ratio, as defined in
ASCE 41-17. Strength (moment capacity) of equivalent shear hinge model is calculated
using Equations 2.10, 2.11 and 2.12 (Figure 5.8).

If the effective slab-beam is connected to strong slab-column connection, a moment
hinge (CS hinge) is assigned at the end of the elastic beam element. CS hinge’s
deformation capacity is defined from Table 2.2, considering the gravity shear ratio of
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connection, and the CS hinge capacity is calculated using the moment capacity of the slab
along the CS width (Figure 5.8).

In this study, bottom bars at weak and strong slab-column connections are used to
resist bending moment and also as integrity reinforcement to exhibit more ductile behavior
under earthquake loads and to avoid progressive collapse.

If effective slab-beam is connected to a slab-wall connection, a moment hinge (CS
hinge) is assigned at the end of elastic beam element. Capacity of the hinge is defined with
section analysis of the CS cross section. Plastic rotation capacity of such CS hinges is
defined using Equation 5.23 (Figure 5.8).

0, =(4,-4,)L, (5.23)
PMM Hinge A
/ '-.V
k Equivalent Shear Structural Wall
Hinge Model

L
]
| .

CS Hinge 4/@

//—\
L7 7 Jeje7 >

Fiber Model
g [} ]

Figure 5.8. Modeling of effective slab-beam.

5.1.7. Damping

Hysteretic behavior of structural elements absorbs most of the seismic energy, when

they undergo damage (plastic deformation). However, all energy dissipation sources are
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not included in analytical model, such as internal friction and nonstructural elements. 2.5%
viscous damping is therefore recommended for nonlinear analysis of high-rise buildings by
TEC 2018, to consider non-hysteretic energy dissipation. In the Perform 3D model, 2.5%
damping is assigned as a total of 2.4% modal damping, and 0.1% Rayleigh damping, in
order to dissipate very high modes in the response.

5.1.8. Nonlinear Models

Since construction of a structural system in CSI Perform 3D is cumbersome process,
a linear elastic model is first generated in CSI ETABS to simplify the modeling process.
Then, the CSI ETABS model is transferred to CSI Perform 3D program. In the nonlinear
models, the foundation is not included similarly to the linear model. Fixed supports are
assigned at the foundation model. Five nonlinear models are generated; one with rigid
diaphragms (no slabs), one with elastic (shell) slab elements, and the last three with
effective slab-beams to simulate the slabs, representing three different building
configurations designed using the three different punching shear design approaches (ACI
318, ACI 318 with overstrength, TEC 2018) described in the previous chapter (Figure 5.9
and 5.10).
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Figure 5.9. 3D views of models.
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(@) (b) (©)

Figure 5.10. Plan views of models.

5.2. Analysis Method and Results

5.2.1. Nonlinear Response History Analysis Method

NLRHA is a method for evaluation of dynamic structural response under ground
motion time histories. In NLRHA, the equation of motion is solved by numerical
integration for each time step of ground motion, considering stiffness matrix changes. In
this study, the five aforementioned nonlinear models are analyzed using the nonlinear

response history method in CSI Perform3D software.

5.2.2. Nonlinear Response History Analysis Results

In this section, comparison of analysis results obtained from the five different models
analyzed under the DD1 level ground motion records, using NLRHA, is presented. Story
drift ratios, structural wall shear forces, compressive concrete strains and tensile
reinforcing steel strains in the longitudinal direction of structural walls, coupling beam
chord rotations, and slab-column connection plastic rotations are presented as critical
response parameters for the rigid diaphragm (no slabs), elastic diaphragm (elastic slabs)
and effective slab-beam models. Column plastic rotations obtained from all analyses are
close to zero as expected. Plastic rotations are concentrated at the equivalent shear hinge
elements at the slab-column connections. Therefore column plastic rotations are not

presented in the analysis results.
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Story drift ratios are checked at the geometric centroid and at one corner of the floor
plan. (Figure 5.11) in both X and Y directions. Acceptance criteria for story drift ratios
obtained from mean value of 22 pairs of ground motions are taken as 0.03 for collapse
prevention (CP) and 0.02 for life safety (LS) performance levels. Mean values obtained
from the 22 pairs of ground motions are presented in Figure 5.12 in both X and Y
directions. The three effective slab-beam models undergo almost the same drift ratio as
expected, since the models have almost the same structural stiffness, except one model has
different cross-sectional dimensions for edge and corner columns (1300 mm versus 900
mm). Other than that, the only difference between the three effective-slab-beam models is
slab reinforcement amount and configuration. Comparison of the so-called “noshell”,
“shell”, and the three effective slab-beam models in terms of story drift ratios shows that
the effective slab-beam models are stiffer than both the noshell model (as expected) and
the shell model. Therefore, in the model with elastic shell elements for the slabs (shell
model), using an effective flexural stiffness modifier of 0.25 is appears to be a feasible
solution in checking of story drift ratios. This is partially because CSI Perform 3D analysis
software cannot transfer bending moments from the slabs to the structural walls in the
strong direction of the walls. Overall, all five models satisfy the CP performance level in

terms of story drift ratios.

n a | | | |
D2-Y
D2-X

| | — |

= "
u = =} m = o
D1-Y

D1-X

Figure 5.11. Control points of story drift ratios.
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Coupling beam plastic chord rotations and rotation demand-to-capacity ratios are
presented in Figure 5.13 and Figure 5.14. In the figures, each point is the mean value of 22
pairs of earthquake ground motions for a coupling beam. CP and LS limits are defined as
0.05 rad and 0.0375 rad, coupling beams rotations are around 0.01 rad, which satisfies LS

performance limits.

The model in which corner and edge slab column connections are designed
considering overstrength coefficient D and y; =1, is labeled as Effbeam 1, the other model
in which corner and edge slab column connections are designed neglecting overstrength
and taking y; =1 is (ACI 318 design) is labeled as Effbeam 2, and the third model where
corner and edge slab column connections are designed considering overstrength coefficient

D and taking y; =0.6 (TEC 2018 design) is labeled as Effbeam 3.
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Figure 5.13. Plastic rotations of coupling beam (a) Effbeam1, (b) Effbeam2, (c) Effbeam3.
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To avoid brittle shear failure of structural walls under earthquake actions, the shear
capacity of walls should be adequate to resists the wall shear forces obtained from NLRHA

of the structure. Mean wall shear forces for the five models under 22 pairs of ground
motions are compared with the maximum permitted wall shear capacity of 0.85,/f,

defined in TEC 2018. Structural wall names and locations are presented in Figure 5.15.
The structural walls names that are typed in red are selected for presenting the shear forces

shown in Figure 5.16.

Analysis results show that in all models, the structural walls on the exterior axis of
the building have adequate maximum shear capacity; however, for the core walls, wall
thickness can be slightly increased to provide adequate shear capacity, as observed from
Figure 5.16.

| | ] ——== B
P01 P02
0 | | | | o
P07a P08a
| |
P05 P07c PO8c P06
| |
PO7b P08b
[} | 4] a | )
P03 P04
(] e e |

Figure 5.15. Structural wall names and locations.



78

Noshell

80

Noshell

=]
=]

Shell
-« Effbeam1

« = Effbeam2

— |r_urn_|_|

+ + Eftbeam3
+++ Capacity

= = = = = = = = =
Lol L =] wy =+ [ag] (] — .ﬂ_
(w) uoneAs|q
— 4 oen §
g
EEEN
TE 88 &
w E E E C IR R RN
T R S e
LI
p——
o
—
= = = = = = = = =
Lol L =] wy =+ [ag] (] — .ﬂ_

(w) uoneAs|q

0 30000 60000
Shear Force (kN)

-30000

-60000

-30000 0 30000 60000

-60000

Shear Force (kN)

(b)

@)

— [ ] [3a] ..W.
] Y] (="
Z & @ &8 & O
H :

(=] (=] (=] (=] (=] (=] (=] [==] (=] (=]
(=] - =] wy =t [an] [ ] — .ﬂ.
(w) uoneAs|q

— [ ] [3a] ..“.
] Y] (="

H B sevolescannded

_ _ u 1|Lnu!lh"uﬂﬂuuuuwmnmnnﬁumllwnu

—

J
(=] (=] (=] (=] (=] (=] (=] [==] (=] (=]
(=] - =] wy =t [an] [ ] — .ﬂ.

(w) uoneAs|q

0 15000 30000
Shear Force (kN)

-15000

-30000

-30000 0 30000 60000

-60000

Shear Force (kN)

(d)

(©

Figure 5.16. Structural wall shear forces at (a) P01, (b) P04, (c) P05, (d) PO7b, (e) PO7c,

(f) PO8a, (g) P0O8c.
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Figure 5.16. Structural wall shear forces at (a) P01, (b) P04, (c) P05, (d) PO7b, (e)
PQ7c, (f) P08a, (g) PO8c (cont.).
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Wall end longitudinal strains are checked to evaluate the performance of the
structural walls. The strain measurement locations on building plan are shown in Figure
5.17. Performance limits for wall longitudinal strains are defined according to TEC 2018,
as listed in Table 5.6. Average strain values from the 22 pairs of ground motions for the 5
models are compared to the immediate occupancy (IO) performance level strain limit in
Figure 5.18. LS and CP performance limits are not included in Figure 5.18, since the
strains are closer to the 10 performance limit. The three effective beam models satisfy the
IO performance criteria, whereas the “noshell” and “shell” models satisfy the LS

performance level, in terms longitudinal strains on structural walls.
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Figure 5.17. Strain measurement locations on floor plan.

Table 5.6. Performance limits for tension and compression strains on walls.

Performance Criteria | Compression Tension
10 -0.0025 0.0075
LS -0.0135 0.0240
CcP -0.0180 0.0320
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Figure 5.18. Structural wall strains (a) SG01, (b) SG02, (c) SG09, (d) SG10, (e) SG17, (f)
SG18, (g) SG19, (h) SG20.
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Figure 5.18. Structural wall strains (a) SG01, (b) SG02, (c) SG09, (d) SG10, (e) SG17, (f)
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Effective slab-beam element plastic hinge names and locations on the floor plan of
the building are shown in Figure 5.19 at the slab-column and slab-wall connections. Plastic
rotation limits for the slab-column hinges at the weak connections (equivalent shear hinges
shown in orange) and the column strip hinges at the strong connections (moment hinges
shown in red) are taken from Table 2.2, whereas the plastic rotation limits for the column
strip hinges at the slab-wall connections (moment hinges shown in blue) are calculated

using Equation 5.23, as described previously.
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Figure 5.19. Hinge name and locations at slab-column and slab-wall connections.

NLRHA results for the effective beam model 1 (y; =1 at edge and corner joints and

D is considered in design) indicate that column strip hinges at interior (strong) slab-column
connections located on slab beams that are connected to another column at the other end
(e.g., MHO02), rotate by a maximum of around 0.01 rad. However, if the slab beam is
connected to a wall at the other end, the column strip hinge at the slab-column connection

(e.g., MHO4) can rotate by up to 0.04 rad. Similar results are obtained for edge columns in
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parallel direction to the edge. Column strip hinges on slab beams connected to another

column (e.g., MHO6) rotate by less than 0.01 rad, whereas those on slab beams connected
to walls at the other end (e.g., MHQ7) rotate as much as 0.026 rad, as shown in Figure 5.20.
All of these rotations are below or very close to CP performance limits.
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Overall, around 0.02 and 0.03 rad plastic rotations are obtained from column strip

moment hinges at slab-wall connections (e.g., MH12 and MH13), which are well below

CP performance limits (Figure 5.21).
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All edge and corner slab-column connections that were modeled using the proposed
eccentric shear hinge model (SHO3 and SHO5) rotate by 0.01-0.015 rad, which satisfies the

LS performance level in the effective beam model 1 configuration (y; =1 at edge and

corner joints and D is considered in design) (Figure 5.22).
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NLRHA results for the effective beam model 2 (y; =1 at edge and corner joints and

D is not considered in design — ACI 318 approach) indicate that column strip hinges at
interior (strong) slab-column connections located on slab beams that are connected to
another column at the other end (e.g., MHO02), rotate by a maximum of around 0.01 rad at

that slab-column connection.

However, if the slab beam is connected to a wall at the other end, the column strip
hinge at the slab-column connection (e.g., MHO04) can rotate by up to 0.04 rad. Similar
results are obtained for edge columns in parallel direction to the edge. Column strip hinges
on slab beams connected to another column (e.g., MHO6) rotate by 0.022 rad at most,
whereas those on slab beams connected to walls at the other end (e.g., MHOQ7) rotate as
much as 0.028 rad, as shown in Figure 5.23. All of these rotations are below or very close

to CP performance limits.

In this case, plastic rotations of column strip moment hinges at slab-wall connections
(e.g., MH12 and MH13), are significantly larger that those obtained for the previous case
(effective beam model 1), since a lower amount of slab flexural reinforcement is used in
this case at the slab wall connections The plastic rotations slightly exceed the CP

performance limit in this case (Figure 5.24).

For all edge slab-column connections the maximum plastic rotation obtained in this
case is 0.028 rad, which satisfies the LS performance criterion. However, at the corner
slab-column connections, plastic rotations of around 0.05 rad are obtained, which are 20%

above the limiting demand-to-capacity ratio of 1.0 (Figure 5.25).

Therefore, results obtained using the effective beam model 2 configuration (7 =1 at

edge and corner joints and D is not considered in design; ACI 318 approach) indicate that
when designing slab-column connections, neglecting seismic overstrength in design of slab
flexural reinforcement at the connection region (moment transfer width; c+5h) may

occasionally not satisfy the targeted performance criteria.
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Figure 5.23. Rotations and demand/capacity ratios for effective beam model 2 (a) and (b)
MHO02, (c) and (d) MHO04, (e) and (f) MHO6, (g) and (h) MHO07.
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Figure 5.23. Rotations and demand/capacity ratios for effective beam model 2 (a) and (b)
MHO02, (c) and (d) MHO04, (e) and (f) MHO6, (g) and (h) MHO7 (cont.).
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Figure 5.24. Rotations and demand/capacity ratios for effective beam model 2 (a) and (b)
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Figure 5.25. Rotations and demand/capacity ratios for effective beam model 2 (a) and (b)
SHO03, (c) and (d) SHO5.
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In the third model configuration (effective beam model 3, y; =0.6 at edge and

corner joints and D is considered in design — TEC 2018 approach), fixed 1300 mm x 1300
mm column cross sections have to be used for the edge and corner columns to comply with
TEC 2018 provisions (versus 900 mm x 900 mm dimensions in the previous two cases).
Therefore, all slab-column connections become strong connections, and column strip
moment hinges are used also at the edge and corner joints, instead of the equivalent shear
hinges used in the previous cases. The names and locations of the hinges for this case are
illustrated in Figure 5.26.
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Figure 5.26. Hinge names and locations for slab-column and slab-wall connections.

NLRHA results for the effective beam model 3 (y; =0.6 at edge and corner joints

and D is considered in design) indicate that column strip hinges at interior slab-column
connections located on slab beams that are connected to another column at the other end
(e.g., MHO02), rotate by a maximum of around 0.0125 rad. However, if the slab beam is

connected to a wall at the other end, the column strip hinge at the slab-column connection
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(e.g., MHO04) can rotate by up to 0.04 rad. Similar results are obtained for edge columns in
parallel direction to the edge. Column strip hinges on slab beams connected to walls at the
other end (e.g., MHQ7) rotate as much as 0.03 rad, as shown in Figure 5.27. All of these

rotations are below or very close to CP performance limits.

Plastic rotations at column strip moment hinges at slab — core wall connections (e.qg.,
MH12) do not exceed 0.026 rad, which satisfies the performance LS performance limit,
whereas in column strip moment hinges connected to edge rectangular walls in their strong

directions (e.g., MH13), plastic rotations reach 0.032 rad, which does not exceed the CP

performance limit (Figure 5.28).

Plastic rotations at column strip moment hinges at the edge and corner beam column
connections (e.g., MH03, MHO06, MHO08) vary between 0.01 to 0.015 rad from the 10"
story of the building to the top of the building, which falls below the LS performance limit

(Figure 5.29).
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Figure 5.27. Rotations and demand/capacity ratios for effective beam model 3 (a) and (b)
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Figure 5.27. Rotations and demand/capacity ratios for effective beam model 3 (a) and (b)
MHO02, (c) and (d) MHO04, (e) and (f) MHO7 (cont.).
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Figure 5.29. Rotations and demand/capacity ratios for effective beam model 3 (a) and (b)
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Figure 5.29. Rotations and demand/capacity ratios for effective beam model 3 (a) and (b)
MHO3, (c) and (d) MHO06, (e) and (f) MHO08 (cont.).

Therefore, results obtained using the effective beam model 3 configuration (y; =0.6 at

edge and corner joints and D is considered in design) the TEC 2018 approach for designing
slab-column connections provides adequate seismic performance at the connections;
however, it may require unnecessary increase in the cross-sectional dimensions of edge

and corner columns.
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6. SUMMARY AND CONCLUSIONS

6.1. Overview

In this study, first, an equivalent shear hinge modeling approach, which is fully
applicable in commercial analysis software, is proposed to simulate the nonlinear behavior
of slab-column connections. Validation of the proposed model is performed with existing
shake table test data and other modeling methods presented in the literature. Afterwards, a
hypothetical flat plate tall building is designed using different linear elastic analysis
methods and code-compliant design approaches. Using the proposed nonlinear modeling
method for the slab-column connections, nonlinear models of the building are then
generated, with modeling parameters and acceptance criteria that are based on ASCE 41
and TEC 2018. The first two building configurations follow the ACI 318 approach for
punching shear design. In one building configuration, seismic overstrength is considered in
the punching shear design, whereas it is not included in the second. The third configuration
represents TEC 2018 design for punching shear, and gives bigger column cross-sectional
dimensions for the edge and corner columns. Furthermore, two additional nonlinear
models are generated, one with no slab elements and the second with elastic shell elements
for the slabs. Nonlinear response history analyses are performed on all five building
configurations using CSI Perform 3D analysis software. Seismic performance of building
configurations is evaluated based on the analysis results, with emphasis on the

performance of the slab-column connections that were designed using different approaches

6.2. Conclusion

Based on the linear and nonlinear analysis results obtained from various analytical

models, main conclusions that can be reached are listed below:

e The proposed equivalent shear hinge model to replace a torsional hinge in the
commercial analysis software has been shown to be a successful and effective
approach to simulate the nonlinear behavior of slab-column connections towards

improving the performance evaluation of the entire structural system.
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Different analysis methods, including the finite element method, eccentric shear
stress method, and ACI 318 empirical method (Equation 2.13), provide almost the

same results for punching shear design at interior slab-column connections.

Story drifts obtained for the building modeled using effective beam models for the
slabs are smaller than the model with an elastic slab with a flexural stiffness
modifier of 0.25. This is partly because linear elastic slab elements in CSI Perform
3D does not transfer bending moments to structural walls elements in the strong
direction of the walls. Excluding the slabs from analytical model naturally tends to
give larger drift ratios. It may be concluded that for tall buildings with core walls,
using linear elastic and cracked shell elements for the slabs is suitable for story drift

checks.

Design based on TEC 2018 and design according to ACI 318 with included
overstrength factor in punching shear design of slabs give similar nonlinear
deformation (rotation) levels at slab-column connections. Obtained plastic rotations
are around 0.01 radians for the interior connections, around 0.012 radians for the
edge connections, and around 0.015 radians for corner connections, which plastic
rotation demand-to-capacity ratios of around 25%, 30% and 33% respectively.
Overall acceptable results, which exceed rotation limits 20% in some of the corner
joints, are obtained from the design that complies with ACI 318 (with overstrength
neglected in design of slabs). Interior connections that are adjacent to a wall in the
strong direction undergo more plastic rotations than interior connections that are in-

between other columns.

Models with natural periods from largest to smallest values are the no-shell model,
elastic shell model, and effective (nonlinear) beam model. However, shear forces
developing in structural walls do not follow a consistent (opposite) trend with the

natural periods (V,osneir < Vetveams

<Vgen) - Shear forces resisted by structural walls
in the effective beam models are smaller than shell models because slab-column
connections in effective beam models work as frame assemblies and help reduce

the shear force demands on the structural walls.
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6.3. Future Recommendations

The following recommendations can be made for future studies related with the

scope of this thesis:

e Result of the thesis can be generalized by applying the methodology to the other
building configurations with different floor plans and number of stories.

e Taking y, =1 is suggested for edge and corner slab-column connections in design

process if satisfies required conditions.

e More studies need to be conducted about necessity of applying overstrength factor

(D) in the punching shear design.
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