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SUMMARY

A soil mass must provide stability and deformation conditions under the influence of
the loads to which it is exposed. The stability condition deals with the preservation of the
stability of the soil against failure as a result of loading, and the deformation condition deals
with condition before failure related to the fact that the deformations caused by the loading
effect do not exceed certain limits. In the case of both conditions, it is necessary to know the
shear strength parameters of the soil. The fact that all structures are founded to the soils
makes the shear strength, which is the vital engineering property of geotechnical science, the
most important subject of all civil engineering applications. The shear strength, which is
defined as the maximum mobilized shear stress formed in the potential plane of failure, is
known as the most complex engineering property of soils. This characteristic is quite
important, as it directly affects the design parameters of all types of engineering structures.
Shear strength parameters of soils are measured by various test methods in field and in
laboratories. Although these methods have advantages over each other for different
deformation conditions, choosing the appropriate test method according to the current soil
conditions is the most important part of the subject. In the first part of the study, the shear
strength properties of sand soils were measured by direct shear, triaxial shear and ring shear
experimental methods and their comparative analysis was carried out. The results of the
analysis were associated with the plane strain method, which more reliably models the field
stress conditions in many important geotechnical applications and various relationships were
found between them. In the second part of the study, the effect of volumetric strain
properties, which are the main determinants of shear strength, on the test methods were
examined and comparative analysis were carried out and various relations were obtained for
each test method on the basis of the flow rule. Another important subject investigated in the
study was the investigation of the effects of geosynthetic reinforcements on the stress-strain
and stress-dilatation properties of the soil for each test method and examining the results of
the comparative analysis. In the study, effective consolidation stress and relative density
intervals which are the most common in geotechnical applications were taken into account,
the samples were tested in constant strain rate at a single volumetric reinforcement
concentration in drained conditions. As a result of this comprehensive study, in which 1203
experiments were carried out, it was seen that the boundary conditions belonging to the
experimental methods affect the shear strength properties of sand soils depending on the
geometrical interference capacity, and the presence of fiber makes this effect more specific
in different concepts.

Keywords: Direct Shear Test, Triaxial Test, Ring Shear Test, Plane Strain Test, Shear
Strength Parameters, Volumetric Strain Parameters, Sand, Reinforcement
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OZET

Bir zemin kiitlesi maruz kaldig1 ytikler etkisinde stabilite ve deformasyon kosullarini
saglamak zorundadir. Stabilite kosulu yiikleme sonucunda zeminin yenilmeden durayliligini
korumasiyla, deformasyon kosulu ise yiikleme etkisinde olusan deformasyonlarin belli
siirlari agmamasi ile ilgili yenilme 6ncesi durumla ilgilenir. Her iki kogulun incelenmesinde
de zeminin kayma dayanimi parametrelerinin bilinmesi gerekir. Tiim yapilarin zeminle
iliskili olmas1 geoteknik biliminin en 6nemli miithendislik 6zelligi olan kayma dayanimin
tiim ingaat miithendisligi uygulamalarinin en 6nemli konusu haline getirmektedir. Potansiyel
kirilma diizleminde olusan mobilize en biiyiik kesme gerilmesi olarak tanimlanan kayma
dayanimi zeminlerin en karmagsik miihendislik 6zelligi olarak bilinir. Bu 6zellik her tiir
mithendislik yapisinin tasarim parametrelerini dogrudan etkilediginden olduk¢a 6nemlidir.
Zeminlerin kayma dayanimi parametreleri arazi ve laboratuvarlarda cesitli deney
yontemleriyle o6lciiliir. Bu yontemlerin farkli deformasyon kosullart i¢in birbirlerine
tistlinliikleri bulunsa da mevcut zemin kosullarina gore uygun deney yonteminin secilmesi
konunun en 6nemli kismini olusturmaktadir. Calismanin ilk béliimiinde kum zeminlerin
kayma dayanimi Ozellikleri direkt kesme, ii¢ eksenli basing ve halka kesme deney
yontemleriyle Olciilerek karsilastirmali analizleri yapilmistir. Analiz sonuglar1 birgok 6nemli
geoteknik uygulamada arazi gerilme kosullarin1 daha giivenilir bir sekilde modelleyen
diizlem deformasyon yontemi ile iliskilendirilerek aralarinda gesitli iliskiler tiiretilmistir.
Caligmanin ikinci boliimiinde kayma dayanimimin asil belirleyicisi olan hacimsel
deformasyon 6zelliklerinin deney yontemlerine etkisi incelenerek karsilastirmali analizleri
yapilmis akis kurali esasinda her bir deney yontemi icin c¢esitli iligkiler elde edilmistir.
Calismada arastirilan bir diger dnemli konu ise geosentetik donatilarin zeminin gerilme-
deformasyon ve gerilme-dilatasyon 6zelliklerine olan etkisinin her bir deney yontemi igin
arastirilarak karsilastirmali analiz sonuglarinin incelenmesi olmustur. Calismada geoteknik
uygulamalarda en ¢ok karsilasilan efektif konsolidasyon gerilmesi ve sikilik araliklari
dikkate alinmig, numuneler sabit deformasyon hizinda ve tek bir hacimsel donati
konsantrasyonunda drenajli olarak test edilmistir. Toplam 1203 adet deneyin
gergeklestirildigi bu kapsamli calisma sonucunda deney yontemlerine ait sinir kosullarin
geometrik interferans kapasitesine bagli olarak kum zeminlerin kayma dayanimi ve
deformasyon 6zelliklerini etkiledigi, fiber varliginin ise bu etkiyi farkli kavramlarda daha
0zel bir hale getirdigi goriilmiistiir.

Anahtar kelimeler: Direkt Kesme Deneyi, U¢ Eksenli Deney, Halka Kesme Deneyi,
Diizlem Deformasyon Deneyi, Kayma Dayanimi Parametreleri, Hacimsel Deformasyon
Parametreleri, Kum, Donati
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1. INTRODUCTION AND PURPOSE

At a point in a soil mass, stress occur due to both the weight of the soil itself and the
loads on it. When these stresses reach a limit value, shear deformations occur that will lead
to the failure of the soil mass. Therefore, it is a essential to understand the shear strength in
order to know the behaviour of a soil mass. Shear strength is defined as the resistance of the
soil grains to relative movements of each other under continuous displacements applied to
the soil. Expressed as a function of shear stress or the principal stress with respect to the
deformation mode, this concept is of critical importance, since it controls the stability and

deformation properties that cause the failure of the soil mass.

The development of the engineering properties of soils is a topic that has been honed
since ancient times, and its importance has been further realized in the last century. For this
purpose, although insufficient soil improvement methods that people with limited
opportunities previously experienced through trial and error are used, quite good results can
be obtained for most cases with the techniques developed depending on the advancing
science and developing technology. Fiber materials, which are one of the methods and have
various advantages such as efficiency and economy compared to many other methods, have

been one of the most popular applications in recent years.

It is not possible to represent geotechnical applications in different deformation
conditions with a single testing method. For this reason, a large number of field and
laboratory testing methods have been developed to determine the engineering properties of
soils. In tests conducted in a laboratory environment, it is very important to accurately
simulate the current field conditions. Therefore, when deciding which experiment will be
used to determine the shear stress of soils, the disadvantages and advantages of this
experiment should be taken into account for which purpose the experiment will be performed
(Table 1.1). In this study, two widely preferred methods; direct shear test and triaxial test
methods and a less studied method; ring shear test used for the determination of the shear
strength properties of sand and comparative analysis of reinforced and unreinforced cases

are included.



Table 1.1. Guidelines for selection of laboratory tests (FHWA, 2007)

Laboratory tests selection frequency

Analysis Type A B C D E F G H | J K L
Structural Foundation F F M F L L L M F M L L
Landslides F-M  F F F L R L R F-M FM L F
Retaining Wall F-M F M F L R L M F-M F-M L M-L
Material Source F F F F F F F R R M-L R M
Fill/Cut F F F F F M FL M M-L M F FM
Roadway Soil F F F F F F F L L M R M-L
Test description: Selection legend:

A Index properties G Compaction F Frequent use

B  Gradation (Classification) H  Consolidation M Moderate use

C  Fine grain analysis | Unconfined compression L Limited use

D  Atterberg limits J  Direct shear R Rarely use

E  Permeability tests K Triaxial

F CBR L  Ring shear

The aims of the studies carried out within the scope of this thesis can be summarized
as follows: The main aim of the study is investigating stress-strain and stress-dilatation
behaviors of sands for the most common density and effective consolidation stress ranges in
practice via direct shear, triaxial and ring shear test methods and their comparative analysis.
In particular, it is aimed to contribute to the literature by investigating the strength-strain
properties of ring shear tests of cohesionless soils. By comparing the friction term, which is
the main strength parameter of the sands, for each test method and plane strain method that
reliably represents the stress condition for many geotechnical applications, it is aimed to
derive significant relationships that can be used in practical applications. Another important
aim of the study is to investigate the effect of the presence of reinforcement, the use and
importance of which is increasing, on the strength and strain characteristics of different test

methods.

In order to understand the soil properties, the experiences obtained from past studies
are presented in Chapter 2, how we defined stress in geotechnical engineering and failure
theories are given in Chapter 3, the experiments that are often used to measure the
engineering properties of soils are presented in Chapter 4, evaluation of experimental results

and comprehensive comparative analysis results are given in Chapter 5.



2. LITERATURE REVIEW

In this section, the comparative analysis results of direct shear, triaxial shear, and
ring shear test methods used in the literature in order to determine the strength characteristics
of sands under static loading conditions. For this purpose, all publications in the indexes
were reviewed and the studies on the subject were summarized. The literature studies on the
subject were deemed important and included in the section because, in geotechnical
engineering applications, most cases can be represented by the plane strain condition, and
due to the difficulties in obtaining devices meeting this condition. The scope of the thesis
subject and the evaluation methods showed that it would be better to present the subject as
awhole, instead of separate titles. Unless otherwise specified, the "shear strength™ parameter

was symbolized by (¢,45) for direct shear, (¢;.) for triaxial compression, (¢,) for ring

shear, and (¢, ) for plane strain.

The comparison of shear strength parameters of soils with different test methods was
first performed by Taylor (1939). The researcher compared the peak shear strength angles
of four different sands with low and high density, the shape of the stress-strain curve, and
the critical void ratios using the direct shear and triaxial compression tests. In the study,
Ottawa standard sand consisting of angular Sand A of which 90% is finer than 0.8 mm and
10% is finer than 0.18 mm; angular and colloidal Sand B of which 90% is finer than
0.4 mm and 10% is finer than 0.15 mm and Sand BW that is the same as Sand B but clean
was used. All the tests were performed at constant strain rates and the initial void ratio, and
the stress values are given in Table 2.1 and Table 2.2. The study concluded that the shear
strength angle is affected by void ratio, stress condition, different test methods, and the
physical properties of grains and that the most important factor in experimental comparison
is the void ratio. When the peak shear strength angles of the two test methods were compared,
it was seen that the difference between them was 1° — 2° on average, and the results of the
triaxial tests had a higher scattering due to their sophisticated structure. The researcher stated
that the strains were not in agreement although the curves were significantly similar when
the stress-strain relationships were compared. When the peak and ultimate critical state void
ratios were compared, it was seen that the results of the direct shear test were higher for both

cases.
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Finally, the researcher suggested a new critical void ratio concept called as "equal
strength void ratio" for the purpose of controlling the volume change at failure. Since the
value of this concept can be determined with constant volume tests, it cannot be directly
obtained by direct shear. On the other hand, the researcher stated that this value is closely

associated with the critical void ratio obtained by direct shear method.

Table 2.1. Comparison of the peak shear strength angles (Taylor, 1939)

Peak shear strength angle (°)

Soil Stress, o3 Initial void
(kN /m?) ratio, e, ] o ]
direct shear triaxial difference
0.65 28.5 26.7 1.8
20
Ottawa 0.55 34.1 30.3 3.8
sand 0.65 272 26.4 08
60
0.55 31.1 30.3 0.8
0.75 33.9 35.1 -1.2
15
0.60 41.7 40.5 1.2
Sand A
0.75 335 33.8 -0.3
30
0.60 39.9 39.3 0.6
o 0.85 33.8 33.8 0.0
1
0.60 42.8 41.9 0.9
Sand B
0.85 33.2 31.6 1.6
34
0.60 42.0 40.7 1.3
0.85 33.8 34.0 -0.2
30
0.65 44.4 41.8 2.6
Sand BW
0.85 32.7 32.2 0.5
60
0.65 42.6 39.6 3.0

Table 2.2. Comparison of the critical void ratios (Taylor, 1939)

Peak critical void ratio Ultimate void Equal strength

. Stress, o3 ratio void ratio
Soil 2
(kN/m?) . . . o
direct shear triaxial difference direct shear triaxial
20 0.66 0.65 0.01 0.68
Ottawa sand 40 0.65 0.645 0.005 0.67
60 0.645 0.64 0.005 0.66
15 0.75 0.68 0.07 0.77
Sand A
30 0.73 0.64 0.09 0.74
18 0.85 0.81 0.04 0.86
Sand B
34 0.81 0.76 0.05 0.82
30 0.86 0.815 0.045 0.88 0.85
Sand BW

60 0.84 0.78 0.06 0.87
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The relation between the grain shape and size of cohesionless soils and the shear
strength was studied by Hennes (1953) using different test methods. In the study, a material
with smooth, round-shaped grains that is obtained from the river, and a crushed stone basalt
material with rough, angular grains were used. The specific gravities of the materials were
2.62 and 2.66, respectively. The researcher used dry material in all tests and took into
account the results of one test for triaxial shear and the mean of a few test results for direct
shear, for each grain diameter. The study concluded that the shear strength angle was the
common function of void ratio, grain diameter, and grain shape and the results are detailed
in Table 2.3. Minor differences were observed between the two tests for loose and medium
dense materials; however, it was seen that this difference increased up to (¢gs — Pec) 5
with the increasing grain diameter and the decreasing void ratio. In conclusion, the
researcher stated that the shear strength angle was strongly affected by grain diameter up to
a certain level (6.35 mm), and that the materials with a grain size of higher than 19 mm

gave inconsistent test results.

Table 2.3. Comparison of the shear strength parameter by different test methods (Hennes,
1953)

Round Angular
Grain size(mm) - — - —
direct shear triaxial direct shear triaxial
(tan ¢) (tan ¢) (tan ¢) (tan ¢)
0.903 0.91 0.98 1.00
1.18-2.36
0.698" 0.63" 0.92" 0.93"
1.09 0.99
2.36 —4.75
0.90" 0.92
1.12 0.93
4.75-6.73
0.622" 0.61"
117 1.03
125-19.0
0.85" 0.58"

“Initial void ratio
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The drained and undrained shear strength characteristics of fine-grained sands were
investigated by Nash (1953) using triaxial and direct shear test methods. In the study, natural
river sand with rough surface and with main mineral component of quartz was used. The
effect of moisture on the specimens was also investigated for a wide porosity range
(39 — 46.95%) at effective normal and various confining pressures. The study concluded
that moisture had no effect on compressibility of sands and shear strength in the tests
performed under the same conditions. Lower shear strength was obtained under undrained
conditions and the result data were spread over a wider range of values. Finally, the
researcher compared the results of triaxial, and direct shear tests based on porosity and
obtained almost equal shear strength angles for medium porosity in both tests, 5% lower
shear strength angles for high porosity in direct shear, and 10% higher shear strength angles

for low porosity (Figure 2.1).

47 +

. ® saturated

46 |
45 1 e dry
44 1
43 1
42 + o
41 o

N °
40 1
39 1 ; .

! °

38 1 triaxial

37 1 (envelope)
36
35 ¢
34 1
337
32 ¢
31 ¢ direct shear
30 | (test) °

Shear strength angle, ¢°

29 °
28

39 40 41 42 43 44 45 46 47

Porosity, n (%)

Figure 2.1. Variation of shear strength angle as a function of porosity by different test
methods (Nash, 1953)
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One of the first comprehensive studies conducted to compare the strength properties
of sands by different test methods was performed by Cornforth (1964). The researcher
performed a range of plane strain and triaxial tests in a wide density range and under constant
confining pressure (276 kPa) using uniform Brasted sand (< 2mm). In the study,
0.03mm/min and 0.15mm/min were used for plane strain test and triaxial test,
respectively, assuming that constant strain rate has no effect on the strength of sands
(Casagrande and Shannon, 1948). As a result of the study, higher shear strength angles were
obtained in the plane strain test, and it was seen that the difference between the tests has
reduced with the increasing porosity (O.5° < Pps — i < 4°)(Figure 2.2a). When the
volumetric strains were compared, a greater volumetric increase was observed in triaxial
tests at low porosities and the difference between the two tests reduced with the increasing
porosity (Figure 2.2b). When the axial strains at the time of failure were compared, higher
values were obtained in triaxial state for the same density values (Scc = 3€ps) (Figure 2.2c).
This shows a lower module value for triaxial tests. When the ultimate strengths were
compared, it was seen that the triaxial test gave 0.7° higher results in average (33.0 — 32.3)".
The researcher concluded that intermediate principal stress had no significant effect on shear

strength.

46
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Figure 2.2. Comparison of the failure characteristics as a function of porosity (pre-test) for
different test methods: (a) Angle of shearing resistance, (b) Volumetric deformation, and (c)
Axial deformation (Cornforth, 1964)
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To explain the behavior of granular soils under plane strain conditions, Mohr-
Coulomb yield surface should be defined in terms of plane strain friction angle (qb,gs). Davis
(1968) theoretically showed that this angle could be obtained from the relation between the
friction angle (¢ ;) from the direct shear test method and the angle of dilation (y) (Figure
2.3). The researcher, in his hypothesis, assumed that shear behavior in the direct shear test
method represented the plane strain condition.

Mohr’s circle

v

oy o'

Figure 2.3. lllustration of strength parameters from different methods in Mohr’s circle with
Davis hypothesis (Davis, 1968)

The researcher assumed that for both test methods, stress and strain increment was
coaxial in the principal axis, there was no linear strain increment in the horizontal direction
(zero extension), and soil grains were perfect elastic bodies at failure. Equation 2.1 and

Equation 2.2 were obtained from Figure 2.3 based on all these assumptions.

, (01— 03
Pps = sin™? <a’ ,) (2.1)

cos (o — 03)
o) +03) — siny (o] — 03)

(2.2)

tan gas = ¢



10

In the equations, the major and the minor principal stresses were represented by o; and o3,
respectively, the angle of dilation by ¥ = tan™1(— 6,/68,), and the vertical and horizontal

displacement by &,, and &y, respectively.

Using Equation 2.1 and Equation 2.2, the friction angle and the critical state angle are written
in terms of the parameters of direct shear method, as in Equation 2.3 and Equation 2.4,

respectively:

. tan ¢gs
I o= 2.3
Sin @ps cosy + tan ¢ siny (2:3)
Sin(d)érit)ps = tan(d)(,:rit)ds (24’)

This hypothesis is very helpful for comparing the flow rules that were derived by Taylor
(1948) based on direct shear and those that were derived by Rowe (1962) and Bolton (1986)

and for using them in a common form.

Note: The relation between the test methods for the most general state with no assumption

is as follows:

tan ¢y
cos(a — 2A) + sin(a — 2A) tan ¢

Sin ¢y = (2.5)

Where, the deviation of strain increment from the vertical and the angles obtained with the
geometrical relations from the Mohr’s stress circle for non-coaxial states were symbolized

with a and A, respectively.
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When explaining the stress-strain relation of sands, the leading study by Rowe (1962)
that took into account internal work and whose details are given in Section 3.4 is highly
important. Rowe has used these fundamental relations to estimate the volumetric strain of
slopes and earth pressures (Rowe, 1963; 1964a), and the effect of strain conditions on the
strength properties of sands (Rowe, 1964b) and to establish various correlations between the
shear strength parameters obtained by different tests by comparing them (Rowe et al., 1964;
Rowe, 1969). In this section, the study by Rowe (1969) is discussed.

Rowe (1969) studied the strength parameters of saturated sands obtained by direct
shear, plane strain and triaxial test methods under drained conditions and performed a
comparative analysis of them. In the study, quartz and feldspar mineral sands, crushed glass
and glass ballotini, and previous experimental studies and theoretical relations were used.
The researcher aimed to establish a new relationship between the strength properties of sand,
which are also defined as peak effective stress ratio and measured by plane strain and direct
shear tests and compared the theoretical and empirical results with the strength limits already
derived from the triaxial compression method. It was assumed that the principal strain
increment and principal stress directions coincided based on the stress-dilation theory of
Rowe (1962) (Figure 2.4). As a result of the study, the highest strength values were obtained
with the plane strain method in all materials used (with different mineral friction and critical
state strength values) and a new relationship was suggested for the solution of practical
problems between the peak effective shear strength angles measured by plane strain and
direct shear test methods (Figure 2.18). This relationship gave very consistent results in a
certain range of values of the mineral friction of cohesionless soils (¢, = 17° —39") and a
difference of about 4° — 5° was obtained between the peak strength angles (¢;,S — ¢y ) for
quartz sand (qb# =26, ¢y = 32°) (Figure 2.5). The researcher concluded that most earth
pressure and stability problems could be evaluated under plane strain conditions, the shear
strength angle varied as a function of density by different test methods, and the triaxial
method with lower means than the peak plane strain angles and the direct shear method

which was more conservative for the loose state should be used for practical purposes.

Rowe (1969) followed the following method when deriving the equation (Equation 2.18).
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Rowe (1962) defined the stress-dilation relationship as in Equation 2.6 for triaxial and plane

strain loading conditions:
R =DK (2.6)

Where, the principal stress ratio was symbolized by R, the dilation factor by D, and the

material parameter by K:

oy dvg T ¢
R=— ;D=|1———|; K=t 2(— —) 2.7
o3 < deas> M\ * 2 27

In Equation 2.7, the major effective principal stress is represented by o7, the minor effective
principal stress by a3, the volumetric unit strain by v, the axial strain due to grain movement
by &,,,, and the friction component of shear strength angle by ¢;. Rowe (1969) suggested
the D factor as 2 for ¢ = ¢, in dense state and as 1 for ¢ = ¢, in loose state for triaxial

and plane strain conditions.

Considering that the principal stress increment directions and the principal strain
increment directions coincide in direct shear tests (Figure 2.4), the following relationships

between the stress and strain increments are obtained from the Mohr’s circle geometry.

Axis of stress Axis of strain rate

0 03 | o 21;;5 .
}‘ d£3 t ; j d£1

“‘ " dv :

\ /,/
\\ /
N ,///
Mohr’s circle of stress Mohr’s circle of strain increment

Figure 2.4. Representation of stress and strain increments in the Mohr’s circle (Rowe, 1969)

From the two-dimensional strain relationship in Figure 2.4:



dv _ de; —des )
> = > cos 2y

dv =de; + de;
From Equation 2.8 and Equation 2.9

dv dv/de
cos 2y = /dé,

1-D

From the two-dimensional stress relationship in Figure 2.4:

o1 + o3
2

=0 —T1coty

0, — O

=TCcSc2yP

From Equation 2.11 and Equation 2.12:

oi+to; R+1 o

! r

Using Equation 2.10:

2de; — dv T 2- dv/de, -

1+D

= ?sin 2y — cos 2y

(1-D)

R+1 o ) (1-D)2 (1-D) o' 2VD
R—1 7./ (@@+D)? (1+D) t(1+D) (14D

Hence,

T |1 (R-1)
o |D(R/D +1)

If we add the flow rule equation (Equation 2.6) to Equation 2.15:

13

(2.8)

(2.9)

(2.10)

(2.11)

(2.12)

(2.13)

(2.14)

(2.15)
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T |[KR-1)
o \/;(K +1) (2.16)

As mentioned above, since ¢, = ¢, the expression K turns into the following equation. If

we substitute the conjugates of R and (z/¢’) in Equation 2.16, we obtain the general

expression in Equation 2.18:

_ ZE@>._ Z(E%).L_
K = tan (4 + > ) R =tan 2 + ) (0,) = tan P4 (2.17)
tan ¢gs = tan P, cos ¢y (2.18)

Where, the effective shear strength angles are represented by ¢ in direct shear, ¢, in
plane strain, and ¢, in critical state. In the critical state at which no volume change occurs,

R = K and ¢,5 = ¢,. Thus, Equation 2.18 becomes as follows:

tan g5 = sin ¢y (2.19)

50

by = 26°
by = 32° //'/;" r

o
¢max

e plane strain
> m triaxial

+ direct shear

0 0.5 1.0
Initial relative porosity, %

Figure 2.5. The relationship between the peak strengths measured in the direct shear, plane

strain, and triaxial compression tests (quartz mineral sand from Mersey River) (Rowe, 1969)
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Lee (1970) evaluated and compared the shear strength properties, failure envelopes,
and material constants of sands under drained and undrained conditions based on the plane
strain and triaxial compression methods. In the study, fine-grained (0.149 — 0.297 mm),
clean, uniform Antioch sand composing of subangular and subrounded grains and with the
main mineral content of quartz was used. In all the tests, the anisotropic consolidation ratio
between major and minor principal stresses was selected as 2 (k. = 04./03.), the confining
pressures as 30,100, 1000 (kN/m?), and the relative density as 38% and 78% for loose
and medium dense sands, respectively. The researcher also included his previous test data
(Lee et al., 1966; Lee and Seed, 1967) in the study. As a result of the study, for the drained

state, the greatest difference (qb{,s - ¢>;C) between the peak shear strength angles was

obtained in medium dense sands at low confining pressure (8°) and it was seen that this
difference was lower in loose sands or in medium dense sands at high confining pressures.
For the undrained state, greater strengths were obtained by the triaxial test method at low
confining pressures and by the plane strain test method at high confining pressures. On the
other hand, it was observed that in both methods, the failure envelopes became straight with
the increasing confining pressure and their slopes were the same. The researcher investigated
the material constants in the final section and stated that the initial tangent modules were
E,s > E¢. and increased as exponential function with the increasing confining pressure
(Figure 2.6a), while the Poisson ratios were v,; > v, and the difference between them
decreased with the increasing confining pressure (Figure 2.6b). All these results are

important because they indicate the effect of boundary conditions and dilation on the strength
and deformation properties of sands.

106 0.6
o= 0.85

k. =20 0.5

T
Antioch sand

ey = 1.00 [J plane strain
D, = %38 |O triaxial

0.4+

e, = 0.85 W plane strain

D, = %78 |@ triaxial

1051 0.3 e

N PN plane strain
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0.2

Poisson ratio, v
%

0.1

ke=20=—

| | 0 ‘ % | |

10 100 1000 10000 10 100 1000 10000
a4, kN /m? as, kN/m?

(@) (b)
Figure 2.6. Variation of the material constants as a function of the effective confining

Initial tangent module, E (kN /m?)

104

pressure by different test methods: (a) Initial tangent module, (b) Poisson ratio (Lee, 1970)
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In general, direct shear and triaxial test methods are preferred when determining the
strength properties of granular soils. Pells et al. (1973) performed a range of tests using these
test methods to determine the strength properties of two different sands to be used as filling
material (Cape coast-fine, crushed quartzite-coarse). In the study in which all the tests were
performed under drained conditions, the specimens (B > 0.90) prepared in medium dense
form (66 — 71%) and saturated with back pressure (< 850 kN/m?) were sheared at wide
effective normal and confining pressure (70 — 700 kN /m?) range under strain-controlled
conditions. As a result of the study, it was observed that the curvature of the Mohr failure
envelope was greater in the direct shear test method and there was a slight difference between
the shear strength parameters obtained from both methods for the specified stress range and
density form (Figure 2.7). The researchers stated that these results were consistent with the
literature data (Taylor, 1939; Nash, 1953; Rowe, 1969) and empirical comparisons are
needed to be performed for high relative compaction (R. > 100%) and high stress
conditions (¢’ > 700 kN/m?).
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Figure 2.7. Mohr failure envelopes (Cape coast sand), (Pells et al., 1973)
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Lade and Lee (1976) aimed to estimate the peak strength parameter of the plane strain
method from the triaxial test results by observing the effect of critical state shear strength on
test methods. For this purpose, they derived the following equations using lots of data that
they previously obtained by the triaxial compression and plane strain test methods with sands
that are mainly composed of quartz mineral. These equations are more conservative than

most relations proposed in the literature.

bps = 1.5¢; — 17 (Pt > 34") (2.20)

d)z’Js = ¢£c (¢£c < 340) (2.21)

Lee (2000) studied the effect of grain shape and different confining pressures on the
equations above. The researcher evaluated the strength parameters obtained by different test
methods using RMC sand with angular and subangular grain shape (Riemer, 1999), round
Ottawa sand, and angular Rainier sand (Boyle, 1995) and compared with the equations in
question (Table 2.4). As a result of the study, the plane strain angles were found higher in
sands with round grain shape and lower in angular sands at low confining pressure and it
was seen that the results were consistent with the increasing confining pressure. This result
is important because it shows that Equation 2.20 and Equation 2.21 should be used

conservatively.

Table 2.4. Comparison of the tested and calculated plane strain angles (Lee, 2000)

Soil Gonfining pressure (kPa) Predicted plane strain soil Test results of plane strain soil

gp friction angle® (°) friction angle (°)

25 50.5 47°
Ottawa sand

50 46 42°
25 57 59°
Rainier sand 50 54 56°
75 54 55°
20/25 39 41°¢
RMC sand 50/30 40 42¢
100/80 42 43¢

3(Lade and Lee, 1976), °(Boyle, 1995), ¢(Riemer, 1999)
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Ladd et al. (1977) investigated the effect of intermediate principal stress (o,) on the
effective shear strength of sands using five different studies in the literature whose details
are given in Table 2.5. The researchers measured the relative value of effective intermediate
principal stress (Habib, 1953):

@)
Ty @22)

As a function of the friction angle of Mohr-Coulomb failure criterion expressed in terms of

effective principal stresses:

¢' = sin 1—(¢1 o (2.23)

and obtained the relationships in Figure 2.8. Since the value b continuously changes (0.25 —
0.40) due to o, during the plane strain test, the relationships were drawn according to the

value of b at failure (b = 0 for triaxial pressure condition).

Table 2.5. Details of the literature resources used (Ladd et al., 1977)

Line Sand D,.(%) Reference
A, medium-loose
Ottawa ] Ko and Scott (1968)

A, medium-dense
B Med Fi 30

! ed |_n y Sutherland and Mesdary (1969)
B Loch Aline 80

2
c River Welland dense Proctor and Barden (1969)
D M 27

! onterey Lade and Duncan (1973)
D, (No.0) 98
E, loose

Ham River Reades and Green (1974)

E, dense

As a result of the study, it was seen that the effective friction angle increased from
zero to the value of (0.25 — 0.40), which represents the plane strain condition (PSC). This
increase (¢ps — ¢¢c) occurred in the range of 2° — 4° for loose sands and of 4° — 9” for

dense sands (Figure 2.8). At higher b values, it was seen that this effect caused an increase
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in some sands, while a decrease in other sands. The researchers stated that they have not yet
known whether this behavior difference was real difference or a function of variation in the
test apparatus. On the other hand, it was seen that the young modulus often significantly
increased with the increase in the practical range of (0.25 — 0.40). This result is important
to understand the effect of changes in intermediate principal stress on the stress-strain

properties of sand soils.
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Figure 2.8. Effect of the intermediate principal stress on the effective friction angle of sands
(Ladd et al. 1977)

The researchers, in the final part of the study, investigated the relationship of the value b
with the failure criteria. Accordingly, it was seen that the effective friction angle (¢') was
independent of the value b in Mohr-Coulomb criterion and expanded Von Mises (Drucker
and Prager, 1952) and expanded Tresca (Drucker, 1953) criteria overestimated ¢’ at higher
values of b (b = 0.5) (Bishop, 1966). On the other hand, it was reported that the criterion
where Lade and Duncan (1975) used the stress invariants (I, I3) was more consistent with

the data in Figure 2.8.
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Oda et al. (1978) studies and performed comparative analysis on the effect of
anisotropic arrangement on the shear plane, stress-strain relationship, and shear strength
properties of sands using the plane strain and triaxial test methods. The details of the
procedure applied in preparing the specimens in anisotropic arrangement (in the desired
tilting angle, &) were explained by Menzies (1970) and Oda (1971). The details of uniform
Toyoura sand used in the study are given in Table 2.6, while the details of the tests performed
under drained conditions are given in Table 2.7.

Table 2.6. Physical properties of Toyoura sand (Oda et al., 1978)

Void ratio ) . ) .
Property  Dso(mm)  C, G, —— Particle size Particle shape Mineral USCS

€max  Cmin

Value 0.18 15 265 099 0.63 fine subangular quartz (75%) and others SP

Table 2.7. Details of plane strain and triaxial tests (Oda et al., 1978)

Dimensions of

Test type specimens’(cm) e, (Dy) 05(kPa) 5
| d h
Plane strain 8 4.4 6 0.66-0.67 50 - 400 0, 15, 24, 30, 45, 60, 90
(= %90)
Triaxial 7.5 (diameter) 8 0.67-0.68 50 - 200 0, 30, 60, 90

“(I: Long, d: Wide, h: High)

As a result of the study, it was seen that the friction in end platens was effective in
determining the shear planes, especially in triaxial method, and this plane coincided with the
layer plane of angle § at 24° or 30°, in both methods. When the stress-strain relationships
were compared, it was seen that the angle 6 had an effect in both methods, but this effect
was more obvious in the plane strain method (e, = 0). It was seen that as the angle §
increased, the deviator stress at failure (o; — g3)  and the dilation rate (dv/de;)y, but the
deviator stress remained lower for o3 = 200 kPa and 24°— 30° in the plane strain method.
It was observed that the strain ratio at failure slightly increased as the confining pressure
increased, regardless of the angle & (in plane strain test method 2.5 — 5%, in triaxial test
method higher than 5%). When the shear strengths were compared, it was seen that the stress
ratio (o;/03) r was mostly higher in the plane strain tests, while it was minimum at § = 24°
for o3 = 200,400 (kPa) (Figure 2.9a). In the triaxial tests, a gradual decrease was

observed, instead of an obvious bottom point (Figure 2.9b). The failure envelopes drawn for
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certain angles & based on all these results are given in Figure 2.10. Contrary to common
belief, the researchers concluded that the plane strain strengths of sands could not be greater
than the triaxial test for all states. This result is important because it shows that the
anisotropic effect is too important to ignore in problems that can be represented with plane

strain condition such as stability and earth pressure.
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Figure 2.9. Effect of the angle § on principal stress ratio: (a) Plane strain, (b) Triaxial (Oda
etal., 1978)
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Figure 2.10. Evaluation of the Mohr’s failure envelopes for some angles § (Oda et al., 1978)
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The shear strength parameters of seven different granular materials were compared
by Superfesky and Williams (1978) using the triaxial and direct shear test methods. These
materials as detailed in Table 2.8 were obtained from Kentucky open pit mining site, their
main mineral was quartz, and their grain diameters were D, < 19.0 mm and D, <
4.75 mm to prevent possible errors arising from the testing apparatus. The researchers
obtained separate material classes (MC 1, MC 2, MC 3) by mixing new (fresh) crushed
aggregates obtained by crusher in the range of 19.0 — 4.75 (1mm) in the triaxial test method
and of 4.75 — 2.0 (mm) in the direct shear test method, with the available specimen at
certain proportions. Thus, the effect of moisture that is the main subject of the study as well
as the effect of newly crushed materials on strength could be measured. The direct shear tests
were performed on dry and wetted samples at loose density, at constant vertical normal stress
of 46,100,167 (kPa), at constant shear displacement rate of 1.22 mm/min, while the
triaxial tests were performed at constant confining pressure of 103,207,414 (kPa) under

undrained conditions.

Table 2.8. Class and description of the materials by the Unified Soil Classification System
(USCS) (Superfesky and Williams, 1978)

Material Description Triaxial Direct shear
G 1/3 sandstone, 1/3 siltstone, 1/3 acid shale SP-sC” SP
H 1/3 sandstone, 1/3 siltstone, 1/3 calcareous shale SW-SM"or SP-SM" SwW
| 1/3 sandstone, 1/3 acid shale, 1/3 calcareous shale SP-SC” SP
J 1/3 siltstone, 1/3 acid shale, 1/3 calcareous shale SP-SC” SP
MS 1 Similar to J but different batch and gradation GW" SW
MS 2 Shale from 10-foot thick stratum GW SW
MS 3 Sands and silty shales from several overburden strata; as p p

blended during mining and grading operations
* From composite of constituents

As a result of the study in which the evaluations were made in terms of effective

parameters, higher mean shear strength angles were obtained by the direct shear method in

dry sand (¢¢'zsd = Pty = 5.2°) and by the triaxial method in the presence of moisture

(¢Zcm — Pas,, = 3°). It was seen that while the presence of moisture significantly reduced
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the shear strength angle in the direct shear method (¢} .= Pas,, = 8.2°), its effect on
cohesion term was insignificant (c&sd — Cgs, = 1.1 kPa). On the other hand, when the
average cohesion strengths of both methods were compared, it was seen that the difference
between them was still small (c{cm — Cgs,, = 2.3 kPa). All these results are importance
since they showed that the presence of moisture had a significant effect on the shear strength
angle of soils, but its effect on cohesion was limited. In the final section, the researchers
compared the mechanical properties of the new material classes by different test methods. It
was seen that the new crushed materials had a significant contribution on strength in the
triaxial method, while they had no effect in the direct shear test method. The researchers
interpreted this as the fact that the new crushed aggregate formed a more compact structure
with materials with larger diameters used in the triaxial method. The detailed results of the

study are given in Table 2.9.

Table 2.9. Comparison of the shear strength parameters by different test methods and

humidity conditions (Superfesky and Williams, 1978)

Direct shear

Triaxial
Material dry wet
Pee(?) cre(kPa) $as() cas(kPa) Pas(®) cas(kPa)

G 30.8 19 37.9 11.3 322 3

H 315 17 37.3 53 26.9 9.1

| 31.3 9 38.4 75 33.7 3.7

J 28.6 20 39.8 11.2 30.8 1.6
MS 1 332 49 38.7 14.6 274 11.6
MS 2 387 0 38.8 39 30.1 10.6
MS 3 39.8 0 39.1 0 315 6.3

Mean 33.4 10 38.6 7.7 30.4 6.6
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Another study in which the strength and strain properties of sands were compared by
different test methods was carried out by Marachi et al. (1981). In the study, in addition to
the empirical comparison, the effect of specimen shape (Table 2.10) and longitudinal strain
on the test results was also investigated. The specimens as detailed in Table 2.11, which
were prepared using uniform Monterey sand (No.20) through vibration at different void
ratios (e, = 0.55 — 0.75) were tested at a wide confining pressure range (o; = 70 —
3450 kPa) under drained conditions.

Table 2.10. Dimensions of the specimens used in the plane strain test (Marachi et al., 1981)

Width(cm) Length(cm) Height(cm) Length/Width Ratio
25 216 10.1 8.5
25 14.0 10.1 55
4.6 114 114 25
114 28.4 28.4 25
11.9 11.9 29.2 1.0

Table 2.11. Physical properties of Monterey sand (No.20) (Marachi et al., 1981)

Void ratio o ) )
Property Dgo(mm) C, G, —— Particlesize  Particle shape Mineral USCS

€max €min

Value 055 125 264 083 053 finemedium "% o orzandothers  SP
subrounded

As a result of the study, greater shear strength angles were obtained by the plane
strain method (¢,s > ¢¢.) and it was seen that the greatest difference occurred in dense
sands under low stress conditions (~7°) and the difference between them significantly
decreased (~1°) at high confining pressures (3450 kPa) (Figure 2.11). When the axial
strains at failure were compared, greater values were measured in the triaxial method for all
cases (s{ps < ¢&j,,) and it was stated that this parameter was a function representing the
common effect of density of sands and confining pressure (Figure 2.12). Although the strain

levels at failure were close, the secant modulus ratios (ESPS/EStC) were found greater in

dense sands, contrary to the study by Cornforth (1964). Another important conclusion of the
study is the fact that the shapes of specimens used in the plane strain test had no significant

effect on the test results. In other words, square specimens might be used instead of
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rectangular specimens. Finally, it was seen that the ratio of longitudinal strain at failure to
axial strain up to a certain value (e,/&; < 0.4) had a very limited effect on the effective
shear strength angle (< 1°). This result is importance since it shows the theoretical

assumption in the plane strain method (e, = 0) can be tolerated for certain strain levels.
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Figure 2.11. Relationship between confining pressure and internal friction angle (Marachi et
al., 1981)
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Figure 2.12. Comparison of axial strains at failure obtained by different test methods
(Marachi et al., 1981)
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Ramamurthy and Tokhi (1981) derived two different theoretical expressions
depending on the dilation characteristic to estimate the plane strain strength from the triaxial
(compression) test results. Under axisymmetric stress conditions, the intermediate principal
stress (o) was equal to the major or minor principal stress, while the inequality o, # o, #
o5 Was took into account for plane stress conditions, as in the real stress conditions in the
field. The researchers used the ratio of mean effective stress (at failure) to deviator stress for

the axisymmetric condition:

1(g1 + 03 + 03)ec _ 1[(07 + 03) T3

3 (0{—0ee  3|0j—0p) (0] —0p)],

(2.24)

When the Mohr-Coulomb failure criteria is expressed in terms of effective principal stresses:

(01 — 03
= — =sin¢’ (2.25)
(o] + 03 Z
Rearranging Equation 2.25:
s _1(_L (2.26)
o] + o5 2\sind,, '

If we solve Equation 2.24 and Equation 2.26 together:

Lito+ode _1(3 1 1 (227
3 (01, - O—?I,)tc 3\Z2sin ¢L{c 2 .
If the method is repeated for the plane strain condition:
l(al' + 03 + 03)ps 3 1 (o1 + %) o, l (2.28)
3 (01— 03)ps 3|(o —a3) (o1 —a3)] '

Expressing the dilation expression in terms of effective principal stresses:

(O-Zl)ps = l/)(o-ll + Ué)ps (2.29)



27

Substituting Equation 2.29 in Equation 2.28:

1 (o + 05 + 03 1 1
101+ 3 405y _1 (1+¥) (2:30)

3 (01 —03)ps ~ 3sin ps

If Equation 2.30 and 2.27 representing two different conditions are combined and

rearranged:

1

(o + 03+ 0De (01 5+ 53)ps )
singy,  sin ¢y

(01’ - Gsc)tc (01’ - Ué)ps

—3 1 1 2.31
=3 ( +1/))—§ (2.31)

A soil has a unique shear strength and dilation angle for any stress path, stress history,
density, and particle structure. Therefore, the difference between the shear strength angles
obtained for different methods under the same conditions is constant. The researchers
calculated the parameter b representing the intermediate principal stress ratio in terms of the

dilation expression, considering the fact that cohesion is zero under drained conditions:

1 1

Y =5 —sing’ (5 - b) (2.32)

Thus, assuming that the expression o, /(a; + o3) is constant, they suggested the relationship

between the shear strength angles for the plane strain and triaxial condition:

! 1 _z, (2.33)
sing, singps 3 '

Using the expression in Equation 2.34 as suggested by Bishop (1966) for various clays and
sands, for Equation 2.33:

o, I
== cos“Pyps (2.34)
S

! !
01+a3p 2

The researchers derived the following relationship for loose sands showing slight

compression or dilation:
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1 1
sin ¢ps + 3 < — > =1 (2.35)

sing/.  sin gy

The expression suggested by Green (1972) for dense sands:

(Gzl)ps = ’(0—1, O-al’)ps (2.36)

is used together with Equation 2.33 and the following expression was obtained for dense

sands showing significant dilations (at failure):

3 sin ¢ps — sin ¢y, (sin ¢ps + cos qb{,s) = 2sin ¢, (2.37)

As a result of the study, an excellent consistency was obtained between the literature data
and the theoretical equations derived for drained conditions (especially for dense sands),
based on many empirical observations (Figure 2.13). The researchers derived a new valid
relationship for all densities, mostly with empirical data, using the coordinate direction-
independent stress invariants (Ramamurthy and Tokhi, 1989)

46 7
4 7/
. / s
Equation2.37 ,/ @ 4
\_ / o /&\
N,/ /// A
/& /Equation 2.35
[ /
42 // (2 b
/
VA
/ ’
/ ’
/ %z
,/ /7 @ Rawat (1976), D, = 82%
Ve /
38 |- S © Rawat (1976), D, = 53%
-] e L/
< Ve e A [ Green (1972), dense sand
4 7/
/// /// A Reades (1972), dense sand
34 A Reades (1972), medium sand
/\ Reades (1972), loose sand
& Ladeetal. (1973), D, = 27%
30 [ @ Nagarajetal. (1979), D, = 70.7%
! ! ! ! !
34 38 42 46 50

bic
Equation 2.13. Comparison of the plane strain strengths observed with those estimated
(Ramamurthy and Tokhi, 1981)
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Wroth (1984) investigated the strength properties of soils measured under different
strain conditions and suggested a new relationship based on the shear angle of friction. The
researcher stated that the intermediate principal stress effect should be taken into account
and the strength parameters should be expressed with effective stress in order to make
accurate comparisons between different types of tests. For this purpose, he used the
generalized Mohr-Coulomb (1900), Lade (1972), Matsuoka (1974) failure criteria expressed

in terms of all three effective principal stress (Figure 2.14).

0 Mohr-Coulomb
/ Matsuoka
/ \/

/ \\

Figure 2.14. Failure surface sections in principal stress space (Wroth, 1984)

The figure above is a section of the principal stress space made by an octahedral
plane or m-plane that is perpendicular to the space diagonal. This section represents three
possible surfaces of failure from the origin, each in the cone form. The innermost, non-
uniform hexagon section belongs to the expanded Mohr-Coulomb failure envelope, while
the outermost curve belongs to the failure surface suggested by Lade. The Lade criterion is
expressed in the form of stress invariants (Equation 2.38) as follows (Equation 2.39):

L=0{+0,+0; ; I,=o0505+030]+00, ; I3=0{0,0% (2.38)

13
Ii = constant (2.39)
3
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Matsuoka suggested an alternative failure criterion, which is represented by the red inner
curve in Equation 2.14. In the form of invariant:

LI
% = constant (2.40)
3

In Figure 2.14, the sections of Lade and Matsuoka failure surfaces were drawn so that they
coincided with the Mohr-Coulomb criterion for the triaxial compression tests. It’s seen that,
contrary to the Lade curve, the Matsuoka and the Mohr-Coulomb curves coincided at all
corners and fit each other very well. The researcher used the Matsuoka criterion in his study
due to the reasons such as the theoretical representation of mobilized spatial planes where
slip in the soil was assumed to have occurred, the consistency with empirical data, and the

expression in terms of all three stress invariants.

In the study, the parameter (b) defined by Habib (1953) was used to express the relative

value of effective intermediate principal stress:

! !
0, — 03
b_

=— ; (2.41)
0, — 03

In the triaxial compression test 0, this parameter, which was taken as 0.5 approximately (at

failure) in the plane strain test (Bishop, 1966), was valued in the range of 0 < b < 1.

In the triaxial condition, since o, = a3 (and b = 0), the Matsuoka criterion can be expressed

as in Equation 2.42:

LI, (o] +203)(03° + 20{03) (0{/0%+2)(A+20]/03)

2 / /
I 0,05 01/03

(2.42)

The expression above can be expressed in terms of shear friction angle (sin¢ =

(a1 — 03)/ (01 + a3)) as follows for the triaxial compression state:
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LI, (3 —sing)(3+sind.)
I; (1= sing)(1+ sinde)

=9 + 8tan®¢,, (2.43)

For the plane strain state, the parameter b can be redefined and its invariants can be arranged

and then can be expressed in terms of the shear strength angle as follows:

Sin ¢ps + cos pps — 1
ps —

2.44
25in ¢ps ( )

If the method used in the triaxial compression test is applied for the plane strain state and

the results between them are compared, the following relationship is obtained:
sec?p,s + sec P, = 2 sec’ Py, (2.45)

As a result of the study, Figure 2.15 was obtained based on Equation 2.45. Thus, the
approximate linear relationship between the two test methods, as in Equation 2.46, was
derived, which can be used for engineering purposes. This relationship is important as it
shows that the triaxial test can be approximately underestimated by 10% than the plane

strain test for a soil.

8¢ps ~ 9. (2.46)

40 -

¢ps

20—

10 -

Figure 2.15. Relationship of shear strength angle obtained from the Matsuoka failure
criterion for different test conditions (Wroth, 1984)
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Jewell and Wroth (1987) investigated the strength properties of sands by the direct
shear method and suggested a new equation in which the data obtained were associated with
the plane strain parameters in the flow rule formation. In the study, in addition to the
empirical comparison, the contribution of polymer material on strength and the effect of
shear box scale on boundary conditions were also investigated. A modified shear box with
dimensions of 25.4 x 15.2 x 15.2 (cm) (length x width x height) was used in the tests
(Jewell, 1980) and uniform Leighton Buzzard sand specimens (BS 14/25), as detailed in
Table 2.12, were prepared in dense form (e, = 0.52) by a pluvial method and sheared under

three different constant vertical loads.

Table 2.12. Physical properties of Leighton Buzzard sand (Jewell and Wroth, 1987)

Void ratio r ) )
Property Dgo(mm) Cy G, ——  Particle size Particle shape Mineral USCS

€max €min

Value 0.90 120 2.65 0.78 0.49 medium rounded quartz SP

As a result of the study, the researchers analyzed the direct shear test results by the
expression obtained from the dilation (tany = dy/dx = — de,,/d¢,,) and the Mohr’s
stress circle geometry (based on plane strain) and showed that the results were consistent

with the results of the same sand obtained by the simple shear method (Stroud, 1971; Budhu,
1979). When the strength parameters of the plane strain and direct shear (tan bgs =
Tyx/ ayy) methods were compared with the same procedure, the typical critical friction angle
range (¢, = 33 — 37)° suggested by Bolton (1986) was taken as basis and Equation 2.16
and Equation 2.17 were obtained using Equation 2.3 (Davis, 1968) and Equation 3.27
(Bolton, 1986). Figure 2.16 shows that the difference between strength angles (qbps - ¢ds)
is independent of the dilation angle and the density of sand. In Figure 2.17, it is seen that
there is a difference of 20 — 25 (%) between the tangent ratios of friction angle of both

methods and the safety factor of 1.2 can be used in designs on a peak or critical state basis.
¢ps = tan" (1.2 tan ¢g45) (2.47)

It was also shown that Equation 2.47 had a strong agreement with Equation 2.18 (Rowe,
1969).
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Figure 2.16. Theoretical relationship of shear friction angles tested and calculated (Jewell

and Wroth, 1987)
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Figure 2.17. Relationship between the tangent ratio of peak shear friction angles and the

critical state friction angle (Jewell and Wroth, 1987)

The researchers observed that polymer reinforcement enhanced the strength properties of

sand and explained the extent of this effect with a new relationship using the two-

dimensional limit equilibrium analysis. On the other hand, they stated that the scale was

effective on boundary conditions in the direct shear test and suggested that the ratio of shear

box length to the average particle size (Ds,) should be between 50 — 300.
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Jewell (1989), who investigated the effect of boundary conditions on the direct shear
test results, compared the strength parameters for different strain conditions, with the
rearranged equation and flow rules. In the study, the test results reported by Stroud (1971),
Jewell (1980) and Palmeira (1987) under different boundary conditions and the relationships
reported by Davis (1968) and Bolton (1986) were used. The evaluated test results were for
the high specimen density (D, = 90%) and low normal stress (o, < 60 kN/m?)
conditions at which uniform Leighton Buzzard sand (BS 14/25), as detailed in Table 2.12,
was used. As a result of the study, greater shear strength (ryx / ayy) and shear displacement
values (at failure) were obtained in the conventional (asymmetrical) arrangement in which
the top loading platen can freely move, however, it was seen that the volumetric changes
(0y/0x) were smaller. It was stated that in symmetrical conditions where the top loading
platen is fixed, effects such as stress concentration, rotation, etc., which occur with the free
top platen, are eliminated; strains and stress distribution in the center plane are more uniform,
and thus the soil behavior can be represented more accurately. On the other hand, the friction
angles obtained by different methods were scattered over a wide range in the conventional
method, but it was seen that they were closer to each other in the symmetrical arrangement.
When the flow rules were evaluated, it was stated that some of them underestimated the
plane strain angle, while some of them overestimated the plane strain angle and it was
emphasized that the most conservative value should be used. The researcher finally stated
that the accuracy of direct shear test results was affected by non-uniform strain (lower
dilation angle) (Equation 2.48, Equation 2.49) and non-coaxial principal axes (stress-strain

increment) (Equation 2.50) and suggested the following relationships for these factors:

¢ps = ¢y + 0-8(111 - Al/l) (2.48)

, _ tan ¢ds
Sin @ps = cos(Y — AY) + sin(y — AY) tan ¢y (2.49)
tan by, = sin ¢, cos(P — 2A0) (250)

1 —sing,s + sin(yp — 240)

In the equations, the deviation in dilation angle and between principal axes was represented

by Ay and A6, respectively (8" > (Ay,A8) > 0°),(¢, = 357, Y = 0" —20").
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Schanz and Vermeer (1996) evaluated the dilation and friction angles of sands under
different strain conditions. The researchers associated the general volumetric strain concepts
with the studies by Rowe (1962) and Bolton (1986) and aimed to expand the dilation angle
defined for the plane strain state to include the triaxial strain state. In the study, Hostun sand
as detailed in Table 2.13 was used, and the specimens that were prepared in two different
relative density (Ip) (dense (1.15) and loose (0.38)) by the pluvial method were tested at
constant cell pressure (o3 = 300 kPa) and axial strain (1% per minute) conditions by a
range of drained triaxial strain methods. The researchers stated that the critical friction angle
was independent of strain conditions and took the unique critical friction angle as a basis.

Table 2.13. Physical properties of Hostun sand (Schanz and Vermeer, 1996)

Void ratio N ) )
Property Dgo(mm) Cy G, —— Particle size Particle shape Mineral USCS

€max €min

Value 0.32 170 265 1.041 0.648 fine-medium angular quartz SP

As aresult of the study, the dilation angle was associated with triaxial strain condition
using the superposition concepts, thus a new dilation angle definition that is applicable to
triaxial and plane strain conditions and the same around the peak for these conditions was
obtained (Equation 2.58). Contrary to the dilation angle, the friction angles showed
significant differences for both strain states. The researchers associated this with different
critical state friction angles in the literature. In other words, they stated that strain conditions
might change the critical state friction angle, but this had no scientific precision. The
researchers finally matched the equations suggested by Bolton (1986) for different strain
condition (Equation 2.62 and Equation 2.63) on relative dilation indexes basis (Iz) and
derived a linear relationship between the peak friction and the critical friction terms
(Equation 2.64). Figure 2.18 shows that this relationship is in good agreement with the
literature. The definitions of the derived dilation and friction angles are detailed in the

continuation of the section.
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® Cornforth (1964)

A Leussink et al. (1966)
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O Houston sand (loose)
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Figure 2.18. Comparison of the maximum strengths for different strain conditions (Schanz
and Vermeer, 1996)

The researchers suggested a new method similar to the energy principle of Rowe
(1962), using the strain-dilation expressions in Equation 2.6 and Equation 2.7, for the
transition from plane strain condition to triaxial strain condition. In this method, the strain
ratios (o, — 0, , 0, — 03) in different planes were represented by two different mechanisms
(A and B) (Figure 2.19). Hence:

& _ _ Ry
— <_€_1>A =D, = 7 (2.51)
&3 _ _ Rgp
<€'1)B =Dp = (2.52)

Since R, = Rz =R and &, = & under triaxial testing conditions, the contribution of

components in different planes into strain:

K
él = élA + élB = —2€3E (253)

Thus, unlike the expression suggested by Rowe (1962), the following expression is obtained:
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(2.54)

Figure 2.19. Triaxial dilation deviation from the biaxial state (Schanz and Vermeer, 1996)

However, Bolton (1986) defined the following plane strain relationship:

&+ &3

siny,s = —= :
ps 81_83

Considering that the axial strain is the combination of the A and B mechanisms:

& &

£y = EiqtEp = 2+

The expression ¥ from Equation 2.55 and Equation 2.56:

D = D — 1—siny
AT 7B 1+siny
, év/él
sinyY = ————
Yoo e

(2.55)

(2.56)

(2.57)

(2.58)

Thus, a new relationship by which the dilation angle could be measured for both strain

conditions was obtained.
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Combining the dilation angle expression above with the stress-dilatancy relationships in
Equation 2.6 and Equation 2.7, for the plane strain condition:

Sin ¢ps — sin qbpsf

2.59
1 —sin ¢y singbpsf ( )

siny =

Similarly, combining the dilation angle expression in Equation 2.58 with the stress-dilatancy

relationship in Equation 2.54, for the triaxial strain condition:

Sin ¢rc — Sin ¢y,

1 — sin ¢4, sin qbtcf

siny = (2.60)

The expression in Equation 2.54 was combined with the relationship suggested by Bolton
(1986) for plane strain and triaxial strain conditions (—¢,/€&; = 0.31z) and presented as a

general equation as follows:

03 I
2403l 6741

siny (2.61)

The researchers obtained Equation 2.64 using the relationships suggested by Bolton (1986)

for different strain conditions to estimate the friction angles:
For the plane strain state:
¢psp - ¢pscv = S5l (2.62)

For the triaxial strain state:
¢tcp - ¢tcw = 3l (2.63)

Bolton assumed the critical state friction angles as equal for both strain states:

¢tcp = é(3¢psp + 2¢cv) (2.64)
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Okada et al. (1998) investigated the peak and ultimate strengths of sands by ring
shear method, triaxial compression method and direct shear method at different
arrangements (constant volume, constant stress) and performed comparative analyses of
them. In the study, standard Toyoura sand as detailed in Table 2.6 was used and the tests
were performed with the void ratio in the range of (e, = 0.63 — 0.91), at constant stress
loads (o = 100,200 kPa) by taking the shear displacement rate and distance as 0.3 —
3mm/s; 1 — 10 m for ring shear test and as 0.05 mm/s — 30 mm for triaxial test under
drained conditions. The researchers included the literature data summarized in Figure 2.20
into the study to make the comparisons more meaningfully. As a result of the study, it was
seen that the peak shear strength angles from the ring and direct shear methods were close
to each other at every void ratio level, that when the results of these tests were compared
with the triaxial method, they were similar at high void ratios, and that the difference
between them increased distinctively at low void ratios (0.75 — 0.85). When the ultimate
strengths were evaluated, it was stated that although very high displacement levels (10*mm)
were reached by the ring shear method and tan¢ = 65° was obtained, because the triaxial
method had a limited axial strain level (15%), the ultimate strength values could not be

reached, thus an empirical comparison cannot be performed for this parameter.
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Figure 2.20. Investigation of the variation of shear strength angle by the void ratio with
different test methods (Okada et al., 1998)
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Alshibli et al. (2003) investigated the effect of density and confining pressure on the
peak shear strength properties of sands and performed a comparative analysis of them using
different test methods. In the study where uniform Ottawa sand (F-75) as detailed in Table
2.14 was used, the plane strain tests (PS) were performed in the relative density range
of 47 — 97(%) and confining pressure of 15,100 (kPa), while the triaxial tests (TC) were
performed in the relative density range of 66.5 — 91.3(%) and confining pressure of 11.5 —
70 (kPa).

Table 2.14. Physical properties of Ottawa sand (F-75) (Alshibli et al., 2003)

Porosity o ) ]
Property Dgo(mm) Cy G, —— Particle size Particle shape Mineral USCS

Mmax Mmin

Value 0.22 183 265 0446 0.327 fine rounded quartz SP

As a result of the study, it was seen that the shear strength of loose sands was slightly
higher in the plane strain method under low stress conditions, while it was the same in the
triaxial method under high stress conditions (Figure 2.21a). For the dense sands, the test
method had a more significant effect on strength (Figure 2.21b). When the volumetric strains
were compared, greater values were obtained by the triaxial method for all densities tested.
The researchers compared the post-peak strain conditions and observed strain hardening in
the plane strain tests, and strain softening in the triaxial tests, regardless of the density. The
researchers explained this behavior difference with the limiting factors of the test methods.

T T T T T
PS (o3 = 100 kPa) 1 N Y
I TC (03 =70 kPa) -~ i [/ -
Q ¢l _ 0 | _ _
= g - v
g r g r
£ 7 £ 1/ N\ >
S,/ ] S0 e ]
a4/ \_ _ & 4 i
3 1/ - S |
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Q i1/ o |
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=2 r a2 PS (03 = 15.0 kPa) ]
- — TC (03 = 11.5 kPa) 1
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Axial strain Axial strain
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Figure 2.21. Comparison of the plane strain test results and the triaxial test results: (a) Low
density - high confining pressure, (b) High density - low confining pressure (Alshibli et al.,
2003)
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Georgiadis et al. (2004) reevaluated different failure criteria and various empirical
data based on plane strain and triaxial test methods and suggested a new yield surface that
is applicable to loose and dense soils. The researchers used Mohr-Coulomb (1900),
Matsuoka-Nakai (1974), and Lade-Duncan (1975) as failure criteria; and the results of
studies by Cornforth (1964), Leussink et al. (1966), Rowe (1969), Green and Reades (1975),
Lam & Tatsuoka (1988), and Schanz & Vermeer (1996) as test data. In the study, evaluations
were made for failure criteria on plane strain and triaxial test basis and a new yield surface
expression was suggested (Equation 2.65) and then this expression was compared with the
results of various tests. As a result of the study, an experimental difference (d){gs — ¢£C) was
observed in the range of 5 — 14(%) in the Matsuoka-Nakai criterion, of 10 — 20(%) in the
Lade-Duncan criterion, and the researchers attributed this difference to the dilation capacity
and the difference between the criteria to their definitions. It was stated that since ¢,s = ¢,
is expected for loose sands and those reached the critical state, the Mohr-Coulomb criterion
would be sufficient for the strength modeling of these soils. When the criteria were compared
with the test results in the literature, higher ¢, values were obtained for Matsuoka-Nakai
and Lade-Duncan at small values of ¢;., however it was seen that Matsuoka-Nakai gave
results that were more consistent with ¢, at higher values of ¢¢.. Thus, the researchers
suggested the following new expression based on the Mohr-Coulomb failure criterion for

loose soils and the Matsuoka-Nakai failure criterion for dense soils:
F=aF +(1—a)F, (2.65)

Where, the yield surface is represented by F, F;, F, for Georgiadis et al., Matsuoka-Nakai,
Mohr-Coulomb, respectively and the soil state is represented by a. The expression a may
be expressed with Equation 2.66 with the effective friction angle relationship or Equation

2.67 with the dilation angle relationship:

a=p ¢{“c¢_év¢év (2.66)
Y= ay, (2.67)

Where, expansion in yield surface is represented by g, critical friction angle by ¢/,,, and the

peak dilation angle by ,,.
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The expression a representing the current soil state is equal to zero in loose soils but
varies depending on the parameter § in dense soils and takes its maximum value at peak
state (by having the peak shear strength angle at all Lode angles (8) and with the maximum
divergence of the failure surface from the Mohr-Coulomb hexagon). Figure 2.22 shows the
effect of this expression on the shape and position of yield surface on deviatoric plane and
Figure 2.23 shows its effect on deviatoric stress-mean effective stress plane.

A 6=-30
a=a, 0=0
a = aq
a=0 6 =30

N
Sy Lade-Duncan

Matsuoka-Nakai

N

Mohr-Coulomb

Figure 2.22. On deviatoric plane (Georgiadis et al., 2004)

7 (kPa) A
- < a=a
,,,,,,,,,, d’zlis v
¢tc -
""""""" Dt = bps = Pt
| o' (kPa)

Figure 2.23. On (J — p') plane (Georgiadis et al., 2004)
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The researchers compared the expression they suggested (Equation 2.65) with the

results of various tests whose details are shown in figures, for the different values of £, using

the Matsuoka-Nakai (Figure 2.24) and Lade-Duncan (Figure 2.25) failure criteria.

Accordingly, they obtained consistent results at § = 3 for the Matsuoka-Nakai criterion (for

a = 1) and at § = 2 for the Lade-Duncan criterion (the expression gives unrealistic results

fora > 1).
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Figure 2.25. According to the Lade-Duncan failure criterion (Georgiadis et al., 2004)

Consequently, it was stated that the new yield surface presented as the combination

of the Mohr-Coulomb, Matsuoka-Nakai, and Lade-Duncan expressions represent the post

critical state and thus can be used for all soil densities. It was also concluded that using the

Matsuoka-Nakai criterion, instead of the Lade-Duncan making fungible predictions would

be more meaningful, as compared to the literature results.
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Lings and Dietz (2004) developed a new modified direct shear apparatus with new
wings that are attached to both sides, based on Jewell's (1989) symmetrical arrangement in
order to minimize the faults arising from the conventional direct shear test. The researchers
stated that with this apparatus, shear loads could be applied to the specimen center more
uniformly as well as the boundary effect on volume changes measured by conventional
instruments could be eliminated. In the study, uniform Leighton Buzzard sand (BS 14/25)
as detailed in Table 2.12 was used and the specimens prepared in loose, medium dense, and
dense sands by pluvial method were sheared at the stress range of 25 — 252 (kPa) and the
constant shear displacement rate of 1.2 mm/min. As a result of the study, greater dilation
rates were obtained by the winged direct shear apparatus and contrary to the literature
(Jewell, 1980; Jewell and Wroth, 1987), a rotational effect, even slightly, was observed in
the symmetrically arranged top platen. It was concluded that the shear strength properties
were highly affected by the horizontal distance between platens and the side material and
the edge material, but the lever arm effect was negligible. This result is important because it
significantly affects the measurements obtained by the direct shear method. The researchers
associated the measured parameters with the equations and yield rules in the literature for
plane strain condition (Figure 2.26a). When the data derived using these relationships, are
examined, it is seen that the most consistent results were obtained by Davis (1968). The
researchers attributed the different scatterings of the expressions to the differences in the
definitions of critical state angle and suggested the following equation that forms a lower
limit for the data in Figure 2.26a:

bps = Pus +5° (2.77)

The winged direct shear test data interpreted by Davis (1968) and the simple shear test data
reported by Stroud (1971) were also evaluated by adding different flow rules (Figure 2.26b).
Thus, it was seen that the flow rule that was the best representative of both data sets that
appeared to be in the same trend was Rowe's rule (1962). The researchers finally evaluated
the critical shear strength angle using the winged direct shear apparatus and stated that the
results were in good agreement with the values measured by Stroud (1971) and suggested
the following equation for these large displacement conditions:

tan ¢ s = sin g, (2.78)
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The peak shear strength angles obtained by cylindrical and prismatic wedge shear,
triaxial and direct shear test methods were compared by Mirata and Erzin (2007) on different
bases and their comparative analysis was performed. In the study, sand materials
(D < 3.35 mm) which were obtained from different locations of our country and of which
details are presented in Table 2.15 were used, the tests were performed at different values
(6) of the angle between the shear plane and the bedding planes for low and high relative
density and stress states under drained conditions. The researchers defined the particle
crushing that they encountered at all stress levels, with Marsal's (1967) breakage factor (Bg)

and neglected the cohesion effect.

Table 2.15. Material properties of sand specimens (Mirata and Erzin, 2007)

Void ratio

sample S:;‘;ﬁ:gnsﬁ; Dymm) €, G, & B,(%) P;r:;e'e Mineral usCcs
A Kazan 0.94 580 264 066 040 3.1 angular quartz and other SP
B Sereflikochisar 1.17 224 262 086 050 6.6 angular quartz and other SP
C Bafra 0.67 348 268 062 041 7.6 angular quartz and other SP
D Sinop 0.41 124 264 080 058 13.7 subangular quartz and other SP
E Yumurtalik 0.33 176 270 082 056 13.8 subangular  quartz and other SP
F Ceyhan 0.40 219 270 081 054 10.2 subangular quartz and other SP

As a result of the study, the relationship ¢/, = 1.075 ¢/, was obtained between the
triaxial method (6 =~ 65°) and the cylindrical wedge shear method (5§ = 60°) under low

stress conditions and it was seen that this relationship was close to the equation
(¢ps = 1.125 ¢;..) suggested by Wroth (1984) for plane strain condition. When the triaxial

method was compared with the prismatic wedge shear method (6 = 30°), the relationships

¢t = 0.982 ¢y, and ¢;. = 0.983 ¢,,,, were obtained for low and high stress conditions,
respectively; when it was compared with the direct shear method (6§ = 0°), the relationships
¢ec = 0.914 ¢y, and ¢ = 0.983 ¢y, were obtained for low and high stress conditions,
respectively (Figure 2.27). The researchers attributed the fact that ¢,,,, was lower than ¢,
to the low & angle of ¢,,, and stated that their strengths could be close for similar angles
(6pw ~ 6CW). When the angle § was increased to 60° in the direct shear method, the shear

strength angle increased significantly (4.2"). With this increase, close results were obtained
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by the cylindrical method (¢¢,, = 0.972 ¢) as well as the plane strain method at the same
6 angle. On the other hand, it was seen that the results obtained by the triaxial method, and
the prismatic method were on the same trend. All these results are important because the
angle & is effective both in the strength properties of sands and in the comparison of
experimental methods (Figure 2.28). The researchers stated that the critical state angle (¢.,)
that depends on the particle mineral composition is independent of the test type and the angle
d.
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Figure 2.27. Variation of the peak shear strength measured by the drained triaxial tests and

by other shear tests (Mirata and Erzin, 2007)
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Figure 2.28. Variation of the 6 angle and the peak shear strength angle measured by different
tests (Mirata and Erzin, 2007)
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Wanatowski and Chu (2007a) investigated the strength and dilation characteristics
of sands under axisymmetric and plane strain conditions and performed their comparative
analysis. For the plane strain tests, test apparatus as described by Wanatowski and Chu
(2006), by which the intermediate principal stress (g,) can be mesured by eliminating the
corner effects with four transducers on two rigid vertical platens, was used. In the study
where all the tests were performed under drained conditions, the specimens that were
prepared in loose (e, = 0.90) and medium dense (e. ~ 0.66) form and saturated with back
pressure (400 kPa) (B > 0.96) were sheared in a wide range of mean effective stress
(p: = 35 — 300 kPa) as strain controlled (0.05% per minute). The properties of Changi

sand used in the study are given in Table 2.16.

Table 2.16. Physical properties of Changi sand (Wanatowski and Chu, 2007a)

Void ratio Particl

Property Dgo(mm) Cy G, ——  — Particle size gpoe Mineral USCS
€max €min Shape

Value 0.30 200 260 0916 0.533  fine-medium subangular quartz SP

As aresult of the study, higher shear strength angles were obtained by the plane strain
method as compared to the triaxial method (¢>z’,s > qb{c) and it was seen that the difference
between them was higher at low void ratios. When the failure lines at ¢ — p’ space was
compared, higher stress ratios (ngc > 77;,5) were obtained by the triaxial method and it was

seen that the difference between them was lower at low void ratios (Figure 2.29).
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Figure 2.29. Failure states obtained from different strain conditions (Wanatowski and Chu,
2007a)
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The researchers stated that this inconsistency from ¢’ and n definitions should not be ignored
in geotechnical designs. On the other hand, it was stated that since the critical state lines
(CSL) were of different values at e — p'(¢ps,, = 36" Pic,, = 33.67) and q — p'(M,s =
1.16; M, = 1.33) spaces for both methods, the CSL obtained by the triaxial method cannot
be applied to other generalized methods. The researchers finally investigated the effect of
different materials and test methods on the stress-dilation relationship using the empirical
data from the study performed by Cornforth (1961) using Brasted sand. According to the
results as detailed in Figure 2.30, different stress-dilation relationships were obtained under
plane strain and axisymmetric loading conditions for both Changi sand and Brasted sand.

For Changi sand under plane strain and axisymmetric conditions (at failure), respectively:
Gps = Pps., T 0.34g (2.79)
Pic = qb{cw + 0.18y);, (2.80)

For Brasted sand under plane strain and axisymmetric conditions (at failure), respectively:
Gps = Gps,, T 0.30¢,, (2.81)
btc = P, +0.24c (2.82)

Stress-dilation relationship derived by Bolton (1986) for plane strain and axisymmetric

conditions (at failure), respectively:
Gps = ¢>z’,sw + 0.80y (2.83)
bic = ¢{“cw + 1.00%; (2.84)

Bolton defined the critical effective friction angle as equal (d)z’,sw = cpgcw) for both methods.

The schematic representation of the comparison of all these relationships is given below.
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Figure 2.30. Stress-dilation relationships: (a) Changi sand, (b) Brasted sand (Wanatowski

and Chu, 2007a)

Although the Figure 2.30 shows that the presented relationships are on similar trends as a

function of dilation, it was observed that both the relationships between different strain

methods and the stress-dilation relationships presented by Bolton were not consistent with

the results of Changi and Brasted sands. Therefore, the researchers concluded that the stress-

dilation relationships derived for any sand and method cannot be applied for other sands and

methods.
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Bareither et al. (2008) investigated the scale effects on the shear strength in the direct
shear tests and compared them with the test results of the triaxial method. For this purpose,
the researchers used two different square shear boxes; standard small-scale
64 x 64 x 31(mm) and large-scale 305 x 305 x 152(mm). The direct shear tests were
performed at a normal stress range of 26 — 184 (kPa) and the constant shear displacement
rate of 0.24 mm/min; up to a maximum horizontal displacement of 7 mm with materials
passing the 4.75 mm sieves in the small-scale direct shear test (SSDS) and up to a maximum
horizontal displacement of 38 mm with materials passing the 25.4 mm sieves in the large-
scale direct shear test (LSDS). The triaxial tests were performed with materials passing the
4.75 mm sieves, the specimen sizes of 74 x 147 (mm) (diameter, height, respectively), the
confining pressure range of 21 — 83 (kPa), and the axial strain rate of 0.11 mm/min under
drained conditions. In the study where the specimens were prepared with a medium relative
density of (60 — 75%), four different filling materials as detailed in Table 2.17 were used
as well as the contribution of gravel aggregate (25.4 > Dy > 4.75 mm) to strength was

tested with a large-scale shear box.

Table 2.17. Physical properties of the tested sands (Bareither et al., 2008)

Sample  Gravel (%) C, C, G, €max  €min  Vimae KN/M?) R* USCs
A 0.0 186 112 264 076 048 17.36 0.50 SP
B 1.8 235 115 263 069 043 17.59 0.62 SP
c 22.1 416 068 267 056 033 18.11 0.43 SP
D 2.2 306 085 270 064 039 18.64 0.42 SP

" Roundness

As a result of the study, a strong agreement was obtained between the failure
envelopes obtained by different tests for each specimen (this agreement was also shown
statistically with the covariance analysis model, p > 0.05), (Figure 2.31). The shear strength
angles varied up to 3.3 degrees depending on the test method and specimen (Table 2.18) and
it was stated that the results were consistent with the literature data of medium dense sands
(Taylor, 1939; Nash, 1953; et al.). When the strain characteristics were examined, it was
seen that the strains required to reach the peak were greater (0.88%) in the large-scale direct

shear method, which was attributed by the researchers to the dimensions of shear box that
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caused significant differences in the relative movement of particles. On the other hand, it

was stated that the gravel content (up to 30%) had limited effect on the shear strength angles.
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Figure 2.31. Failure envelopes of different scale and methods (Specimen D) (Bareither et al.,
2008)

Table 2.18. Peak shear strength angles of different test types (Bareither et al., 2008)

Test type A B C D
Small-scale direct shear 35.8 325 385 42.6
Large-scale direct shear 38.1 31.8 36.6 40.5

Triaxial 34.8 34.2 395 413

p* value 0.70 0.07 0.09 0.45

“Probability value

The researchers concluded that material properties may significantly affect the test results of
different scales and suggested that the results should be always checked with different tests.
This is important since it explains that the scale effect should be considered when making
experimental comparisons and that the experimental relationships suggested in the literature

should be evaluated and used on the basis of these principles.
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Guo (2008) compared the anisotropic strengths of sands obtained using a new
modified shear box with the results of the studies by Tatsuoka et al. (1986) and Lam and
Tatsuoka (1988) where the anisotropic plane strain strengths of sands were measured and
performed their comparative analysis. The modified shear box (60 x 60 x 45 mm) was
made of four interlocking sides. When preparing the specimen, the shear box consisting of
two orthogonal sides was positioned in the plexiglass mold according to the desired bedding
plane inclination angle (8), the sand material was placed in the reservoir by the pluvial
method and then the angular positions of the shear box were changed and the sides No. 3
and 4 were added. After the specimen was saturated, it was frozen and then thawed at room
temperature by applying isotropic stress and the void ratios were measured. The tests were
performed with dense specimen density (e, = 0.48 — 0.52), normal stress loads of
50,100,200 (kPa) and constant shear displacement rate of 1 mm/min. The properties of
standard Ottawa sand (C190) are given in Table 2.19.

Table 2.19. Physical properties of Ottawa sand (C190) (Guo, 2008)

Void ratio A ) )
Property Dgo(mm) Cy G, ——  Particle size Particle shape Mineral USCS

€max €min

Value 0.72 125 2.65 0.67 0.45 medium rounded quartz SP

The angle of bedding plane normal with major principal stress (o, ) direction was represented
by (6), the angle of the same plane with intermediate principal stress (a,) direction by (&)
(Figure 2.32).

Figure 2.32. Geometric description of shear plane direction and major principal stress

direction relative to bedding plane (Guo, 2008)
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As a result of the study, it was seen that the shear strengths were affected by the
bedding plane direction in the direct shear tests where modified shear box was used. It was
seen that at different angles (8 = 0° — 90") of the shear box being identical to this plane
direction, the peak shear strengths (tan ¢ = 7/0,) got the minimum value at 30” and the

maximum value at 90° [(pgo — ¢30) > 4] and almost equal (¢y =~ ¢4o) at 0" and 60°.

The researcher investigated the effect of shear stress direction (&,, é9o) on the shear strengths
of sand specimens with the same bedding layer plane inclination, using the angular
expression defined by Lam and Tatsuoka (1988) (0° <& <90°; parallel (£ =0,
perpendicular (£ = 90°)). For this purpose, a series of direct shear tests were performed
using the modified shear box under 8 = 30°, e, = 0.48 — 0.52, a,, = 50,100 (kPa)
conditions and it was seen that the effect of the angular expression was negligible. This result
is important since it shows the strengths obtained from the direct shear tests were a function

of angle 6 rather than shear stress acting on the shear plane.

The researcher compared the test results obtained by the direct shear and plane strain
methods using the expression of Tatsuoka (1985) showing that the anisotropic plane strain
strengths of sands could also be expanded for the direct shear method by expressing them in
terms of o. For this purpose, the following expressions derived from Mohr-Coulomb

criterion (assuming the angle (/4 — ¢/2) relative to the direction of failure plane o;):

§=90;

-y (2.85)

T ¢
cos § = cos 6 cos (Z + E) (2.86)



55

Within these principles, the results normalized with the shear strength angle (¢5=00) atd =
0° were compared in the form of plane strain to bring out the effect on anisotropic strengths
(Figure 2.33). The researcher stated that the curves in the figure from different methods were
on the same trend and anisotropic strengths could also be obtained by direct shear tests.
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Figure 2.33. Effect of angle & on anisotropic strength properties of sands (Guo, 2008)

When the results were evaluated in general, it was seen that both angular terms § and & were
effective on anisotropic strength in the studies based on plane strain (Tatsuoka et al., 1986;
Lam and Tatsuoka, 1988), while the expression & was not effective on the basis of direct
shear as mentioned before. Furthermore, since the principal stress axes rotate within the
shear zone in the direct shear test (during strain), care should be exercised when comparing
the results of plane strain test results (particularly when the effect of principal stress

directions on sand behavior cannot be neglected).
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Park et al. (2008) investigated the effect of relative density on the strength and strain
properties of sands by plane strain, direct shear, and triaxial test methods and comparatively
analyzed them. In the study where Jumunjin sand as detailed in Table 2.20 was used, all the
tests were performed at a constant shear rate, with a relative density of 0 — 100(%) and

normal and confining pressure range of 100 — 200 (kPa) under drained conditions.

Table 2.20. Material properties of Jumunjin sand (Park et al., 2008)

Void ratio
Property ~ Dso(mm) Cy G, ——  Particle size Particle shape Mineral USCs

€max €min

Value 0.595 1.402 265 0.843 0617 medium angular quartz and others SP

As a result of the study, strain softening and shear band formation were similar in the
plane strain and triaxial methods for low and high densities, while they were not observed
in the triaxial method for medium density. When the shear strength angles (¢') were
compared, the highest values were obtained in the plane strain method for all density (1)
cases (¢ps — Prc = 4" — 9.5 ¢ps — pis =5 —10°), (Figure 2.34). The researchers
derived various numerical correlations from the relationships ¢’ — I, of different test
methods, which could be used only for prediction purposes (independent of cohesion and

disintegration effect).
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Figure 2.34. Relationships ¢’ — I, for shear tests (Park et al., 2008)
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Sadrekarimi and Olson (2014) investigated the effect of particle crushing on critical
state line (CSL) using granular materials as detailed in Table 2.21. In the study, the effects
of particle characteristics, different specimen preparation techniques (pluvial and damp
compression), drained and undrained conditions, void ratio and effective normal stress on

the results were investigated and comparatively analyzed for different displacement

conditions. Details of the tests are summarized in Table 2.22.

Table 2.21. Physical properties of the tested sands (Sadrekarimi and Olson, 2014)

Void ratio ;
Material Dgo(mm) Cy G Particle size Psahr:pcele Mineral USCSs
€max €min
Ottawa (20/40) 538 137 263 0679 0391  medium rounded  duarzand oo
(clean) others
Ilinois river : . rounded quartz and
(clean) 0.507 230 263 0.757 0.464  fine-medium subrounded others SP
Mississippi river 0.091 605 265 1038 0563 fine subrounded albite and sp
(silty) subangular others

Table 2.22. Details of the ring shear and triaxial tests (Sadrekarimi and Olson, 2014)

Dimensions of specimens(cm) Strain
Test type D,.(%) o, (kPa)
Tin Tout rate(cm/dk) level
. >10m
Ring shear 20.3 27.0 2.6 56 - 88 28 -728 18.6 (Shear disp.)
0,
Triaxial 508 (diameter) 1016 60-93 85-773 0127 /025

(Axial strain)

As a result of the study, it was seen that shear band formation and particle crushing
are the important factors acting on ultimate (residual) state properties of granular materials.
The researchers stated that materials reordered, rolled, and rearranged with negligible
particle damage in critical state could be represented by the conventional critical state theory.
Therefore, they stated that this theory will apply to the triaxial tests in this study where
particle crushing was not encountered as well as other laboratory shear tests with limited
displacement capacity (0.5 — 4 mm). The researchers reported that the soil that had a new
particle size due to particle crushing in the shear band need great displacements to reach the
critical state (Figure 2.35), which can be possible only with ring shear tests with large
displacement capacities. Thus, a new residual state line (RSL) was defined for this state
where the critical state line cannot be expressed with conventional theory. The researchers

pointed out there were unique CSL and RSL lines for each sand and stated that they were
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independent of specimen preparation methods, drainage conditions, stress path, initial

effective normal stress, and void ratio (Figure 2.36).

pre-shear

post-shear

Figure 2.35. Specimens before and after ring shear test (from the shear band) (Sadrekarimi
and Olson, 2010)
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Figure 2.36. CSL and RSL lines of different sands: (a) Ottawa (20/40), (b) Illinois river sand,

(c) Mississippi river sand (Sadrekarimi and Olson, 2014)
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Noorzad and Zarinkolaei (2015) investigated the mechanical properties of fiber-
reinforced sand soil and comparatively analyzed them. In the study, the relative density value
was selected as 70%, the normal and confining pressure as 50,100,200,400(kPa), the
deformation level as 20%, the shear displacement rate as 1 mm /min for direct shear method
and 0.35 mm/min for triaxial method; the fiber material lengths as 6,12, 18 (mm), the
ratio of fiber reinforcement weight to the weight of dry sand weight as (Wf/m)(%) 0-1.
The material properties of uniform Babolsar sand and synthetic polypropylene fiber used in

the study are given in Table 2.23 and Table 2.24, respectively.

Table 2.23. Material properties of Babolsar coast sand (Noorzad and Zarinkolaei, 2015)

Void ratio i
Property Dgo(mm)  C, G Particle size particle Mineral USCS
€max €min Shape
value 019 17 274 086 0.58 fine siiiggrved  quartz and sp
subangular others

Table 2.24. Material properties of polypropylene fiber (Noorzad and Zarinkolaei, 2015)

Propert G Diameter Length Maximum tensile Melting Resistance to Color
perty 3 (mm) (mm) strength(MPa) temperature(°C)  asides and alkalis
Value 0.90 0.023 6,12, 18 400 160-165 high white

As a result of the study, higher peak strengths were obtained by the direct shear
method in the unreinforced specimens, while by the triaxial method in the reinforced
specimens. The researchers attributed this to the orientation of fiber reinforcement randomly
placed within the soil. It was seen that the peak and ultimate strengths increased
proportionally with the increase in fiber reinforcement length and concentration in both
methods. It was observed that the strain at failure increased with increasing normal and
confining pressure, fiber reinforcement concentration and length and this increase was more
prominent in triaxial tests. On the other hand, it was seen that the fiber reinforcement
increased ductility for all the methods, thus reducing brittleness, while it increased stiffness
in the triaxial method but did not affect it in the direct shear method. The researchers stated
that fiber reinforcement increased volumetric strain in the direct shear method but decreased
it in the triaxial method, that it caused a slight increase in cohesion in the direct shear method
but a significant increase in cohesion in the triaxial method, and that the failure envelope

was linear for both methods.
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The strength, stress-dilation and stiffness properties of well-graded sandy gravels
were evaluated by Strahler et al. (2016a, 2016b) based on triaxial and plane strain methods
and comparatively analyzed. The researchers compared their test data with the stress-dilation
theories derived for various criteria and sandy soils and investigated their usability for well-
graded sandy gravels. In the tests performed using Kanaskat sandy gravel (D <
19.05 mm, D5, = 6 mm, C, = 46, subrounded grain shape, the main mineral of quartz)
under drained conditions; the target relative density was selected as 65%, the shear strain
rate as 0.05% per minute, the mean effective consolidation pressures (pz) as 10 —
1000(kPa) in the triaxial method and 28 — 172(kPa) in the plane strain method. As a
result of the study, it was seen that the boundary conditions of various methods were highly
effective on volumetric behaviors. Accordingly, the secant modulus (G,) was obtained 1.5
times higher in the triaxial method (Figure 2.37), while in the plane strain method, the
friction angle and the dilation angle were obtained 31% and 58% higher, respectively, than
the other method.
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Figure 2.37. Initial shear modules for different stress paths (ys = 0.05%, pref =
101.3 kPa), (Strahler et al., 2016b)

When the failure criteria were compared, it was seen that Lade-Duncan's criterion (1973)
was more consistent with the test results than Matsuoka-Nakai's criterion (1974). The
researchers compared the relationships of the test data obtained with various empirical
stress-dilation expressions (Figure 2.38 and Figure 2.39). In the evaluations, it was seen that

Bolton's (1986) empirical stress-dilation relationship underestimated dilation size up to 22%
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in average in well-graded sandy gravels and based on this relationship, the parameter («)

depending on the soil type and stress path was suggested as 1.08 and 0.58 for plane strain

and triaxial state, respectively (Equation 2.87). The study where the approaches generally

tended to underestimate concluded that the expressions developed in the literature might not

apply to all soil and grading conditions.
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Dev et al. (2016) measured and comparatively analyzed the peak shear strength
angles of plastic disc-added sands and fine-grained soils by triaxial and direct shear test
methods. The researchers used uniform graded angular sand (0.425 — 1.0 mm, G, =
2.67,C, = 1.60) and plastic disc (D = 4.5 mm, AR = 45) as reinforcement in the tests
where coarse-grained sands were used. In the study where all the tests were performed under
drained conditions, the specimens (B > 0.98) prepared with a relative density of 65% and
saturated with back pressure (= 150 kPa) were consolidated under pressure of
50,100,200 (kPa) and sheared at a strain rate that was reevaluated within the obtained
parameters based on Head's principle (1998). As a result of the study, greater strengths were
obtained by the triaxial method in fine-grained soils and by the direct shear method in sands
and it was seen that the plastic disc added to sands (10%) increased strength in the triaxial
method but significantly decreased strength in the direct shear method (Table 2.25) and
(Figure 2.40). This result is important since it shows that the addition of reinforcements to

soils has different effects on strength properties depending on the test method.

Table 2.25. Effective shear strength angles from different methods (Dev et al., 2016)

Effective shear strength angles (°)

No. Soil triaxial direct shear difference (¢r, — i)’
1 kaolin 29.5 21 8,5
2 T clay 28 20 8
3 silt 26.5 255 1
4 sand 42 44,5 -2.5
5 sand + plastic disc 455 35 10.5

600
triaxial
] AL
S 400
3
S
1%
.
S 200/
<
w“vy
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Normal stress, kPa

Figure 2.40. Failure envelopes of sands containing reinforcement from different methods

(Dev et al., 2016)
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Medzvieckas et al. (2017) used (simulated) Plaxis 3D software performing
analyzes on the basis of the finite element method in order to evaluate the stress-strain
states in sand specimens during the triaxial and direct shear tests. In the simulation
analyses, Mohr-Coulomb model (assuming that soil shows linear elastic-perfectly plastic
material behavior) was used, the strength (cohesion c, shear strength angle ¢, dilation
angle ) and strain (Elasticity module E, Poisson ratio v) parameters of this model were
obtained from a series of laboratory tests in which specimens prepared in dense form

with angular fine sand materials were used (Table 2.26).

Table 2.26. Details of direct shear and triaxial tests (Medzvieckas et al., 2017)

Dimensions of
specimens(mm)

Strain

Test type ey op(kPa)
r h rate(mm/dk) level
Direct shear 714 341 0.52 50-200 05 5 mm
(shear disp.)
0,
Triaxial 50 100 0.52 50-200 0.1 %14

(axial strain)

As a result of the study, it was seen that the peak and ultimate shear strength
angles obtained by the direct shear method were 2.36" and 2.95" higher (¢}, — ¢ic),
respectively in the tests performed in laboratory setting. The researchers associated this
difference with different stress-strain properties formed during the shear process. When
the simulation analyses were evaluated, it was seen that in the direct shear method, the
stresses in the shear plane were not equally distributed, and the shear stress and horizontal
stress changed more than two and three times, respectively (Figure 2.41, Figure 2.42,
Figure 2.43 and Figure 2.44); however, it was seen that in the triaxial method under
uniform stress conditions, not only normal stress but also shear stress were effective on
the shear strength of specimens (Figure 2.45, Figure 2.46 and Figure 2.47). The fact that
the obtained analysis data were consistent with the laboratory test data and observations
showed that such analyses can be used for practical purposes such as having preliminary

information, understanding/evaluating the system behavior, etc.
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Figure 2.44. Distribution of vertical stresses g, (kPa) at failure in shearing plane and in cross

section (A — A) (Medzvieckas et al., 2017)
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Hanna and Ayadat (2019) used the results of the empirical studies performed by
Hanna and Massoud (1981) and Hanna (2001) when comparing the shear strength properties
of sands obtained by different test methods. In these analyses, shear strength angle, dilatancy
factor, particles interlocking, volumetric and axial strains were taken as the evaluation
parameter and their effects on relative density or porosity were investigated. The researchers
evaluated the results of these analyses on the basis of relative density, dilatancy factor, and
particles interlocking and aimed various correlations for different test methods based on the

flow rule (e.g., Rowe, 1962).

The researchers evaluated the results of empirical studies and stated that higher shear
strength angles were obtained by the plane strain method for each void ratio and that this
angle was lower at low porosity levels in the triaxial method and at high porosity levels in
the direct shear method (Figure 2.48). When the volumetric and axial strains at failure (same
porosity and confining pressure) were evaluated, they stated that as a result of test boundary
conditions, the highest strains were observed with the triaxial method (Figure 2.49). They
concluded that the test results of these two and other parameters were consistent with the

literature data and can be used for analysis purposes.
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Figure 2.48. Peak shear strength angles from different methods, as a function of porosity
(Hanna and Ayadat, 2019)
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Equation 2.89 was obtained by combining the expressions of Rowe (1962, 1969) in
Equation 2.6, Equation 2.7, and Equation 2.18 with Equation 2.88 derived by Hanna (2011):

tan ¢, €S ¢eyy =

tan ¢ds =

(KD — 1)V12D — 3D?2

(2.88)
4AKD — KD2? + 3D
— — 2
(KD — 1)V12D — 3D (2.89)

4KD — KD? + 3D

Expression showing the relationship between the parameters of the stress-dilation
relationship and the triaxial shear strength angle:

Sin ¢y =

R—1 KD-1

R+1 KD+1

(2.90)

The following relationship was obtained between the triaxial method, and the direct shear
method rearranged with Equation 2.89:
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A_l- tan d)ds

— — (2.91)
Bi.tan ¢4 + €4

Sin ¢ =

The terms A;, B; and C, in Equation 2.91 are constants that depend on dilation factor (D).
These constants were expressed in terms of relative density (R;) and defined as follows
(D =R, +1):

A; = 095(R; + 3) (2.92)
B, = 1.9R, (2.93)
C; =V3/(1+R)(3 - Ry) (2.94)

The procedure followed for the direct shear and triaxial method was applied for the plane

strain and triaxial method and the following relationship was derived:

A_ZSin btc
B_zsin e + C_z

tan ¢, cos ¢, = (2.95)

The researchers stated that the angle (¢,,,) in constant volume shear condition was equal for
all the test methods (¢.,, = 30" with 1% > error) and defined the dilation factor-dependant

constants in terms of relative density:

A; =V3Jy(1+Ry)(3—Ry) (2.96)

B, = —2R, (2.97)

C, =Ry +3 (2.98)
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3. SHEAR STRENGTH AND FAILURE CRITERIA OF SOILS

3.1. Introduction

“Shear Strength” is the most important engineering property of soils. This concept,
which is defined as the maximum shear stress that occurs in the soil mass with the loading
of soil medium and the soil can withstand along the shear surface, is used by geotechnical
engineers in estimating the bearing capacity of foundations and in evaluating the stability of
slopes and embankments, and the construction and design properties of retaining wall and

various transportation structures.

In the first part of the section, the stress state in geotechnical applications is detailed,
then the shear strength properties of sand soils and then the factors controlling these

properties were discussed.

3.2. Stress State at a Point in Soil Mass

Soil mechanics is the application of laws of mechanics and hydraulics to sediments
and other unconsolidated solid particles formed by the mechanical and chemical
disintegration of rocks regardless of whether they contain organic substances (Terzaghi,
1943). Since soil is a particulate (grain) matter, it is voided (voids may be filled with water
or air). Soil has specific characteristics such as heterogeneous structure, non-linear behavior,
memory, non-linear stress-strain curves, physical and chemical interactions between
components, which make its behavior so complicated. Due to this sophisticated structure of
soil that cannot be modeled mathematically, it is assumed to be a homogeneous, isotropic,

linearly elastic, and continuous material.

Stresses form on soil medium with the effects of self-weights of soil layers and
external loads. When calculating these stresses, the special characteristics of soil mentioned
above, and the assumptions used in continuum mechanics are taken into account to prevent

possible uncertain complexities.
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The stress vector acting on planes passing an infinitesimal soil mass is usually not
perpendicular to the surface. The component of this inclined stress vector that is
perpendicular to the plane section is called normal stress (compression or tensile) (o), while

its component within the plane is called shear stress () (Figure 3.1).

F;

Figure 3.1. Stress definition of an infinitesimal soil that is exposed to external loads, around

a point on any separated plane

The infinitesimal soil mass in Figure 3.1 is in equilibrium with external forces. In the section
divided by the parting surface, the field element is represented by AA and the internal force
acting on this element by AF. By approaching AA to zero, the stress vector was defined as
in Equation 3.1 (Newton, 1686; Euler, 1757, 1771; Cauchy, 1823, 1827):

o AF_OF
MOOAA - 9A

th

(3.1)

Infinite planes pass through a point. Among these planes, there are three special
orthogonal planes. These planes on which only normal stresses act and thus there are no
shear stresses are called principal stress planes. Normal stresses acting on the principal stress
planes are also called principal stress. These stresses usually have different values (in order
of magnitude, they are known as the major principal stress (o), intermediate principal stress
(o,) and the minor principal stress (o3)). Knowing the principal stresses at a point is
important because stress state in all planes passing through that point would be learnt. In
many problems in geotechnical engineering, it is assumed that the intermediate principal
stress (ag,) has no significant effect on failure. In such cases, the results are evaluated

approximately by considering the two-dimensional stress condition.
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Figure 3.2a shows the general stress components acting on infinitesimal soil element
at any depth that is arranged with axes in soil medium. If a very fine soil mass in XZ plane
is under the effect of forces in the same plane, stresses perpendicular to this plane do not
form or form at negligible levels. In such cases, plane stress state assumption is adopted
because it is adequate and makes the calculations simple. This assumption is useful for many

geotechnical engineering applications (Figure 3.2Db).
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Figure 3.2. (a) Stress components of infinitesimal soil element, (b) Representative stress

state reduced to two dimensions

When finding transformation equations for the plane stress state, the triangle prism
in Figure 3.3a can be used. Because the most of forces used in geotechnical engineering are
pressure, pressure forces and stresses are taken as positive when selecting the sign direction.
Although the sign direction of shear stress is arbitrarily selected, the study of Merry and
Lawton (2012) showed that for geotechnical engineering applications, taking the opposite
direction of clockwise, which is generally accepted in conventional construction mechanics,
as positive is important, which because meets static equilibrium conditions, especially for

graphical solution of problems (Figure 3.3b).
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By transforming the principal stresses acting on the triangle prism in Figure 3.3c into force,

projection equations are obtained in &, n directions.

0,dAgo cOS @
. @L 0, dAgg

0,dAgp sina

@ dlcosa
A A 2l 0
0,dA 0 sina 0,dA 0 cos a
0,dA 0
(a) (b) ()

Figure 3.3. (a) Stresses acting on the triangle element, (b) Positive sign directions, (c)

Separation of principal stresses in XZ plane into components

Prism thickness dy was considered and it was assumed that it was loaded with o, o, Stresses

in orthogonal direction. Under this loading condition, vertical stress (af) and shear stress

(rsn) on the inclined plane were obtained with force-balance equations written in ¢ and n

directions from
>, Fx = 0 condition:

ogdAyp — (0,dAyo cos a) — (0xdAgp sina) = 0
2. E, = 0 condition:

TendAyp — (0,dA40 sina) + (0,dApg cosa) =0

When these equations are simplified, the following relations are obtained for transformation

equations:

0r = 0,c05%a + oysin*a (3.2)
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Tegy = (0, — 0x) Sina cos (3.3)

The transformation equations can be also expressed differently using the following

trigonometric expressions:

. 1
cos?a — sin®a = cos 2a ; cos*a = > (1 + cos 2a)

) 1 ) )
sin’a = 5(1 —cos2a) ;2sinacosa = sin2a

Hence, the expressions in Equation 3.2 and Equation 3.3 can be transformed to the following

forms, respectively:

o,+0, 0,—0
= Zz z 4 22 X cos2a (3.4)

0, — O
Tey = MSin 2a (3.5)

If the equations above are squared, summed side by side and their angle-dependent terms

(a) are simplified:

2

0, + 0,\? 0, — Oy
(O-E - > > + Tfnz = ( ) ) (36)

The relation in Equation 3.6 is obtained. If the stresses in the planes defined with & and n

directions are known, we obtain a circle with a radius of r = (%) and its center at
(om, 0),0m = (%)’:

(6 —oy)?+12 =712 (3.7)
If the relation above is drawn at an axis set of which horizontal axis is o, and vertical axis is

T, as in Figure 3.4, stresses in all planes passing through a point can be shown by a simple
circle called Mohr's Circle (Culmann, 1866; Mohr, 1882).
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o, and a, are the principal stresses acting on principal planes, as mentioned before. The

major principal stress was taken as a,, the minor principal stress as a,, assuming o, = 0,

and g, = o3:
of = 2 ; % + 2 ; % cos 2a (3.8)
Tey = w%%)sin 2a (3.9)
AT o

< tensile | compression —
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Oy = 03 R
7
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(01 + 03) (01 - 03) L

Figure 3.4. Mohr’s stress circle for plane stress condition
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3.3. Mohr-Coulomb Failure Criterion

In engineering, it is essential to know the strength properties of materials under stress.
For this purpose, to describe failure or yielding, many criteria, particularly St. Venant (1837),
Rankine (1843), Maxwell (1856), Tresca (1864), Beltrami (1885) were developed. Most of
these criteria are not suitable for very special materials such as soil. And most of the criteria
applicable to soil are not sufficient for every case. However, the most used one is Mohr-
Coulomb's (1900) failure criterion with a simple and easy-to-understand mathematical and

physical statement.

The results of the study, which was performed by Coulomb, a military engineer in
the French army, to investigate the causes of failures that occurred in fortifications built
against the British with whom they were in the colonial race, made the first major scientific
contribution in understanding the soil behavior. Coulomb (1773) expressed the shear
strength of soils as the sum of cohesion and friction components and defined this hypothesis

with a linear relationship on the basis of total stress, as follows:

s=1=c+ortan¢ (3.10)

Where, 7, defines the shear strength of soil; oy, defines the total normal stress acting on

shear plane; ¢ and ¢, which are the shear strength parameters defined on the basis of total
stress, indicate apparent cohesion and shear strength angle of soil (internal friction angle),

respectively.

Coulomb, in his theory, assumed that failure occurred along a plane with shear and
mathematically expressed that its position could be determined by "Maximum and Minimum
Principles (Nova Method)" (Leibniz, 1684); calculated the stress occurred in the shear plane
using the laws of rigid body mechanics (Amontons, 1699 friction law; Musschenbroek, 1729
cohesion law) for solid and rock, for the first time. Contrary to this theory where shear stress
is taken as the essential element in failure, Mohr (1900) demonstrated that failure is caused
not only by shear stress or normal stress but also the critical combination of these acting
together on the plane and generalized the theory. According to Mohr, who assumed that the

intermediate principal stress (a,) has no effect on shear strength, failure occurs when shear
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stress, as a function of normal stress, increases and becomes equal to shear strength in failure

plane:
7 = f (o) (3.11)

Mohr failure envelope represents the high-grade curve. In most geotechnical applications,
taking the normal shear stress (o — t) relationship as linear does not give results with
sufficient accuracy. If the Mohr curve is taken linear and the relation is expressed with

Coulomb parameters, then the Mohr-Coulomb failure criterion is obtained (Figure 3.5).

T T =c+optane
NE>

tangent point ////
o, =1

%
Fasa RN

Mohr failure envelope

v o~
Mohr-Coulomb failure envelope

Figure 3.5. Mohr’s diagram and failure envelopes

Although the Mohr-Coulomb theorem was used in various geotechnical applications
during that period, it became important with the effective stress concept suggested by
Terzaghi (1924, 1925). Terzaghi, in this theory, stated that the shear strength is formed only
by grains, and other phases of soil (water and air) have no contribution to the strength and
defined the concept "effective stress"” to distinguish the stresses carried by the grains and the
water.

r=c+ (af — uf) tan ¢’ (3.12a)
T =c' +optan@’ (3.12b)

Where, effective normal stress in shear plane at failure is o7, pore water pressure (neutral

stress) is u, and shear strength parameters relative to effective stresses are ¢’ and ¢’
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Figure 3.6 shows the Mohr’s circle showing the effective stress conditions at the time when
soil failed, in other words, reached plastic equilibrium.
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Figure 3.6. Failure state according to Mohr-Coulomb criterion

The geometric relationship between the effective shear strength angle and the angle of the

failure plane with the principal axis (/2 — ¢' = m — 2ay) is as in Equation 3.13:

+ ¢ (3.13)

af= >

NS

The mathematical expression of the Mohr-Coulomb criterion can be obtained with the radius
of the Mohr’s circle and its distance from center to origin. In Figure 3.6, if

sing’ =r/(c' cot ¢’ + ay,) is considered, the parameters ¢’ and c at failure can be written

as follows:
%(01’ — 03) (01 — 03)
sing’ = - = (3.14)
C'C0t¢'+7(0'1'+0'é) (0'1+0'3+ CCOt¢)
, o,(1—sin¢’) —o3(1 + sin¢’) (3.15)

2 cos @'
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The expressions in Equation 3.14 and Equation 3.15 are combined and Equation 3.16 is
obtained:

0, — 03 g, + o3
< ! 5 3>—< ! 5 3>Sinq§’—c’cosq§’ =0 (3.16)

By rearranging the expression in Equation 3.16, the following relationship can be written
between the effective principal stress and shear strength parameters:

0,(1—sin¢g') —o3(1 +sing’) —2c' cos¢p’' =0 (3.17)

The statement above is re-expressed in terms of the major and minor effective principal
stresses and associated with the shear strength parameter:

1+sing’ cos ¢’
=03 | —— 2¢' | ——— 3.18
gy <1 — sin (;b’) T2 <1 — sin (,b’) (3.18)
1—sing’ cos ¢’
o —2c' LI .1
%= N <1 + sin qb’) ¢ <1 + sin qb’) (3.19)

Equation 3.18 and Equation 3.19 are rearranged using the following trigonometric

expressions:

1—-sing’ 2 1+ sing’ 4 2
cos¢p’ . s N ¢"\ cos¢p’ T ¢
T—sing’ "N\a"2) T+sing \a” 2

Hence, the following relations are obtained for the major (Equation 3.20) and minor

(Equation 3.21) effective principal stresses:

s ' s !
o, = o} tan® <Z + %) + 2¢' tan <Z + %) (3.20)
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i ! I '
o4 = of tan® (Z — %) —2c' tan <Z — %) (3.21)

The shear strength parameters in these practical relations that allow expressing the Mohr-
Coulomb failure criterion in terms of effective principal stresses can be simplified according

to the soil characteristics.
3.4. Stress-Strain Behavior of Sands

The shear strength parameters of soils (c, ¢) take different values for different
drainage and loading conditions (in the same soil). This shows that the shear strength
parameters are the terms representing certain conditions, rather than a physical property of

soil.

Cohesion that is the component of shear strength from normal stress is defined as
molecular attractive force between the same kinds of materials. This concept, which is the
adaption of tensile force to soils in the rigid body mechanics, is used in two different ways;
Coulomb's (1773) "apparent cohesion" definition that is related to the absorption effect of
void water pressure, not related with geotechnical engineering applications except for name
similarity, and Hvorslev's (1936a) "true cohesion™ definition that is a function of soil water

content without effective stress.

Clean sands, gravels and non-plastic silts constitute cohesionless soil group.
Materials in this group show no cohesion or negligible cohesion (0 — 2 kPa) 4, in dry state
or under water (cementation, negative void water pressure, etc.), except for some exceptional
cases. Then, the expressions in Equation 3.10 and 3.12 defined for general soils can be

simplified as follows (¢ = 0).

Tf = optan ¢ (3.22)
Tr = op tan ¢’ (3.23)

The second equation is more essential because the shear strength of soils is mainly formed

by intergranular contact surface action.
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A cohesionless soil such as sand derives its shear strength from friction. This term
takes into account the common effect of the interlocking effect and the shear and rolling
friction formed by the relative motion of grains. Rowe (1962) evaluated this relationship on
the basis of volume change (Reynolds, 1885), Lee and Seed (1967) defined a new component
formed by the crushing of grains at high confining pressures. These relationships are
schematically shown in Figure 3.7 and Figure 3.8.
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Figure 3.7. Shear strength components of sand (based on porosity) (Rowe, 1962; Lee and
Seed, 1967)

In Figure 3.7, the components of effective friction angle ¢pqx: df = (Pmax — dilation)
indicates rearrangement, ¢, crushing, ¢, mineral friction. ¢, is the effective critical

friction angle.

Reynolds, who was mostly known for his studies on fluid mechanics, defined a
dimensionless number to characterize the flow regime of viscous liquids, evaluated the
studies of various researchers including (Reynolds, 1883); Navier (1822), Cauchy (1823),
Poisson (1831), St. Venant (1843), Stokes (1845) on the dynamic behavior characteristics of
liquids, and applied the phenomenon of volume increase observed in viscous materials under

pressure to grained (granular) materials.
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Seed, 1967)

When granular materials are sheared by force, they undergo volume change.
Reynolds (1885) defined this as compression for loose sands and as dilation for dense sands.
Reynolds, who attributed the volume change in properly arranged rigid spheres at the time
of shearing to the initial arrangement of the spheres, showed that the shear stresses of the
spheres being subjected to strain might act differently from the direction of application. The
concept of dilation is important because it successfully explains the stress, strain, and

strength behaviors of granular materials.

The study performed by Reynolds with ideal rigid spheres assumed smooth showed
that contrary to what was known until then, the shear strength depends on not only friction
between spheres but also the volume change. Terzaghi (1920) was the first researcher who
used this concept in soil mechanics applications and defined the conventional soil pressure
theories, which did not consider volume change even in soils containing granular materials
(Coulomb, 1773; Rankine, 1857), as outmoded.

Reynolds compared the strain properties of sands put in a water-proof canvas bag in
dry and saturated conditions and thus did not measure the effect of density difference on

strength properties when defining the phenomenon of dilation. Casagrande (1936) measured
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the strength properties of materials with different densities and defined the concept of critical
void ratio (e.), thus the subject could be investigated deservedly. Casagrande, in his study
whose results are presented in Figure 3.9, stated that the volume (void ratio) of loose sand
specimens decreased with the increasing shear stresses in a series of direct shear tests
performed under drained conditions, while the volume of dense sand specimens slightly
decreased in the beginning and then increased; and empirically showed the critical void ratio
at which the void ratio was theoretically equal for both cases after a certain strain level under
a constant normal stress. However, for dynamic conditions, this relationship was first noted

by Castro (1969), his student, with undrained triaxial tests (stress controlled).
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Figure 3.9. Effect of shearing force on the volume of soils (Casagrande, 1936)

In Figure 3.9, shear stress is represented by S, normal pressure in the shear plane by P,

volume change by A, constant shear stress by S;, and the greatest shear stress by Sp.

The first mechanical definition of the concept of dilation was suggested by Taylor
(1948). Taylor, in his study, investigated the friction-dilation effect on dense sands using the
results of a series of direct shear tests performed with Ottawa sand. Thus, the components of

the strength of granular soils were separated for the first time. Taylor described the friction
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term with the resistance between grains during shear distortion, while the dilation term with
the work performed for volume increase during this distortion. This concept suggested by
Taylor was first formulated by Bishop (1950) and is given with Schofield's (1998)

presentation as below:

tdx = (uo'ox) + (a'dy) (3.24)

The relation above representing the work performed at peak strength may be arranged with

"o'dx" and expressed as follows:

t/0’ = (1) + (0y/0x) (3.25)

Where, shear strength is represented by , effective normal stress by ¢’, friction coefficient

by u, horizontal direction by x, and vertical direction by y.

The relationship of dx representing the shear distortion with dy as a measure of
volume change in the vertical direction is important because it shows the interlocking level
of sand. Accordingly, the strength at the greatest value of dy/dx expression represents the
peak, while the ratio dy/dx approaching to zero with the increasing dx expression shows

the strength is "critical™ represented only the friction term.

The study of Taylor is important because it explained the phenomenon of dilation
using the energy principles for the first time. After Taylor, other researchers including
Skempton and Bishop (1950), Bishop (1954), Newland and Allely (1957), et al. made
various contributions to this subject however, their methods were technically incorrect
because they took into account only the effect of required energy (external work) to
overcome the strength of granular soil. Unlike the previous researchers, Rowe (1962) took
into account internal work, thus developed the first stress-dilation model based on minimum

energy rate. Hence:

o1 au) Z(N qbu)
—=(1+== -t — 24
o ( +a€1 tan 4+ > (3.24)
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Where, o; and o3 represent the major and minor effective principal stress,
respectively; v volumetric unit strain, and &; the major principal stress. Using the relations
of energy consumption during the shear of granular materials, the relationships between
effective principal stress ratio and strain increment rates in the principal stress direction are
obtained for triaxial compression, triaxial tensile and plane strain test methods (Rowe, 1962,
1969; Rowe et al., 1964).

It is essential to accurately define dilation, which is the ratio of plastic volumetric
strain increment to plastic deviator strain increment, for the estimation of stress-strain
behaviors of soils (Mitchell and Soga, 2005). After this leading study of Rowe (1962) who
gave dilation as a function of stress ratio and expressed the strength properties of soils in
terms of volume change, many important studies have been conducted on this subject by
various researchers, particularly Cornforth (1964), Lee and Seed (1967), Roscoe and
Burland (1968), Vesic and Clough (1968), Bishop (1971), de Jong (1976), Bolton (1986),
Houlsby (1991), Vaid and Sasitharan (1992), Wan and Guo (1998), Salgado et al. (2000),
Chakraborty and Salgado (2010), Lau and Bolton (2011), Sadrekarimi and Olson (2011),
Zhao et al. (2013), Strahler et al. (2015, 2018), Guida et al. (2019). This section reveals the
relationship between strength parameters and explains the study of Bolton (1986) that made

a great contribution to this subject.

Combining the strength and dilation data of 17 different sands evaluated based on
axisymmetric or plane strain at different density and confining pressure, Bolton (1986)
investigated the relationship between the peak effective shear angle and the peak dilation
rate (maximum dilation angle), the variation of dilation with respect to effective stresses,
and the effect of both relative density and particle crushing on the behavior properties of
sands. Bolton (1979, 1986, 2018) stated that the effective shear strength angle (¢") varied
by stress and density is of great importance for engineers, summarized different types of
shear test behaviors as follows, and mentioned that various theoretical models were

developed within these principles:

1. A certain sand soil has only one ultimate (residual) internal friction angle (¢,),
regardless of its initial density. In other words, ¢;. is independent of initial density

and confining pressure.
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2. The sands that are initially dense have higher peak strength (rp) than their ultimate
strengths (7,.). The sands that have reached this strength reach the critical density
with the increasing volume as a result of thin failure zones formed due to the
increased strain (&). The strength and strain parameters of a typical direct shear test

for a highly dense specimen (e.g., D, = 95%) can be compared as follows.
T, > T, op > P, 5, K6,

3. The sands that are initially loose remain at a constant ultimate strength level without
reaching peak strength with the increasing strain. Thus, the specimen volume
decreases, its density increases, and the strength is fixed at a certain critical void
ratio. The critical strength at this moment should not be considered different from
the ultimate strength.

4. The peak shear strength angle of dense soils depends on the dilation rate (Figure
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Figure 3.10. Contribution of dilation to internal friction (Bolton, 2018)
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5. Although sand soils do not show a general dilation property, they have grains that
interlock to each other with friction if they are forced to relative motion.

(périt > d);,t

6. Crushing of dense sands as a result of high stresses to which they are exposed reduces
their dilation properties but increases their shear strengths. In other words, dense

sands behave like loose sands.

Newland and Allely (1957) evaluated the friction-dilation relationship of granular
soils (Taylor, 1948) with the relative strain of plates in the course of shearing and explained
the interface with a simple saw blades model (Figure 3.11). This model was based on the
fact that when the macro plane of shearing is horizontal, sand is sheared along a series of
inclined micro planes that are parallel to each other (at the dilation angle of this rough
inclined plane with horizontal). Bolton (1979, 1986) showed the relationships between the
strength parameters of the model, as given in Equation 3.25 and Equation 3.11.

¢ = Porir + P (3.25)

In Equation 3.25, the term (¢') is the sum of critical friction angle (¢.,;.) and dilation

component () representing the interlock degree.

| %\ B

macro plane of sliding P @'

N
N7
micro plane of sliding

Figure 3.11. Illlustration of dilatation behavior with saw blades model (Bolton, 1979, 1986)

The concept of critical state is important in better understanding the friction behavior

of soil. When a soil (granular) is sheared, it reaches the ultimate critical state with a single
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stress ratio on the shear plane (Equation 3.26). The critical void ratio at that moment (on the
shear zone) is a logarithmic function of stresses (Bolton, 1979).

, T
tan ¢crit = ; (3.26)

The initial void ratio decreases with the increasing strain (at constant effective normal stress,
o') in loose sands, while it increases and remains at a critical value (e.,;;) that is independent
from shear stresses in dense sands. All these relationships between void ratio (volume) and
stresses are represented by an envelope called the critical state line (CSL) (Figure 3.12).
Because this concept represents the stress state at failure, it is important, but it does not
explain the peak strengths of dense sands (Schofield and Wroth, 1968; Bolton, 1979).
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Figure 3.12. Critical state lines at q’, p’, v space (Schofield and Wroth, 1968; Bolton, 1979;
Wood, 1990; Jefferies and Been, 2016)
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In Figure 3.12, deviatoric stress is represented by g, critical deviatoric stress by g., mean
effective normal stress by p’, critical mean effective normal stress by p¢, critical effective
shear strength angle by ¢, CSL slope at g:p’ space (soil-specific material (friction)
constants (M, I", 1)) by

M = (q/p") = Flsin($rie)] (65indlir)/ (3 = sin plie) = (@) /exp((I' = v)/(A)),
specific volume (soil volume containing one unit of solid matter) by v = (1 + e), loose
specific volume by v, critical specific volume by v,, dense specific volume v,, specific
volume of soil corresponding to CSL at p’ = 1.0 kPa by v =T = v + Alnp’, CSL slope
at v: Inp’ space by A.

Shearing of sands at constant volume (i = 0) occurs at ¢, exceeding ¢,,, depending on
grain roughness, angularity, eccentricity, gradation, mineralogy, and other factors. For

smooth quartz sands, these expressions are about ¢, ~ 10° (Senetakis et al., 2010) and

¢.. = 33 (Bolton, 1986). This difference between the components of effective internal

friction angle forms the basis of the part of the subject discussed so far.

With the crushing of granular materials under high stresses, i decreases, while ¢_,.;, remains
almost constant. For such stress conditions in which the grain crushing is effective,
compression is observed in dense sands, dilation is observed at low stresses. For loose sands,
compression is observed even under low stresses. Bolton (2018) showed this logarithmic

relationship between stress and density based on volumetric changes in Figure 3.13.
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Bolton (1986), in his study as detailed in the previous paragraphs, observed that the
peak shear strengths of sands correspond to the peak dilation rate and derived a new equation
in consistent with Rowe's (1962) stress-dilation theory by including the concept of critical

state in this relationship.

¢I = ¢(,:rit + O-8lpmax (3-27)

Bolton noted the relationship of the component of dilation rate with the parameter related to
relative density (I, = D,/100, 0 <1, <1) and the mean effective stress at failure
(p' = (01 + 05 + 03)/3) and defined a new relative dilation index (I, Iz = 0) on the basis

of density to explain this:

Ir =1,(Q—Inp')—R (3.28)

The expression p’ in Equation 3.28 was normalized with atmosphere pressure
(pqa = 1 atm = 100 kPa ). This equation p.,.;.becomes the following form at special stress
conditions like (I = 0):

R

Inpl =0 — E (3.29)

Where, Q and R represent the fit parameters depending on the characteristic of sand. These
parameters were calculated as Q = 10 and R = 1 for quartz-based sands. Hence, Equation

3.28 is written as follows:

When Equation 3.27 and Equation 3.28 are written in terms of A, which is a variable

coefficient depending on soil type and stress path, and generalized, the following

relationship is obtained:

¢ — Perie = Aylr = Ayllp(Q — Inp’) — R] (3.31)
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The relative dilation index in Equation 3.31 takes a value between 0 < I < 4 for general
conditions. When this parameter is negative (=), this indicates a volume decrease in very
loose sands or high-pressure conditions; however, when it is I > 4, this indicates over

dilation. On the other hand, the coefficient A,, takes 5 for the plane strain state and 3 for the

triaxial strain state. The expression applicable to both strain states is as follows:

. (_ agv/agl)p _ ¢I - d)érit
k- 0.3 Ay

(3.32)

Because the expression of dilation rate at failure (— de,/d¢;),, whose terms were already

defined, show numerically insignificant differences from the results obtained from other
relative dilation index relation above, Equation 3.32 is considered as an alternative relation.

One of the most important concepts used to explain the strength and dilation properties of

sands is relative crushability index of grains (I.z):

O_I
Icg = ln% (3.33)

The stress terms in Equation 3.33 can be expressed with p.,- and p’ in the axisymmetric tests.

The relationship of the crushability parameter with the relative dilation index is as follows:
IR = IDICR - 1 (334)
Equation 3.34 becomes the following form in critical state (I = 0):

o) 1
R - (3.35)
Ocrit ID

In

The expression o/ in Equation 3.35 is about 20 MPa for quartz sands (5 Mpa for
carbonated sands, 80 MPa for quartz silt). The expressions mentioned in this section can be

better understood by understanding Figure 3.13 suggested by Bolton.
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Another important consideration is the slope of Mohr-Coulomb strength envelope.
The shear strength of soils is a function of normal stress to which they are exposed. In case
where normal stress is zero, the shear strength of soils is zero, but it increases with the
increasing normal stress. However, this increase is not linear due to the reasons mentioned

in the previous section (Figure 3.14).
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Figure 3.14. Non-linear strength envelope of sand soil (Bolton, 2018)
As is seen in Figure 3.14, a high internal friction secant angle (¢:..) is obtained at low
confining pressures, while a low internal friction angle is obtained at high confining

pressures. Bolton suggested the following relation to accurately explain this reverse, non-

linear complex relationship between the variables:

1 \B
(rmax> _( o )
- ’
Terit Ocrit

B in Equation 3.36 represents a coefficient depending on the expression I, defined for the

(3.36)

plane strain state (8 ~ 1 — 0.141p). The relationship between internal friction angles for the

same loading method is expressed as ¢max = Peric + 5 [Up In(0 e /0") — 1].

This section provides information about the strength properties of sands under static-
drained loading conditions. Undoubtfully, the strength properties have big differences under

undrained loading conditions (with the presence of void water pressure) without volume
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change. On the other hand, understanding of the strength properties of fine-grained soils is
so complicated due to the extreme causes mentioned in the first section. However, the
strength and strain behaviors of soils at cycle loading conditions are evaluated with different

concepts and criteria.

3.5. Factors Acting on the Shear Strength of Sands

As detailed in the previous section, the strength of sands depends on the distortion of
grains and relative motions between them. This relationship where friction is the main
determinant is controlled by various factors such as soil state, nature and properties of soil
grains, and environmental factors. In this section, the main factors acting on the shear
strength of sands were mentioned and supported by schematic illustrations to better

understand the relationship between them.

Soil state includes various parameters such as void ratio or relative density, confining
pressure, storage condition of the soil, cementation, and aging. Undoubtfully, the most
important parameter affecting the shear strength property of sands is void ratio. Shear
strength decreases with the increasing void ratio, and vice versa. The most important concept
in explaining this phenomenon in sands is the effect of dilation. Therefore, the peak shear
strength of sand depends on its dilation capacity, while the critical shear strength value is
independent of density (Figure 3.10). Another important factor affecting the strength of
sands is confining pressure. Because high confining pressures will reduce dilation, the peak
shear strength angle will also decrease. Figure 3.13 and Figure 3.14 are important in
explaining this. The current deposition status of sand grains is another important parameter
acting on the soil behavior. This effect is limited in clean sands, but it is significant if they
have fine grains. Cementation may occur with the presence of various cementation agents,
especially in sands deposited in the marine environment. Very strongly cemented sands
behave like rocks; however, relatively poor cemented sands can be evaluated on the same
basis as other uncemented sands. However, the main consideration here is the true cohesion
component that can be formed by cementation at any level. The aging parameter is related
to the strength and rigidity properties of deposited sands that vary by time. The formation of

this phenomenon is explained with dynamic loads or long-term physical, chemical or
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microbiological mechanisms between grains during various improvement (dynamic

compaction, etc.) activities in the field.

Nature and properties of soil grains include various parameters such as the
mineralogical origin of grains, the shape and roughness of grains, and grain diameter
distribution. Mineralogy directly affects the strength properties of soil. Sand grains usually
consist of quartz mineral that is very hard and resistant to high pressure. The friction between
sand grains composing of this mineral is a function of grain size (Figure 3.15). The presence
of water increases friction in some minerals depending on surface roughness while, it
reduces friction in mica group (d)u(mica) < 15°) minerals such as naturally cracked
muscovite, biotite, phlogopite, and chlorite. The friction angles of mineral surfaces under

saturated conditions are presented in Table 3.1.

Table 3.1. Friction angles between mineral surfaces (under saturated conditions) (Procter
and Barton, 1974)

Mineral Test type ¢.(°)
quartz particle-particle 26
feldspar particle-plane 37
zircon particle-plane 23
hornblende block on block 31
calcite block on block 33
anthracite block on block 31
chalk block on block 30
muscovite along cleavage faces 13
biotite along cleavage faces 7
phlogopite along cleavage faces 9

chlorite along cleavage faces 12



https://tureng.com/tr/turkce-ingilizce/anthracite
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Figure 3.15. Friction angle envelope of quartz sands as a function of grain size (Rowe, 1962)

Another important factor acting on the strength properties of sands is the grain shape. Soils
composing of angular (irregular angle) grains due to the high interlocking effect have larger
shear strength than soils having round grains. However, the fact that angular grains have a
higher failure potential than round grains at high confining pressures is the opposite of low
stress conditions in terms of contribution to strength. On the other hand, the strength
increases with the increasing grain surface roughness, but the presence of water slightly
limits this contribution. The grain distribution properties of sands are among the most
important factors acting on strength. Because well-graded sands contain grains of many
different sizes, they have a more compact structure as compared to poorly graded sands.
Since this will reduce compressibility and thus increase interlocking, it allows obtaining

larger shear strength values.

Environmental factors include various parameters such as water content and test
type. Because the presence of water causes a lubricating effect on sands, it will reduce shear
strength, even slightly. However, as mentioned previously, the strength properties of cracked
or brittle materials under low or high stresses are more affected by water. The evaluations
made based on the axisymmetric or plane strain principles are another important factor acting
on the results of shear strength. The test properties ensure to obtain larger strength values as
a function of density on the basis of plane strain. The comparison of this relationship is the

main subject of the thesis.
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In addition to those mentioned above, there are other factors acting on the shear
strength of soils, such as shear rate, grain size, over consolidation, capillary effect, presence
of fine materials, etc. In general, some factors are overlooked because their contribution on

strength cannot be measured exactly, or they have a limited effect.

The schematic illustration in Figure 3.16 as modified by Holtz et al. (2011), who
associated the correlations presented by Casagrande (1936), Means and Parcher (1963), and
NAVFAC (1986) under axisymmetric stress conditions on the basis of effective friction
angle, dry density, and soil classification, is very helpful in evaluating the strength
characteristics of cohesionless soils.
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(Holtz et al., 2011)
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4. MATERIAL AND METHOD

4.1. Introduction

Various test methods with different characteristics can be used to determine the shear
strength of the soil. The method, sand and reinforcement are the main factors affecting the
test results. The primary aim of this study is to measure the effect of direct shear, triaxial
shear and ring shear test methods on unreinforced samples and associate them to the plane
strain method. The ultimate aim of this study; on the other hand, is to investigate the
contribution of the fiber material to the test results and to make a comparative analysis
between the test methods. In order to achieve these goals, a total of 1203 experiments were

conducted. Details of the experiments are given in Table 4.1.

The properties of the sand and reinforcement used in the study are defined in Section
4.2. The details of the test procedure and study program are presented in Section 4.3. In
Section 4.4, direct shear, triaxial shear and ring shear test methods are introduced, and some

more details are given.

Table 4.1. Number of tests performed in the study

Standardization tests Actual tests
Test Type
Unreinforced Reinforced Unreinforced Reinforced

Direct shear 144 180 42 66

Triaxial 108 120 42 66

Ring shear 120 156 42 66
Particle size distribution 5 - 2
Specific gravity 5 - 3
Maximum density 5 - 5
Minimum density 5 - 5

Compaction characteristics 5 5 3 3
Total 397 461 144 201

Grand Total 1203




98

4.2. Material Specifications

In the literature review part of this study, it was seen that sand and geosynthetic
reinforcement material were quite effective on the test results of different methods. For this
reason, we decided to choose the materials with specific standards to avoid testing
limitations for the test results, to have more significant comparisons, and for many other

purposes.

4.2.1. CEN Standard Sand

The European Community countries apply certain standards for a series of products
such as cement in order to remove international trade barriers. For this purpose, the CEN
Technical Committee (CEN/TC 51), formed by CEN (Comité Européen de Normalisation),
standardized the CEN sand by developing the ISO/R 679:1968 norm (1987) with some
additions and regulations in the following years (1994, 2005, 2016).

The "CEN Standard Sand" produced by Limak Cement Factory in accordance with
TS EN 196-1 was used in the thesis study (Figure 4.1). Since the particle size distribution of
the CEN reference sand defined in the TS EN 196-1 standard does not exist in nature, the
CEN standard sand can only be produced industrially in the specified criteria (TSE, 2016).
Raw sand, which is brought wet to the production facility after a series of mineralogical tests,
is dried and transferred to vibratory silos together with unprocessed some other dry sand.
Then, the sieving process is continued until the sands transferred to a series of sieves
arranged on top of each other with sieve openings varying between 0.08 — 2.00 (mm), and
the amount of material passing through each sieve is 0.5 g/min. At the end of the sieving
process, the samples taken from each sieve are stored in separate storage areas. These
samples in different fractions are collected in sand mixers in accordance with the standard
amounts and packed in polyethylene bags of 1350 + 5 grams. The produced sand is
delivered after undergoing a series of tests in order to control the relevant standards

during/after production by the manufacturer and independent inspection institutions.
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0.150-0.08 mm [ 02120150 mm )

Figure 4.1. CEN standard sand produced in accordance with TS EN 196-1

CEN reference sand is a clean, natural silica sand containing at least 98% proportion
of silica (silicon dioxide) even in the finest fractions, its particles are generally isometric and
rounded to subrounded in shape, without coarse sand. The ratio of mass loss to dry sand
mass (moisture content) after drying at 105 — 110 °C degrees until it reaches a constant mass

is less than 0.2%.

A series of tests were carried out in accordance with the ASTM standards to
determine the index and some engineering properties of CEN standard sand. The data to be
obtained from these tests are essential for measuring strength and strain properties.
Therefore, the tests were repeated with the utmost care, in accordance with the standards,
paying attention to keeping the deviations between the results within the criteria specified in

the standards.

Particle size distribution plays an important role in understanding the behavior of
granular soils. In the tests carried out in accordance with ASTM D6913/D6913M-17
standard, the material was sieved mechanically, followed by a time-adjusted automatic sieve
shaker, before a series of sieve sets were arranged in decreasing sieve openings from top to
bottom. At the end of the test, the remaining soil mass in each sieve was weighed and the
percentage of soil passed was calculated accordingly. The particle size distribution
(granulometry) curve of the obtained CEN standard sand is shown in Figure 4.2.
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Figure 4.2. The particle size distribution (granulometry) curve of the CEN standard sand

The particle size of CEN standard sand varies between D = 0.08 — 2 (mm). This range
classifies CEN standard sand as medium-fine particle size sand in terms of USCS standards
(Figure 4.3). The fact that it is D,,,, = 2 mm was one of the most important reasons for
choosing this sand, enabling correct comparisons (testing criteria) among the results

obtained from the test methods.

Sand

rock, gravel (::( ):> silt, clay

coarse medium fine

4.75 2 0.475 0.08

Particle size distribution range of CEN standard sand (mm)

Figure 4.3. Particle size distribution range of CEN standard sand (USCS)

The density index (relative density) is the most important parameter influencing the
engineering behavior of granular soil, as detailed in Section 3.5. This parameter is important
as it characterizes the stacking state of granular soil as the degree of density. It should be
noted that this concept, first introduced by Terzaghi (1925), is a definition rather than a
natural feature of granular soil. Therefore, it cannot be used alone as a safe design criterion.

The density index is defined as a function of (I;) void ratio as in Equation 4.1 (Figure 4.4):
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Figure 4.4. Relationship between density index and void ratio (Venkatramaiah, 2018)

Using the linear relationship of the parameters in Figure 4.4 with the help of trigonometric

functions, the following equation is obtained:

e —e
4 = e - (4.2)

€max — €min

The above equation can also be written as in Equation 4.6 and Equation 4.7, respectively, in

terms of dry density and unit weight using the following void ratio expressions:

e_prGsort_

1 (4.3)
Pa
X G
Emin = Pw X Usort _ 1 (4.4)
Pd max
X G
e, = v dsort 4 (4.5)
Pd min

Here, the density of water at 20°C is represented by p,, (1.0 Mg/m?), and the average
specific weight of the soil with G ,.-¢.
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1/pd min ~ 1/pd

I; = (4.6)
a 1/pd min — 1/,0d max
Id — (Vd max) Ya — YVd min (4.7)
Ya Ya max — Vdamin

In the above equations, the maximum void ratio for the minimum density case IS e, the
minimum dry density or unit weight IS pg min, Ya min, r€Spectively; for the highest density
case the minimum void ratio is e,,;,, the maximum dry density or unit weight iS pg max:
Yda max» TeSpectively; void ratio, dry density and unit weight of the soil in its natural or

investigated state are symbolized by e, p,, v4, respectively.

The density index parameters are obtained by laboratory tests. An absolute
measurement cannot be achieved, since the results obtained from the tests depend on the
person who conducts the tests, the unique structure of the granular soil, possible testing
errors and similar factors. Therefore, it would be more meaningful to define the concept in

question as an index feature.

The pg max @aNd pg min Values of CEN standard sand in the maximum and minimum density
conditions were determined according to the principles in ASTM D4253-16 and ASTM
D4254-16 standards, respectively. For the maximum density case, the sand soil was placed
in thin layers in a (2830 cm3) mold of known volume by applying a vibrator and
compaction energy from the top. Some water (lubrication effect) was added with each
material placed in the mold in order to compact the particles better (with min. void). This
step was carried out with the utmost care so that the forces applied in compaction do not
cause particle breakage. Since it is known that granular materials cannot be compacted at the
100% level due to their structure, the tests were repeated five times for the consistency of
the results (within 2%). At the end of each test, the dry mass in the mold was calculated by
weighing the sand material part with a known total dry mass outside the mold, and the p; max
value was obtained from the ratio of this mass to the maximum dry sample volume (Equation
4.8). In the min. density case, the sand soil was slowly poured into the mold of the same
volume used in the calculation of the maximum dry density, without any compaction energy,

without vibration, in a spiral motion with the help of a funnel from a height of 13 mm
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approximately. For the above-mentioned reasons, the tests were repeated five times for the
consistency of the results (within 1%). The p4 min Value was calculated from the ratio of the
dry mass in the mold to the dry sand volume (Equation 4.9). Table 4.2 shows the results of

all these tests.

Pd max % .
MS ( )
Pd min = V 1.9

In the above equations, the mass of the dry soil in the mold is defined as M., and its volume
asV (yq = 9.807p4, kN /m?3).

Table 4.2. Maximum and minimum dry density test results of CEN standard sand

Tests

Dry density
(Mg/m*) 1 2 3 4 5
Pdmin 1.57 1.57 1.56 1.56 157
Pdmax 1.79 1.81 1.78 1.79 1.80

The specific gravity is the ratio of the density of the particles that make up the soil to
the density of the distilled water at 20°C. It is important to precisely define this concept,
which is directly related to most soil properties. The specific gravity of soil particles can be
calculated using the following equation:

Ps MG,
Pw,e° M, — Mpws,t° + Mps,t°

G, = (4.10)

Here, specific gravity is G, specific gravity (at °C) is G, ., particle density is ps, water
density (at °C) is p,, ¢, dry particle mass is Mg, the total mass of pycnometer, water, and

particle (at °C) is My, ., the total mass of pycnometer and water (at °C) is My

The specific gravity of the CEN standard sand was determined based on the

principles of the ASTM D854-14 standard. The pycnometer cup (500 mL) was calibrated
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for different temperature values by slowly filling it with distilled water, deaired up to the
lower surface mark level of the meniscus. The water in the calibrated pycnometer was
emptied to about one-third level, and then, 100 grams of dry sand was carefully poured into
it (with the aid of a funnel) without any grain loss. The sample, in which partial vacuum was
applied, was boiled for approximately 15 minutes and left to cool in an airtight environment
(by vacuuming occasionally). The cooled pycnometer cup was carefully filled with de-
aerated distilled water up to the meniscus lower line and its mass was weighed. In this highly
sensitive test, the absolute temperature values at the beginning and end of the test must be
taken into account. The results of the tests repeated three times are given in Table 4.3.

Table 4.3. Specific gravity test results of CEN standard sand

Specific gravity Tests
(20°c) 7 2 3
G 2.64 2.64 2.64
Gsort 2.64

Compaction characteristic is another important concept required to prepare a sample.
With the increasing water content of cohesionless soils, capillary forces occur among the
particles. After reaching a certain bottom point (point of lowest density), the soil becomes
completely saturated (the dry density of granular soil reaches a certain peak) as the apparent
cohesion forces disappear with increasing water content. After this point, the dry density of

the soil decreases again with increasing water content.

Compaction characteristics of CEN standard sand were determined in accordance
with the ASTM D7382-20 standard. The sand sample was mixed thoroughly for each added
amount of water and compacted in three layers with the help of a vibratory compactor. At
the end of the test, the collar attached to the mold was removed and the sample surface was
leveled very precisely. The weighed mold was removed, and some soil was taken for the
water content (ASTM D2216-19). All these processes were continued until reaching the
optimum water content. The same procedure was performed for fiber-added samples as well.
Test results showed that fiber additive at a certain concentration (v; = V;/V = 0.3%) did

not affect the water content but decreased the dry density (Figure 4.5).
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Figure 4.5. Compaction curves of CEN standard sand

The index properties of the CEN standard sand obtained as a result of the tests are presented
in detail in the table below (Table 4.4).

Table 4.4. Index properties of CEN standard sand

Void ratio Particle

Property Dgo(mm) C, C, G, —— Particle size Mineral USCS
€max €min Shape

Value 0.70 65 204 264 069 046 fine-medium "ounded quartz sw
subrounded

The particle structure, surface topography and composition of the CEN standard sand
were visualized with the help of Scanning Electron Microscope (SEM) of different sizes
(Figure 4.6).

(b)

Figure 4.6. SEM outputs of CEN standard sand: (a) 50X, (b) 2500X
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The SEM outputs are very important for the tests on granular materials, especially for the
micro-level examinations. In this thesis study, it was used as an auxiliary source in order to
check the particle crushing effect in the shear band. Other properties of CEN standard sand

and X-Ray Fluorescence (XRF) analysis results are given in Table 4.5.

Table 4.5. Other properties of CEN standard sand

Parameter Value
water absorption (%), TS EN 1097-6 0.2

fineness modulus (%), TS EN 12620 2.65
sand flowing (s), TS EN 933-6 28

water content (%), TS 1900-1/T4 <0.2
loss on ignition (950 °C), TS EN 196-2 0.16
chloride content (ppm) <50
silica content (%SiO,) 98.05
alumina content (%AI,0;), 1ISO 29581-2 0.54
iron content (% Fe,03), ISO 29581-2 0.07
phosphate content (% P,0s), 1ISO 29581-2 0.03

titanium content (%TiO,) 0.02
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4.2.2. Fiber reinforcement

It is desirable for soil to have properties suitable for its intended use. However, this
expectation can rarely be met in nature. For this reason, various stabilization methods are
applied without additives (mechanical, drainage, etc.) and with additives (chemical,
geosynthetic, etc.) in order to achieve the desired qualities of the engineering properties of
the soil. Geosynthetic is one of these methods, it is a solution that has been developing,
diversifying, and expanding its application area for decades due to its easy applicability, high
performance, and cost-efficiency. In this thesis, a discrete polymeric material, which has an
important place in geosynthetics and is applied by embedding into the soil, was used as a

reinforcement element.

STRUX® 90/40 synthetic macro fiber produced by GCP Applied Technologies
company was used as the fiber material (Figure 4.7). Dimensions of this standard fiber are

given in Figure 4.8, and other technical specifications are given in Table 4.6.

Figure 4.7. Standard STRUX® 90/40 synthetic macro fiber

P

vy
Y on, 7

Figure 4.8. Dimensions of standard STRUX® 90/40 fiber
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Table 4.6. Technical specifications of standard STRUX® 90/40 fiber (GCP, 2020)

Properties Value

class synthetic macro fibers

polyolefin (blend of polypropylene
and polyethylene)
rectangular prism
(4 cmx 0.14 cm x 0.011 cm)

material

standard dimensions

nominal length and equivalent diameter 4-0.043 cm
nominal aspect ratio ~90
specific gravity 0.92
modulus of elasticity 9.5 GPa
tensile strength 620 MPa
melting point 160 °C
ignition point 590 °C
alkali, acid and salt resistance high
absorption none
color gray

Polyolefin (Koerner, 2012), the most common polymer used in the manufacture of
geotextiles, can be defined as thermoplastic elastomer materials formed by the
polymerization of unsaturated hydrocarbons (olefin (or alkene)). This polymer material,
which is widely used in different fields today, is used as an additive material for various civil
engineering products and especially for concrete production. The first systematic use of this
material for geotechnical engineering was the filtration design of Terzaghi and Casagrande.
Figure 4.9 shows the historical background of the polymer material.
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Figure 4.9. Historical development process of polyolefin (Sauter et al., 2017)
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4.3. Test Procedure and Study Program

The most important stage of a test is the preparation of the sample in accordance with
certain standards and "with proper conditions”. This makes it much more important to
prepare samples that will represent the field conditions for important and special materials
such as soil, and then to choose and apply the appropriate test methods for the purpose.

In the first part of the section, the sample preparation method and application
principles used in the thesis study are provided in detail, then the selection of the test
parameters and the application details of the study program are given.

4.3.1. Sample preparation method and application principles

The methods used in the preparation of test samples significantly affect the
mechanical (such as strength and dilation) and other types of behavior of the soil. Fiber
reinforcement materials added to the soil make this issue more critical in terms of
representing the field conditions. In particular, the effect of fiber reinforcement orientation
on the engineering properties of the soil has been frequently discussed in recent studies
(Michalowski and Cermak, 2002; Diambra et al., 2007; Michalowski, 2008; Ibraim et al.,
2010; Soriano et al., 2017). The main discussion here is about the existence of an anisotropic
strength, since the fiber is in the same direction, generally in a near-horizontal orientation

while the sample is being prepared.

In the literature, for the fiber-reinforced soil samples, the "Moist tamping" method
presented by Ladd (1978) is the most preferred method. This method has advantages such
as not requiring too much special equipment, easy application, preventing flotation and
segregation formations of fiber reinforcement, homogeneous distribution of fiber
reinforcement, and providing density control. However, the most disadvantageous
characteristic of this method is the presence of the above-mentioned horizontal fiber
reinforcement orientation in the prepared composites. In order to eliminate this disadvantage,

vibration support was provided in the thesis study (especially for high density levels).
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Preparation of the test sample includes mixing and formation stages. In the mixing
stage, the dry sand material weighed for each density value was mixed with approximately
Wope = 11% ratio of deaired distilled water obtained by measuring the compaction
characteristics detailed in the previous section. After the wet sand was mixed well in the
sample crucible, it was transferred to angular inner trays and portioned. Then, the fiber
reinforcement at 0.3% concentration was distributed very carefully and evenly to the sand
material formed and mixed again until a homogeneous composite sample was obtained. The
carefully prepared samples were transferred to the test reservoir and the formation phase was
started. Undoubtedly, the correct planning and implementation of this stage is the most
important part of the whole process. Since the height effect for placing the prepared sample
in the test reservoir is important, the initial height was taken as a basis for each test method.
In line with the height (h < 25 mm) specified by Ladd, the sample was placed in the test
reservoir as equal layers with regular checks. A very low energy level was applied for all
density levels in order to avoid anisotropy caused by the placement of the fiber
reinforcement. The selected number of layers and energy level were easily applied for the
formation of very low density, low density and medium density sand, and vibration support
for high density sand made the process very practical. Thus, it was observed that the fiber
reinforcement was randomly distributed in all directions rather than in a single direction in
the composite sample formed. Since it is known that the test results depend on the person
performing the test, it is important that all tests are carried out by a single expert who has

theoretical and practical knowledge of the subject, if possible.

The fiber reinforcement concentration of the composite formed (v, ) is defined as the ratio

of the fiber reinforcement volume (V) to the total volume (V):

%
vp = Vf X (%100) (4.11)

The density of the fiber-reinforced composite can be evaluated based on three
different principles. The first principle is to evaluate the fiber reinforcement as solid; the
second principle is to evaluate the fiber reinforcement as the void volume, and the third
principle is to accept dry density equal for the samples with and without fiber additive. In
the thesis study, the first principle, the details of which are presented below, was preferred
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for the most ideal comparisons by preserving the fiber reinforcement concentration and the
total mass of the composite:
Vv Vvs + va

_ - 412
TRV +v, (4.12)

W+ Wr  Wi(1+wy)

- _ 4.13
A A A T A 73 (4.13)

In the above equations, e refers to void ratio, V,, refers to void volume, V; refers to particle
volume, V,,,V,, refer to void volume caused by particle and fiber reinforcement,
respectively, y, refers to dry unit volume weight, wy refers to the ratio of fiber reinforcement
mass to dry sand mass, W;, W, refer to particle weight and fiber reinforcement weight,

respectively. Equation 4.14 can be obtained by combining Equation 4.12 and Equation 4.13:

-1 (4.14)

e =

Ya Gf + GSWf

In terms of volume, wy and the material weights in the composite corresponding to the target

e and vy Were calculated as follows®:

1+ e)v:G
wy = ( Vv Gy (4.15)
(1+ e)(Gr — Gy)vs + Gs
1% GsGrw
Wy = ( ) s2rWrbw (4.16)
1+ e/ wGs + Gp(1—wy)
1% GGr(1—w

The expression (v = 1 + e) in Equation 4.14 can be defined in terms of specific volume as

follows:

v = (v, 40, B (4.18)

1 When using this principle, the void volumes of high-density reinforced composites should be checked. If these
volume values are insufficient, the other principles mentioned above should be used “'for the whole study”.
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In Equation 4.18, the specific gravity of the particle and fiber reinforcement is Gs, Gy,
respectively, and the specific volumes of composite, particle and fiber reinforcement are

symbolized with v, vg, vy, respectively, and defined as in Equation 4.19:

14 Vs + V, Vo +V;
o — vy =L
f

(4.19)

N

In order to make the above statements clearer to understand, the phase diagrams representing
the fiber reinforced situation are given in Figure 4.10. When the soil is mixed with fiber
reinforcement, some void volumes are stolen by the fiber material with the effect of electrical
forces (Diambra et al., 2010; Wood, 2013). This situation, which is also valid for the plant
roots-soil relationship, which is also noticed by observations made with electron microscopy,
is important for understanding the behavior of soils with additive materials such as fiber or
pozzolana under strain and for structural modeling strategies. Therefore, it was deemed

appropriate to add this component to the above equations.

Vor
%4
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V; Vos
Vs Vs
fibers volumes fibers with void areas volumes

Figure 4.10. Phase diagram for fiber reinforced samples

4.3.2. Selection of test parameters and study program

In order to make a comparative analysis of different test methods, certain standards
were used in the selection of the materials and the application of the test procedure. For the
selection of the standards, the specific limitations and properties of the test methods and the
literature review on the subject were taken into consideration. In addition to the principles
mentioned above, the representativeness of real field conditions was taken into account for

the selection of the test parameters.
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The thesis study was carried out with and without fiber reinforcement. As fiber
reinforcement, macro type material was selected due to the fact that it better reflects the
workability, applicability, and mechanical effect of fiber with sand matrix. v, = 0.3% level
was chosen as it was seen that meaningful comparisons could not be made with very low
and very high percentage levels of fiber reinforcement concentration. The fiber aspect ratio
was chosen as a, = 11.25:1 due to the restrictive effects of the ring shear test. Thus, the

orientation effect of the fiber reinforcement mentioned in Section 4.3.1 was minimized.

In the selection of normal or confining stress, o, . = 50, 100, 200 (kPa) values were
selected in the range (near the surface) encountered in most geotechnical structures in
practice. Another important factor in this selection was the correct representation of the

Mohr-Coulomb failure envelope.

It was detailed in Section 3.5 that density is the most important factor affecting the
engineering properties of the granular soil. In order to compare the effect of this parameter
on the mechanical properties of the test methods, it is necessary to examine it in a wide
range. Therefore, density values were selected as I, = 20%, I, = 40%, Ip = 60%, and

I, = 80% for very low density, low density, medium density, and high density, respectively.

In line with the parameters detailed above, all tests were carried out carefully with
the same sensitivity to sample preparation, placement, and other factors. In order to achieve
the most accurate measurements, the tests of the samples without additives were repeated
three times, and the tests of the samples with reinforcement were repeated five times due to
the extra properties of the fiber reinforcement. On the other hand, the tests of high-density
samples were repeated five times for the samples without additives and seven times for the
fiber-reinforced samples due to their formation. Thus, a total of 324 tests were carried out,
126 for the samples without additives and 198 for the fiber reinforced samples, the details of
which are given in Table 4.7. The results of each data group were evaluated separately,
combined with MATLAB® (R2020b) software, and analyzed according to these principles.
In Table 4.7, samples without fiber reinforcement are coded with (U), fiber-reinforced
samples are coded with (R), direct shear test is coded with (DS), triaxial shear test is coded
with (TX) and ring shear test is coded with (RS).
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Test Code vr Onr Ip

(%) (kPa) (%)
DS20-050-U-1 0,0 50 20
DS20-050-U-2 0,0 50 20
DS20-050-U-3 0,0 50 20
DS20-050-R-1 0,3 50 20
DS20-050-R-2 0,3 50 20
DS20-050-R-3 0,3 50 20
DS20-050-R-4 0,3 50 20
DS20-050-R-5 0,3 50 20
DS20-100-U-1 0,0 100 20
DS20-100-U-2 0,0 100 20
DS20-100-U-3 0,0 100 20
DS20-100-R-1 0,3 100 20
DS20-100-R-2 0,3 100 20
DS20-100-R-3 0,3 100 20
DS20-100-R-4 0,3 100 20
DS20-100-R-5 0,3 100 20
DS20-200-U-1 0,0 200 20
DS20-200-U-2 0,0 200 20
DS20-200-U-3 0,0 200 20
DS20-200-R-1 0,3 200 20
DS20-200-R-2 0,3 200 20
DS20-200-R-3 0,3 200 20
DS20-200-R-4 0,3 200 20
DS20-200-R-5 0,3 200 20
DS40-050-U-1 0,0 50 40
DS40-050-U-2 0,0 50 40
DS40-050-U-3 0,0 50 40
DS40-050-R-1 0,3 50 40
DS40-050-R-2 0,3 50 40
DS40-050-R-3 0,3 50 40
DS40-050-R-4 0,3 50 40
DS40-050-R-5 0,3 50 40
DS40-100-U-1 0,0 100 40
DS40-100-U-2 0,0 100 40
DS40-100-U-3 0,0 100 40
DS40-100-R-1 0,3 100 40
DS40-100-R-2 0,3 100 40
DS40-100-R-3 0,3 100 40
DS40-100-R-4 0,3 100 40
DS40-100-R-5 0,3 100 40
DS40-200-U-1 0,0 200 40

Test Code v Onr Ip

(%) (kPa) (%)
DS40-200-U-2 0,0 200 40
DS40-200-U-3 0,0 200 40
DS40-200-R-1 0,3 200 40
DS40-200-R-2 0,3 200 40
DS40-200-R-3 0,3 200 40
DS40-200-R-4 0,3 200 40
DS40-200-R-5 0,3 200 40
DS60-050-U-1 0,0 50 60
DS60-050-U-2 0,0 50 60
DS60-050-U-3 0,0 50 60
DS60-050-R-1 0,3 50 60
DS60-050-R-2 0,3 50 60
DS60-050-R-3 0,3 50 60
DS60-050-R-4 0,3 50 60
DS60-050-R-5 0,3 50 60
DS60-100-U-1 0,0 100 60
DS60-100-U-2 0,0 100 60
DS60-100-U-3 0,0 100 60
DS60-100-R-1 0,3 100 60
DS60-100-R-2 0,3 100 60
DS60-100-R-3 0,3 100 60
DS60-100-R-4 0,3 100 60
DS60-100-R-5 0,3 100 60
DS60-200-U-1 0,0 200 60
DS60-200-U-2 0,0 200 60
DS60-200-U-3 0,0 200 60
DS60-200-R-1 0,3 200 60
DS60-200-R-2 0,3 200 60
DS60-200-R-3 0,3 200 60
DS60-200-R-4 0,3 200 60
DS60-200-R-5 0,3 200 60
DS80-050-U-1 0,0 50 80
DS80-050-U-2 0,0 50 80
DS80-050-U-3 0,0 50 80
DS80-050-U-4 0,0 50 80
DS80-050-U-5 0,0 50 80
DS80-050-R-1 0,3 50 80
DS80-050-R-2 0,3 50 80
DS80-050-R-3 0,3 50 80
DS80-050-R-4 0,3 50 80
DS80-050-R-5 0,3 50 80
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Test Code vr Onr Ip

% P (W)
DS80-050-R-6 0,3 50 80
DS80-050-R-7 0,3 50 80
DS80-100-U-1 0,0 100 80
DS80-100-U-2 0,0 100 80
DS80-100-U-3 0,0 100 80
DS80-100-U-4 0,0 100 80
DS80-100-U-5 0,0 100 80
DS80-100-R-1 0,3 100 80
DS80-100-R-2 0,3 100 80
DS80-100-R-3 0,3 100 80
DS80-100-R-4 0,3 100 80
DS80-100-R-5 0,3 100 80
DS80-100-R-6 0,3 100 80
DS80-100-R-7 0,3 100 80
DS80-200-U-1 0,0 200 80
DS80-200-U-2 0,0 200 80
DS80-200-U-3 0,0 200 80
DS80-200-U-4 0,0 200 80
DS80-200-U-5 0,0 200 80
DS80-200-R-1 0,3 200 80
DS80-200-R-2 0,3 200 80
DS80-200-R-3 0,3 200 80
DS80-200-R-4 0,3 200 80
DS80-200-R-5 0,3 200 80
DS80-200-R-6 0,3 200 80
DS80-200-R-7 0,3 200 80
TX20-050-U-1 0,0 50 20
TX20-050-U-2 0,0 50 20
TX20-050-U-3 0,0 50 20
TX20-050-R-1 0,3 50 20
TX20-050-R-2 0,3 50 20
TX20-050-R-3 0,3 50 20
TX20-050-R-4 0,3 50 20
TX20-050-R-5 0,3 50 20
TX20-100-U-1 0,0 100 20
TX20-100-U-2 0,0 100 20
TX20-100-U-3 0,0 100 20
TX20-100-R-1 0,3 100 20
TX20-100-R-2 0,3 100 20
TX20-100-R-3 0,3 100 20

Test Code v Onr Ip

@ P %)
TX20-100-R-4 0,3 100 20
TX20-100-R-5 0,3 100 20
TX20-200-U-1 0,0 200 20
TX20-200-U-2 0,0 200 20
TX20-200-U-3 0,0 200 20
TX20-200-R-1 0,3 200 20
TX20-200-R-2 0,3 200 20
TX20-200-R-3 0,3 200 20
TX20-200-R-4 0,3 200 20
TX20-200-R-5 0,3 200 20
TX40-050-U-1 0,0 50 40
TX40-050-U-2 0,0 50 40
TX40-050-U-3 0,0 50 40
TX40-050-R-1 0,3 50 40
TX40-050-R-2 0,3 50 40
TX40-050-R-3 0,3 50 40
TX40-050-R-4 0,3 50 40
TX40-050-R-5 0,3 50 40
TX40-100-U-1 0,0 100 40
TX40-100-U-2 0,0 100 40
TX40-100-U-3 0,0 100 40
TX40-100-R-1 0,3 100 40
TX40-100-R-2 0,3 100 40
TX40-100-R-3 0,3 100 40
TX40-100-R-4 0,3 100 40
TX40-100-R-5 0,3 100 40
TX40-200-U-1 0,0 200 40
TX40-200-U-2 0,0 200 40
TX40-200-U-3 0,0 200 40
TX40-200-R-1 0,3 200 40
TX40-200-R-2 0,3 200 40
TX40-200-R-3 0,3 200 40
TX40-200-R-4 0,3 200 40
TX40-200-R-5 0,3 200 40
TX60-050-U-1 0,0 50 60
TX60-050-U-2 0,0 50 60
TX60-050-U-3 0,0 50 60
TX60-050-R-1 0,3 50 60
TX60-050-R-2 0,3 50 60
TX60-050-R-3 0,3 50 60
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Test Code vr Onr Ip

% P (W)
TX60-050-R-4 0,3 50 60
TX60-050-R-5 0,3 50 60
TX60-100-U-1 0,0 100 60
TX60-100-U-2 0,0 100 60
TX60-100-U-3 0,0 100 60
TX60-100-R-1 0,3 100 60
TX60-100-R-2 0,3 100 60
TX60-100-R-3 0,3 100 60
TX60-100-R-4 0,3 100 60
TX60-100-R-5 0,3 100 60
TX60-200-U-1 0,0 200 60
TX60-200-U-2 0,0 200 60
TX60-200-U-3 0,0 200 60
TX60-200-R-1 0,3 200 60
TX60-200-R-2 0,3 200 60
TX60-200-R-3 0,3 200 60
TX60-200-R-4 0,3 200 60
TX60-200-R-5 0,3 200 60
TX80-050-U-1 0,0 50 80
TX80-050-U-2 0,0 50 80
TX80-050-U-3 0,0 50 80
TX80-050-U-4 0,0 50 80
TX80-050-U-5 0,0 50 80
TX80-050-R-1 0,3 50 80
TX80-050-R-2 0,3 50 80
TX80-050-R-3 0,3 50 80
TX80-050-R-4 0,3 50 80
TX80-050-R-5 0,3 50 80
TX80-050-R-6 0,3 50 80
TX80-050-R-7 0,3 50 80
TX80-100-U-1 0,0 100 80
TX80-100-U-2 0,0 100 80
TX80-100-U-3 0,0 100 80
TX80-100-U-4 0,0 100 80
TX80-100-U-5 0,0 100 80
TX80-100-R-1 0,3 100 80
TX80-100-R-2 0,3 100 80
TX80-100-R-3 0,3 100 80
TX80-100-R-4 0,3 100 80
TX80-100-R-5 0,3 100 80

Test Code v Onr Ip

@ P %)
TX80-100-R-6 0,3 100 80
TX80-100-R-7 0,3 100 80
TX80-200-U-1 0,0 200 80
TX80-200-U-2 0,0 200 80
TX80-200-U-3 0,0 200 80
TX80-200-U-4 0,0 200 80
TX80-200-U-5 0,0 200 80
TX80-200-R-1 0,3 200 80
TX80-200-R-2 0,3 200 80
TX80-200-R-3 0,3 200 80
TX80-200-R-4 0,3 200 80
TX80-200-R-5 0,3 200 80
TX80-200-R-6 0,3 200 80
TX80-200-R-7 0,3 200 80
RS20-050-U-1 0,0 50 20
RS20-050-U-2 0,0 50 20
RS20-050-U-3 0,0 50 20
RS20-050-R-1 0,3 50 20
RS20-050-R-2 0,3 50 20
RS20-050-R-3 0,3 50 20
RS20-050-R-4 0,3 50 20
RS20-050-R-5 0,3 50 20
RS20-100-U-1 0,0 100 20
RS20-100-U-2 0,0 100 20
RS20-100-U-3 0,0 100 20
RS20-100-R-1 0,3 100 20
RS20-100-R-2 0,3 100 20
RS20-100-R-3 0,3 100 20
RS20-100-R-4 0,3 100 20
RS20-100-R-5 0,3 100 20
RS20-200-U-1 0,0 200 20
RS20-200-U-2 0,0 200 20
RS20-200-U-3 0,0 200 20
RS20-200-R-1 0,3 200 20
RS20-200-R-2 0,3 200 20
RS20-200-R-3 0,3 200 20
RS20-200-R-4 0,3 200 20
RS20-200-R-5 0,3 200 20
RS40-050-U-1 0,0 50 40
RS40-050-U-2 0,0 50 40
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Test Code vr Onr Ip

(%) (kPa) (%)
RS40-050-U-3 0,0 50 40
RS40-050-R-1 0,3 50 40
RS40-050-R-2 0,3 50 40
RS40-050-R-3 0,3 50 40
RS40-050-R-4 0,3 50 40
RS40-050-R-5 0,3 50 40
RS40-100-U-1 0,0 100 40
RS40-100-U-2 0,0 100 40
RS40-100-U-3 0,0 100 40
RS40-100-R-1 0,3 100 40
RS40-100-R-2 0,3 100 40
RS40-100-R-3 0,3 100 40
RS40-100-R-4 0,3 100 40
RS40-100-R-5 0,3 100 40
RS40-200-U-1 0,0 200 40
RS40-200-U-2 0,0 200 40
RS40-200-U-3 0,0 200 40
RS40-200-R-1 0,3 200 40
RS40-200-R-2 0,3 200 40
RS40-200-R-3 0,3 200 40
RS40-200-R-4 0,3 200 40
RS40-200-R-5 0,3 200 40
RS60-050-U-1 0,0 50 60
RS60-050-U-2 0,0 50 60
RS60-050-U-3 0,0 50 60
RS60-050-R-1 0,3 50 60
RS60-050-R-2 0,3 50 60
RS60-050-R-3 0,3 50 60
RS60-050-R-4 0,3 50 60
RS60-050-R-5 0,3 50 60
RS60-100-U-1 0,0 100 60
RS60-100-U-2 0,0 100 60
RS60-100-U-3 0,0 100 60
RS60-100-R-1 0,3 100 60
RS60-100-R-2 0,3 100 60
RS60-100-R-3 0,3 100 60
RS60-100-R-4 0,3 100 60
RS60-100-R-5 0,3 100 60
RS60-200-U-1 0,0 200 60
RS60-200-U-2 0,0 200 60
RS60-200-U-3 0,0 200 60

Test Code i Onr o

(%) (kPa) (%)
RS60-200-R-1 03 200 60
RS60-200-R-2 0,3 200 60
RS60-200-R-3 0,3 200 60
RS60-200-R-4 03 200 60
RS60-200-R-5 03 200 60
RS80-050-U-1 0,0 50 80
RS80-050-U-2 0,0 50 80
RS80-050-U-3 00 50 80
RS80-050-U-4 0,0 50 80
RS80-050-U-5 0,0 50 80
RS80-050-R-1 0,3 50 80
RS80-050-R-2 0,3 50 80
RS80-050-R-3 0,3 50 80
RS80-050-R-4 0,3 50 80
RS80-050-R-5 0,3 50 80
RS80-050-R-6 0,3 50 80
RS80-050-R-7 0,3 50 80
RS80-100-U-1 0,0 100 80
RS80-100-U-2 0,0 100 80
RS80-100-U-3 0,0 100 80
RS80-100-U-4 0,0 100 80
RS80-100-U-5 0,0 100 80
RS80-100-R-1 0,3 100 80
RS80-100-R-2 0,3 100 80
RS80-100-R-3 0,3 100 80
RS80-100-R-4 0,3 100 80
RS80-100-R-5 0,3 100 80
RS80-100-R-6 0,3 100 80
RS80-100-R-7 0,3 100 80
RS80-200-U-1 0,0 200 80
RS80-200-U-2 0,0 200 80
RS80-200-U-3 0,0 200 80
RS80-200-U-4 0,0 200 80
RS80-200-U-5 0,0 200 80
RS80-200-R-1 0,3 200 80
RS80-200-R-2 0,3 200 80
RS80-200-R-3 0,3 200 80
RS80-200-R-4 0,3 200 80
RS80-200-R-5 0,3 200 80
RS80-200-R-6 0,3 200 80
RS80-200-R-7 0,3 200 80




118

4.4 Test Systems and Application Details

The first recorded work on measuring the frictional resistance of a material belongs
to Da Vinci (1493). Da Vinci suggested that there is a linear relationship between friction
force and normal force, and Amontons (1699) made important contributions to the subject
in the upcoming period. Coulomb (1773) used this phenomenon for the first time in soil

mechanics applications.

Coulomb investigated the shear strength of the soil, which he defined by adding the
cohesion component to the friction term, in a mechanism similar to the direct shear method
with the relative motion of two rigid plates relative to each other, and Collin (1846)
systematized this approach experimentally for the first time. In the following years,
researchers such as Leygues (1885), Goodrich (1904), Bell (1915), and Krey (1926) made
important contributions to the development of the direct shear method. However, the test
system took its final modern form with the stress-controlled study of Terzaghi and
Casagrande (1932) and strain-controlled study of Gilboy (1936).

The researchers mostly preferred test systems that represent axisymmetric loading
conditions in order to eliminate the disadvantages of both the field conditions and the direct
shear method. For this purpose, Westerberg (1921) first used the system developed by
Adams and Nicholson (1900) (with o3 metal sheath) and later by Karman (1910, 1911) (with
o5 Water pressure) to determine the strength properties of rocks for soil tests. Terzaghi (in
Vienna) and his student Casagrande (in Massachusetts) developed the first modern style
triaxial test systems (1930). Terzaghi's students in Europe (Rendulic, 1933; Buisman, 1934;
Kjellman, 1936; et al.) and the USA (Jiirgenson, 1934; Stanton and Hveem, 1934; Housel,
1936; et al.) contributed significantly to the optimization of these developed systems for soil
mechanical practice.

In order to improve the limited strain properties of direct shear and triaxial shear
methods, Terzaghi together with his students in Europe designed the ring shear test
instrument that allows high strain levels (Gruner and Haefeli, 1934; Hvorslev, 1936b, 1937,
1939; Tiedemann, 1937; Haefeli, 1938; et al.). At that time, when the foundations of

contemporary soil mechanics were laid, this more sophisticated method was not preferred
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because researchers generally focused on the peak strength properties of the soil. However,
later on, the importance of final strength in geotechnical engineering applications was
understood (Skempton, 1964; De Beer, 1967; Kenney, 1967; et al.) and this method became
quite popular after the seventies in order to reach the strain levels representing field
conditions. A lot of studies were carried out for the development of methods and test
equipment (La Gatta, 1970; Bishop et al., 1971; Bromhead, 1979).

In the next section, the systems used in the study of direct shear, triaxial shear and
ring shear test methods, with the historical background above, will be introduced and the

application principles for each method will be presented in detail.

4.4.1. Direct shear test

It is the first test used to measure the strength properties of the soil. In this test type,
square or circular samples are placed inside the shear box consisting of two rigid plates and
consolidated under a vertical normal load, which represents the conditions of the sample in
the field. The consolidated samples are sheared at a constant shear strain speed that will not
generate pore water pressure under the consolidation loading. During shearing, one of the
plates is kept fixed while the other plate is loaded with shear force. The reaction force
measured by the load cell represents the shear strength of the soil, which resists this increased
force until the sample fails. Vertical and horizontal strains are obtained by means of
displacement measurement tools on the test system. The general design of the test system is

shown in Figure 4.11.
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Figure 4.11. Schematic section diagram of the direct shear test (Wood, 2009)
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The major principal stress on the shear plane during the consolidation phase is
represented by the applied normal stress, and the minor principal stress is represented by the
earth pressure at rest. Principal stress cannot be obtained directly since the shear axes formed
on this plane during shear will rotate. However, this type of stress on the rotating principal
planes can be obtained with the help of the Mohr-Coulomb failure envelope as in Figure
4.12.
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Figure 4.12. Representation of stress states on the shear plane with Mohr’s circle (Taylor,
1948)

When a shear force is applied to the soil, the shear plane area decreases accordingly.
This decrease causes an increase in the normal stress force affecting the soil sample. While
this is often ignored for practical purposes, it must be taken into account in such comparative
analyses that require precise measurements. In the calculations of this study, it was seen that
the related phenomenon affects the shear strength parameters between 0.5° — 2.5" as a
function of the normal force and especially the joint effect of the relative density. For this
reason, the notion of corrected area was taken into account when evaluating the results of
the study. Accordingly, normal and shear stress expressions are calculated using the

following relations:

(4.20)

T= A% (4.21)
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In the above equations, P refers to normal load, Q refers to horizontal load, and A, refers to
corrected cross-sectional area of the sample. This area can be defined as Equation 4.22 for

circular shear boxes:

A, = AK (4.22)
k= 2feos (3) =20 1 (B 423
_TL' Ccos D D D .

Here, A, refers to initial area, K refers to correction factor, D refers to diameter of shear box,
and &, refers to horizontal displacement. The schematic representation of the corrected

cross-sectional area is presented in Figure 4.13.

contact area, A,

shear direction —>

Figure 4.13. Dynamic shear area diagram of circular shear box

Due to the limitations of the direct shear test such as forcing the sample to be sheared
along a predetermined plane, non-uniform stress-strain distribution on the shear plane,
failure to control drainage, non-verified degree of saturation, effect of boundary conditions
of the shear box etc., the researchers should be careful about directly using the results
obtained; the results should be supported by other laboratory tests. On the other hand, this
test has become a standard practice especially for measuring the engineering properties of
coarse-grained soil types due to its advantages such as being quite simple, inexpensive, and

easy to apply.
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Direct shear tests were carried out with the EL26-2114/01 series digital direct/final
shear apparatus manufactured by ELE International as a soil test equipment (Figure 4.14).
The fact that it has a microprocessor-controlled driver system and a touch keyboard input
with an LCD screen makes the device highly functional. The device can be used for square
and circular samples and is strain-controlled. In this study, a circular shear box with a
diameter of 63.5 mm was used (Figure 4.15), and the depth of the sample was chosen as
25 mm. On the other hand, the apparatus was designed in a way that the ratio of the load on
the load hanger to the load affecting the sample to be 1:10. Displacements during both
consolidation (K, conditions) and shear were measured with linear variable differential
transformers (LVDT) (ELE 27-1689, ELE 27-1697), while shear stresses were measured
with S-Type high-capacity load cells (ELE 27-1561) (Figure 4.16). Records obtained from
the physical systems (real-world phenomena) can be evaluated by transferring them to the
computer system by means of data collection systems and signal converter systems (ELE
GDU 8, RS 232C, ELE DS7.3). The test apparatus supports numerous technical standards
including ASTM, AASHTO, BSI and ISO. In this study, the ASTM D3080/D3080M-11
standard was used in order to facilitate the use of the circular shear box and to be compatible
with other test methods. The general features of the direct shear apparatus and other auxiliary

equipment are summarized in Table 4.8.

Figure 4.14. Direct shear apparatus manufactured by ELE International (26-2114/01)
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Table 4.8. Specifications of direct shear test apparatus (ELE, 2015, 2019)

Specifications

Value

maximum specimen size

speed range

maximum shear travel

maximum design shear force

maximum design normal load

vertical load

travel range of displacement transducers
supply voltage (s)

power consumption

weight (approximate)

approximate dimensions (L x W x H)

square < 700 mm?
diameter < 63.5 mm

0.00001 - 9.99999 mm/min

12.5 mm
5 kN

1000 kg

10.0 kN using 10:1 lever ratio
15 mm
115/230 V AC, 50/60 Hz, single phase
26W-16A-T
82 kg
320 x 1135 x 1260 mm

Figure 4.15. Auxiliary equipment of the circular shear box: (a) Shear box, (b) Loading pad,

(c) Porous plate, (d) Specimen cutter, (e) Specimen extrusion (26-2213)

Tty

(@

(©
Figure 4.16. System tools used in the study: (a) LVDT, (b) Load cell, (c) Data acquisition unit
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After the procedures, the details of which are given in Section 4.3, the tests were
started (Figure 4.17). At this stage, first, the lower and upper two separate rigid parts were
mounted to each other with the help of lifting and connecting screws, and the shear box was
installed. The shear box was fixed by placing it in the test reservoir on the apparatus. Then,
a porous plate was placed on the base plate at the bottom of the box, the sample was placed
with the target density in accordance with the principles mentioned in Section 4.3, and a
porous plate was placed on it. Finally, the loading pad was closed, and the equipment was
prepared for the test. Then, the final preparations of the test apparatus were completed by
checking the vertical and horizontal transducers, load cell, vertical normal load, and so forth.
Since the test was planned to be carried out in drained conditions, the reservoir was filled
with water and left for enough time for the sample to be saturated. After the preparation was
completed, the sample was left for consolidation (Figure 4.18). After the consolidation, the
connection screws were removed, and the plates were separated from each other with the
help of lifting screws. Since this operation forms the shear plane, it can directly affect the
test results; therefore, this step is very important (effect of gap size). As a result of a series
of tests conducted specifically for this study, it was seen that the range should be accepted
as 3.5 mm. The method used to determine this range should be re-evaluated for each study,
as many factors such as the dimensions of the shear box, the properties of the soil material
(Lp/Dsy = 90) play an important role in this regard. This determined range was maintained
in all direct shear tests. On the other hand, since the vertical elevation difference between
the plane on which the shear force was applied and the sample shear plane can cause
moments, the effect of the eccentric loading condition in which these rotations would occur
on the strength properties was also investigated (effect of lever arm). Accordingly, it was
observed that there was a difference of 0.2° between the heights that are commonly used and
recommended in the ASTM D3080/D3080M-11 standard, which affected the shear strength
parameters (5 mm). Although this difference is negligible for practical applications, in this
comparison study, it was taken into account by adhering to the height recommended in the
standards. Since it was aimed to obtain not only the peak strength but also the ultimate
strength in the tests, shearing was continued until the relative lateral displacement reached
100%. The constant shear strain rate was chosen as 1 mm/min for all tests. After the test
was completed, the shear box was removed from the reservoir and disassembled, and some
material was taken from the shear plane to determine the water content at the end of the test

(Figure 4.19). It was seen that the obtained water content (18 — 20%) were compatible with
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the literature data for the drainage tests in saturated conditions. Finally, the measured

strength parameters were re-evaluated using all relevant correction factors.

Figure 4.17. General view of the direct shear apparatus from the top profile: (a) Loading
shaft, (b) Train of components, (c) Vertical displacement transducer, (d) Load pin, (e)
Loading yoke, (f) Shear box, (g) Drain plug, (h) Swan neck, (i) Locking screw, (j) Swan
neck guide shaft arm, (k) Split bracket, (I) Horizontal displacement transducer, (m) Load

cell, (n) Load cell adjustment lever

‘;',I.

Figure 4.19. Post-test procedure: Shear completion and disassembly of the shear box
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4.4.2. Triaxial shear test

It is the most common test type used to determine the strength properties of the soil.
This test, the details of which were first described by Bishop and Henkel (1957), is based on
the principle of shearing cylindrical samples under a hydrostatic pressure load with increased
stress (deviator stress) in the vertical direction. The most important advantages of this test
type are that it is suitable for all soil types and that the soil can represent the field
loading/drainage conditions. With this test, in which the shear strength parameters can be
obtained in three different ways (UU-CU-CD) based on the loading and drainage conditions,

the relevant definitions can be expressed in terms of total stress or effective stress.

In this study, a consolidated-drained (CD) type triaxial shear test was used. The CD
test is based on the consolidation of the saturated sample, which is subject to drainage, under
a constant confining pressure, and sheared by the deviator stress, which is increased at a rate
low enough not to generate pore water pressure. Effective stress can be expressed as total
stress in this test type since excess pore water pressure is not generated in this test. It is
suitable to be used for situations where slopes, strength structures, foundations, excavations
need to be analyzed for a long time (such as negative pore water pressure situation that may

occur). The schematic diagram of the test method is given in Figure 4.20.
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Figure 4.20. Schematic diagram of consolidated drained triaxial apparatus (ASTM, 2020)
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Since detailed information and visuals about the triaxial shear method for understanding the
general stress conditions of the soil have been presented in Section 3, they are not presented

in this section again.

In contrast to direct shear and ring shear tests, which are based on stress on the shear
plane, principal stress is used in the triaxial tests. This situation makes the interpretation of
triaxial test results very difficult. Some assumptions must be made in order to overcome this
procedural difference among the test methods and to carry out comparative analyzes in a
meaningful way. In this context, using the relationship in Figure 3.6 for the triaxial test, the

following equations representing the stress state at failure can be obtained:

_01’+0§_01’—0§
2 2

!

o

sin ¢’ (4.24)

! !

— 3 cos ¢’ (4.25)

T=0'tan¢’' = 3

As in the direct shear test, the cross-sectional area of the soil sample changes during
the triaxial shear test. This area is defined as following for the saturation, consolidation, and
shear stage as a function of height and volumetric strain. For the saturation and consolidation

stage:

H,, = H, — AH,, (4.26)

Veo = Vo — AV, (4.27)

|4 Voo — AV,
ACO — HCO — HCO — AI—.IS‘at (428)
co co sat

Here, the initial height and volume of the sample are represented by H, and V,, the post-
consolidation sample height and volume by H,., and V., respectively, the change in sample
height and volume at the end of consolidation by AH., and AV, respectively, the change in
the total height and volume of the sample at the saturation phase by AH,,; and AV, =
3V, (AH,,./H,), respectively.
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At the end of the consolidation, the density of the sample is re-evaluated using the following:

w
Ydaco = 75— (4-29)
Veo
G
o = shw _ 4 (4.30)
Ydco

For drainage tests, the mean cross-sectional area at the shear stage (A.) can be defined as

follows?:

1 AVe
Voo —=AV, Voo =7V, 1-¢
Ap=p— = —— = Ao —— (4.31)
Hco_AHe Hcol__E 1_‘gh

co

Here, the height and volume changes during shear until any strain level are represented by
AH, and AV, respectively, and axial strain and volumetric strain are represented by &, and

&,, respectively.

The results obtained from the triaxial test systems depend on many factors due to the
complicated structure of the system. For practical purposes, in most standard studies, these
factors may be partially ignored, but in this comparative study, all factors were considered

to make a meaningful comparison. Accordingly, the deviator stress (g,) can be defined as:

., P F+T+oi(A.—4,)
0q = (0 —03) = S = 03 (432)
c Cc

Here, P refers to applied axial load, S, refers to system correction constant representing

hydrostatic lift pressure, piston friction and other effects, F refers to load transmitted to the

2 La Rochelle et al. (1988), Zhang and Garga (1997) and other researchers stated that A, can be defined in
different formats depending on factors such as the type and nature of the soil and membrane, strain level,
failure pattern and shear band formation, drainage status, and additive materials. In this study, it was assumed
that the sample was strained in a vertical circular cylindrical form in accordance with ASTM D7181-20.
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piston, T refers to load transmitted from components such as piston weight and loading head,

and A, refers to area of the loading piston.

Using the expressions in Equations 4.29 and 4.30, it was seen that the sample void ratio
decreased by 0.7% at the saturation stage and by 1.8% at the end of consolidation, while the
decrease in the void volume was more limited in fiber reinforced samples. On the other hand,
it was observed that the shear strength angles of the corrected area decreased by 3.1°-5.4
depending on the confining pressure, sample void ratio, fiber reinforcement and test method.
Finally, it was determined that the deviator stress decreased by an average of 25% regardless
of the fiber reinforcement and test method. All these results show the effect of the correction

parameters on the results obtained from the highly complicated triaxial test systems.

Some limiting factors can be listed as major disadvantages of this test type. For
example; ultimate (residual) strength parameters cannot be determined due to the limited
displacement capacity of the triaxial shear test, the instruments of the test system are quite
complicated and expensive, drainage tests take relatively longer time compared to other
shear tests, and although the test sample is consolidated in isotropic conditions, the actual
field conditions are usually anisotropic, stress distribution in the sample is not uniform due
to the limiting effect of the base pedestal and the top cap, resulting in different unit
shortenings along the sample body. On the other hand, this test type also has some important
advantages. For example, controlling drainage conditions, direct measurement of volumetric
changes and pore water pressure, uniform stress on the shear plane, being able to identify
the stress paths of the field in the laboratory environment, and unlike other shear tests, the
failure occurs in the weakest plane. Despite its disadvantages, this test type is the most
preferred test type today, due to its important features such as better representation of the
field conditions compared to other shear tests, being suitable for all soil types and

determining the shear strength parameters at the desired quality.

Triaxial shear tests were carried out under strain control with the EL25-3516/01
series digital shearing apparatus produced by ELE International as a soil test equipment
(Figure 4.21). The fact that it has a microprocessor-controlled driver system and a touch
keyboard input with an LCD screen makes the device highly functional. In the tests, different
sizes of base adapters (ELE 25-4166) and suitable caps (upper adapter) are used to provide
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base, suction pressure and drainage (ELE 25-5430). Granular samples prepared with the
support of a two-part vacuum mold in a latex membrane (Figure 4.22) are tested in triaxial
plexiglass cells (ELE 25-4047) that can withstand a maximum of 1700 kPa pressure and
are designed to carry only water pressure. Deaired water obtained by vacuuming the water
circulated in the tank reservoir by the deaired water apparatus is used for the test (ELE 25-
1833/01). The volume change in the triaxial system is automatically measured by the volume
change unit (transducer) with electrical signals produced in proportion to the volume of the
displaced water (ELE 27-1641). Axial vertical displacement is measured with a 50 mm
capacity transducer (LVDT) (ELE 27-1617), while axial load is measured by a load ring
with 50 kN maximum load capacity (ELE 78-0860). Another important equipment of the
test system is the oil/water constant pressure units. These units with a pressure capacity of
1700 kPa are used in confining and back pressure applications (ELE 26-1800/01). A panel
that functions as a universal pump and pressure indicator is provided for controlling and
monitoring the pressure in the system (ELE 26-1880). Three different pressure transducers
with 1700 kPa capacity are used to measure cell, pore water and back pressure (ELE 27-
1633). Records obtained from the physical system can be evaluated by transferring them to
the computer system by means of data acquisition systems and signal converter systems.
Although this test system supports many standards, the ASTM D7181-20 standard was
preferred in the study due to its compatible nature both with the auxiliary equipment and
with other test methods. The visuals of the measuring apparatus used in the test are given in

Figure 4.23, and the technical specifications of the system are summarized in Table 4.9.

Figure 4.21. Triaxial shear panel manufactured by ELE International (25-3516/01)
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Table 4.9. Specifications of triaxial shear test apparatus (ELE, 1993, 2019)

Specifications Value

compression 50 kN

capacity tension 10 kN
speed range 0.00001 - 9.99999 mm/min
maximum axial travel 25 mm
maximum vertical clearance 910 mm
minimum vertical clearance 305 mm
horizontal clearance 364 mm

platen travel 100 mm

platen diameter 133 mm

supply voltage (s) 115/230 V AC, 50/60 Hz, single phase
power consumption 0.3/0.15A - T
weight (approximate) 90 kg
approximate dimensions 500 x 500 x 1470 mm

Figure 4.22. Auxiliary equipment of the triaxial shear test: (a) Two-part vacuum split mold,
(b) Filter Disc, (c) Porous plate, (d) O-ring, (e) Membrane, (f) Membrane placing tool, (g)

Base adapter, (h) Porous top cap

(d)
Figure 4.23. System tools used in the study: (a) Pressure transducer, (b) Clamped boss load
ring, (c) LVDT, (d) Volume change unit
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After the procedures, the details of which are given in Section 4.3, the tests were
started. The methods to be used in the test phase vary greatly based on the material properties
of the soil. Two-part vacuum split molds are used for the preparation of samples consisting
of granular materials such as sand. These molds are attached to the outer surface of the latex
membrane (t,, = 0.6 mm, E,;, = 1400 kPa) placed on the base adapter with O-rings. By
applying suction pressure with the help of a vacuum device, the membrane is stretched until
the sample is completely placed in the mold. At this stage, a porous plate was placed in the
membrane at the bottom, the filter disc was placed on top of it, and the sample with the target
density was placed on top of it in accordance with the principles mentioned in Section 4.3.
A filter disc was placed on the sample again, a porous plate was placed on it, and finally a
top cap with a nylon tube was placed on it, and the membrane was fixed with O-rings. In
order for the prepared sample (D =50mm,H = 100 mm) to stand, approximately
—20 kPa suction pressure was applied from the universal vacuum panel. This pressure was
relieved after the mold was removed, the cell was placed, the displacement and load

transducers were adjusted, and the cell was filled with deaired water.

Another important step of the triaxial test is the saturation of the sample. In this
procedure, which was carried out according to the ASTM D7181-20 standard, the saturation
of the sample was controlled by the Skempton's (1954) pore pressure coefficient (B). Here B

is the ratio of the change in confining pressure (Aos) to the change in pore water pressure

(&)

B=—2 (4.33)

In the test, the confining pressure and the back pressure were increased gradually until the
desired saturation level (0.95 < B). The preferred increment value for the confining
pressure and back pressure was selected as 50 kPa, and the pressure difference between
them as 10 kPa. These values are in compliance with the pressure range values
recommended by ASTM D7181-20. The volume change unit performs the supply of water
used in saturation of the sample and the measurement of the amount of water. Therefore, this
equipment must be filled with enough water and positioned according to the test standards
before the test. Another important point to be mentioned in this regard is that the porous

stones must be cleaned and saturated with deaired distilled water before the test. In this way,
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the mobility of the water in the sample will be easier and the volume change unit will be able
to make more reliable measurements. After the sample reached the desired saturation level,
the consolidation phase was started. Unlike the saturation phase, the volume change unit was
arranged to absorb water from the sample in this phase. The test system was adjusted to the
desired constant confining pressure (50,100,200 kPa) and the sample was consolidated
isotropically. The amount of water displaced in both the saturation and consolidation stages

is very important as it is equal to the change in soil volume.

After the consolidation was completed, the shear phase was initiated for the triaxial
test. At this stage, the drainage valves were left open, and the axial shear strain speed was
chosen as low (1 mm/min) in order to prevent pore water pressure. In the apparatus loading
takes place in a bottom-up manner. The deviator stress was increased at a constant speed,
and the test was continued until the strain level reached the apparatus capacity (e, = 25%).
Upon completion of the test, the triaxial cell was disassembled and some material was taken
to measure the water content of the tested sample. The resulting water content (17 — 19%)
is important both in terms of being compatible with the literature data for the tests with
drainage of sands in saturated conditions and proving the consistency of the saturation and
consolidation stages applied in this study. Details of the test system and its stages are shown
in Figure 4.24 and Figure 4.25.

cell pressure “DBJ-PT4 b

Figure 4.24. Other details of the sample setup and system valves for the triaxial test: (a)
Drain/pressure valve, (b) De-airing Block, (c) Pressure transducer, (d) Cell water supply
valve, (e) Cell base, (f) Suction pressure application valve, (g) Membrane vacuum line, (h)

Base adapter, (i) O-ring, (j) Two-part vacuum split mold, (k) Membrane, (I) Porous plate
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(€) (f)

Figure 4.25. Stages of the triaxial shear test: (a) Preparing the sample, (b) Removing the

mold, (c) Filling the cell with water, (d) Saturating the sample, (e¢) Consolidation stage, (f)
Shear stage
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4.4.3. Ring shear test

Ring shear is another important test type used to directly measure the strength
properties of the soil. In this test, samples placed in the reservoir of a ring-shaped shear box
consisting of two rigid plates at a target density are consolidated (by saturation) under a
predetermined vertical normal load by means of a torsion beam (top cap). Consolidated
samples are sheared at constant shear strain speed (with drainage) low enough not to generate
pore water pressure (0.01 mm/min until peak, 1 mm/min after peak). During shearing,
one of the platens is kept fixed while the other platen is loaded with torque (torsion) force.
The resisting reaction force (measured by the load cells through the A-B ring arms), which
is increased until the sample fails, represents the shear strength of the soil. The strains are
obtained from the angular displacement of the torque movement, which can be followed by
the transducer vertically and by the graduated scale on the test reservoir horizontally. The
general arrangement of the ring shear test apparatus is shown in Figure 4.26.

LSCT displacement
transducer

loading cap

outer container

?r =

porous discs { ‘

soil specimen

]
l_[ bottom plate

Q
ﬂ‘ ‘E \ ball race

torsion beam load ring arm

load ring arm

Figure 4.26. General view of ring shear test apparatus (Type B) (BS, 1990; I1SO, 2018)
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In contrast to the triaxial test, in the ring shear test, the samples are consolidated
under anisotropic stress conditions (K,). The direction of the principal stresses occurring in

the shear plane during consolidation changes by rotating during shearing (oy, 0° < 6 <

907)3, so the stress can be defined as in Figure 4.12 (in a form similar to the direct shear
test). Undoubtedly, the style in which the ring shear test apparatus was produced, and the

procedure used in its application are the most decisive factors for this definition.

In the ring shear tests, the stresses on the shear plane are not uniform. Bishop et al.
(1971) used Hvorslev's (1936b) mean radius concept in order to eliminate this deficiency
and stated that results with sufficient accuracy could be obtained with the uniform
acceptance of the plane. Bromhead (1979); on the other hand, stated that in addition to this
concept, reducing the sample thickness limits the stress difference on the shear plane, so
uniform acceptance is sufficient only for certain soil types. This assumption is also accepted
in standards such as BS 1377, BS EN I1SO 17892, ASTM D6467, and ASTM D7608 and is
based on the evaluation of the ring shear test results. Accordingly, the effective vertical

(normal) stress, the average shear stress and the effective shear strength angle are expressed

as:
;= P (4.34)
on = T(RZ—RY) '
3(F; + F,)L
4m(R3 — R3)
3L (F; + F,)(R? — R?
t/o, =tan¢’ = —( 1+ R)R; D (4.36)

4P (RI-RD)

In the above equations, R; and R, refer to inner and outer radius, respectively, F; and F,
refer to forces measured on load ring A and B, and L refers to torque arm length (Figure
4.27). The details of the derivation of Equation 4.35 are given in footnote 4%, and the free-

body diagram of the shear band of the stresses defined above is shown in Figure 4.28.

3 The major principal stress is o;, the angle between the o, direction and the vertical is represented by §.

r3|R2
— ==X
3 2

4 Moment = 7 x sample area x moment arm —>f02”Rd9 f:lzerdR :gx(F1+F2)—>2n><r
Ry

R3 R} L 2 L 3(F1 + F3)L

(Fit F) = 2 x o |2 = 2] = S (Fi 4 Fy) » TroxalR) = R = L x (Fu+ By) > 7 = L ey
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Figure 4.27. Plan view of bottom platen, center pin and torque arms of ring shear test

apparatus (Type B)

Figure 4.28. Stress state of the shear band in the ring shear test: a) Resultant of forces, b)
Unbalanced forces (Detailed explanations of notation representation can be found in
Sadrekarimi's study (2009).)

The relationship between the angular displacement (6) and mean linear displacement (d;)

is as follows:

d = (012:) (Rl ;L RZ) (*+37)
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Since the area of the shear plane did not change during the test, no correction expression was
used for this area. On the other hand, some factors may cause errors in test results. For
example, wall friction, rebound of the sand, friction between the rings and the top plate as a
result of material extrusion, errors in force measurement (friction of unequal load arms with
central pin), tendency of the top head to transfer non-uniform stress distribution. Bromhead
(1979) stated that these effects may vary based on the shear speed, sample depth, soil type
and ring shear type. He reported that the friction of the central pin is more important for
coarse grained soil types (1.18 mm > D,,) to be used in the device he developed.

Accordingly, the torque error (M,) can be obtained with the following equation:

M, = (F, - FZ).URp (4.38)

In the above equation, R,, refers to the pin radius and u refers to the friction between the
central pin and the platen. For Bromhead type (Type B) ring shear apparatus, this value
should be accepted as R, = 5 mm, in case of lubrication of the tool it should be accepted as

u=0.1.

All procedures and details described herein apply only to coarse-grained soil types.
Undoubtedly, different parameters and correction expressions must be used for fine-grained

soil types, which have very different material properties.

This test type has some disadvantages as well. For example, non-uniformity of stress-
strain distributions on the shear plane, friction caused by the wall, rebound effect for granular
materials, potential release of the test sample towards out of the reservoir, the complex
procedure required for tests without drainage, and shearing along a predetermined plane.
However, due to some advantages, it is the preferred test method for determining the ultimate
strength, which is an intrinsic property of soils. Examples of these advantages can be listed
as shearing samples at desired displacement levels (unlimited), stable cross-sectional area of
the shear plane during the test, functional structure, the less amount of sample required for
the test (therefore, it provides the opportunity for rapid drainage and consolidation)®, being

suitable for all types, classes, and properties of soil.

5> Applicable to Bromhead type ring shear test apparatus.
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Ring shear tests were carried out with a torsion Bromhead type VJT5600A/01 series
digital shearing apparatus manufactured by VJTech Limited as a soil test equipment (Figure
4.29). The microprocessor-controlled driver system and the LCD-screened control panel on
the device make it highly functional. Dimensions of the sample confined radially between
concentric rings: 100 x 70 x 5 (mm) (outer diameter, inner diameter, depth, respectively)
(Figure 4.30); the ratio of the load on the load hanger to the load acting on the sample was
designed as 1:10. In this system, circular shear displacement is provided by a
microprocessor-controlled stepper motor through a gearbox drive. Torque force resisting the
force transmitted to the bottom base of the sample box is measured by S-Type high-capacity
load cells (VJTS0364) thanks to the A and B arms placed orthogonally to the head collars;
and vertical displacements during consolidation (K, conditions) and shear are measured with
linear strain converter transducers (LSCT) (VJT0270). Records obtained from the physical
system can be evaluated by transferring them to the computer system by means of data
collection systems and signal converter systems (VJT-USB-RS232, VJT-csRING). The test
apparatus complies with many standards including ASTM, BS, and 1SO. In this study, the
modified ASTM D6467-13% standard was used in order to make meaningful comparisons
with other test methods. The visuals of the transducer interface and measuring devices used
in the test are presented in Figure 4.31, and the technical specifications of the system are

summarized in Table 4.10.

iy e 5
£

Figure 4.29. Ring shear test system (VJT5600A/01) manufactured by VJ Tech Limited
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Table 4.10. Specifications of the ring shear test apparatus (VJTech, 2018)

Specifications Value

100 x 70 x 5 mm

maximum specimen size A =40 sz, V =20 cm?

speed range 0.0001 - 900 °/min
maximum shear stress 1000 kPa

maximum design normal load 1000 kPa

vertical load 10.0 kN using 10:1 lever ratio
travel range of displacement transducer 10 mm

supply voltage (s) 90/240 V AC, 50/60 Hz, single phase
power consumption 26W-16A-T

power consumption 105 kg

approximate dimensions (L x W x H) 1335 x 380 x 1400 mm

(@) (b) (©) (d)

Figure 4.30. Auxiliary equipment of ring shear box: (a) Specimen container and lifting
handle (bottom part), (b) Bronze porous torsion beam (top cap, modified type), (c) Clamping

screws, (d) Circular tamping tool

(a) (b) (©)
Figure 4.31. System tools used in the study: (a) LSCT, (b) Load cell, (c) Converter interface



141

After the procedures, the details of which are given in Section 4.3, the setup phase
was started for the test system. At this stage, first, the soil material with target density was
placed in the sample box with a bronze porous inner bottom. Loss of material in placements
(even very small amounts), fiber orientation (for reinforced samples), or deviation in sample
depth required more care than other test methods as they would change the target density
due to the unique nature of sample dimensions. After the formation process, the sample box
(bottom part) on which the lifting screws were mounted was placed in the ring shear cell and
fixed to the cell by means of clamping screws. An appropriate amount of synthetic vacuum
grease was used to reduce friction between the central pin and the ring shear box. After the
lubrication, the torsion beam (top cap) was carefully placed on the sample box and the
angular indicator was reset (Figure 4.32). Then, A and B load arms, which measure the
resistance of the soil against shear (they must be the same as the coordinated values), were
placed orthogonally to the top head and their joints were fixed. Finally, the load hanger, dead
loads to be placed on the weight hanger, the loading beam and the locking screw were
adjusted, the vertical displacement transducer was placed, and the reservoir was filled with

water. Thus, the setup for the test system was completed and the testing phase was started.

Figure 4.32. Details of ring shear box: (a) Load ring arm, (b) Water chamber, (c) Lifting
handle, (d) Specimen container, () Angular indicator, (f) Clamping screw, (g) Graduated

scale, (h) Torsion beam (top cap)
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In the testing phase, the samples were first consolidated under various vertical loads
(50,100,200 kPa) (Figure 4.33). The granular structure of the samples and the low sample
depth reduced the consolidation duration considerably. After this process was completed,
the shear phase was initiated, and the samples were sheared at constant strain speed
(consistent with the angular velocity, 1.348 °/min) at which their ultimate strengths could
be obtained. Here, the reason why the consolidation loads, and angular strain rates were
chosen low was to prevent material extrusion, which is one of the most important limiting
features of the ring shear tests. These principles were kept the same (for all) in a linear order
to make meaningful comparisons with other test methods. After the test was completed, the
ring shear box was removed from the reservoir and disassembled, and some material was
taken from the shear plane to determine the water content at the end of the test (Figure 4.34).
It was seen that the obtained water content (17 — 20%) were compatible with the literature

data for the drainage tests in saturated conditions. Finally, the measured strength parameters

were re-evaluated using all relevant correction factors.

(a) (b)

(b)

Figure 4.34. Post-shear procedure: (a) Material extrusion (8, ~ 1 m), (b) Disassembly of

the ring shear box
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5. RESULTS AND DISCUSSION

5.1. Introduction

Part 2 covers the comprehensive literature review about the thesis subject, Part 3
covers the theoretical and applied knowledge about the strength and strain properties of sand,
Part 4 covers the materials and the method used in the study, the detailed presentation
regarding the testing apparatus. This part comprehensively evaluates, compares, and

analyzes the direct shear, triaxial pressure, and ring shear test results.

Mechanical properties of soil can be measured in different quantities based on the
test method. This difference is related to the stress conditions exposing the test sample, such
as the limit conditions of strain, principal stress (Figure 5.1), and failure plane orientations,

in particular (Figure 5.2).

Apparatus Orientation of major principle stress

a=0 0’ <a<90 a=90

Direct shear (shear box)
(4 oy

’ '

Oh On

N/A N/A

Triaxial ,
O-V

N/A

/ /
Oh Oh

Triaxial compression Triaxial extension

Ring shear

N/A N/A

Figure 5.1. Specimen stress, deformation and boundary conditions for the test methods used
in the study (N/A: Not Applicable) (O’Kelly, 2015)
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Figure 5.2. Scaled test specimens for the direct shear, triaxial and ring shear apparatus

Related details as explained in Part 4:

- Inthe shearing tests, shearing is done on a soil pre-determined while triaxial tests are

managed with failure plane soil properties and structure.

- In the shearing tests, principal stress orientations and magnitudes cannot be known
since they continuously change during strain loading, however, principal stress
orientations do not change in the triaxial tests in the during the test.

- The magnitude of the intermediate and minor principal stress is not known based on
the applied vertical load and soil properties in the shearing tests, but they are known

in triaxial tests.

- Various stress distributions occur across the failure plane during the process of
shearing the test sample depending on the strain conditions. This difference in the
stress distributions is managed with the main factors such as the soil property,
geometry, the confining that was applied, and normal pressure (Saada and Townsend,
1981). Since the effect of non-uniform stress distributions on the properties of shear
strength and its measure to this effect cannot be precisely determined, researchers
indicated that shear strength measurement is required to be evaluated on average
(Sowers, 1964).
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When comparing the results of the test methods, the above-mentioned distinctive properties

should be taken into consideration.

Part 5.2, Part 5.3, and Part 5.4 present the results of the direct shear, triaxial, and ring
shear test methods, respectively. And Part 5.5 presents the comparative analysis of these

methods' results.

5.2. Direct Shear Test Results

Part 4 covers theory belonging to the direct shear test method, mathematical model,
operating procedure, the introduction of the test apparatus, and other related details. This
part comprehensively evaluated and analyzed the shear strength results obtained from the
direct shear tests and results belonging to the soil parameters on various bases.

The direct shear test is a translational shearing test allows the shear strength
parameters to be obtained directly on a forced plane of the soil. Related soils used in the
defining of the soil behavior belonging to this test were analyzed using Mohr-Coulomb
failure criteria based on the shear stress occurring according to the normal stresses affecting

the shearing plane.

Direct shear tests detailed in Part 4 were done in four different densities from very
loose to dense, in three different normal (vertical) stress force loading, in constant shear
strain rate, in a single volumetric fiber concentration, and drained conditions using the
standard circular shear box. Round (rounded shaped) grained standard sand was used for
matrix and macro fiber with discrete structure was chosen as a reinforcement. This study
included 108 direct shear tests in total as 45 and 63 repetitive tests for unreinforced and fiber-

reinforced tests, respectively.

In the first part of the section, shear strength parameters belonging to the unreinforced and
reinforced samples were evaluated while the results of volumetric strains were examined in

the second part.
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5.2.1. Stress-strain relationship

The shear strength of the soils depends on the load they are exposed to (¢’ tan ¢). In
addition to the previous studies indicating this load to have a significant effect in higher
values (Terzaghi and Peck, 1948; Roberts and de Souza, 1958; Bishop, 1966; Lee and
Farhoomand, 1967; Lee and Seed, 1967; Marsal, 1967; Vesic and Clough, 1968; Miura and
Yamanouchi, 1973; Hardin, 1985; Lade and Yamamuro, 1996), many recent studies indicate
that very low loading conditions also have a significant effect for the shear strength of the
soils (Ponce and Bell, 1971; Stroud, 1971; Fukushima and Tatsuoka, 1984; Sture et al., 1998;
Fannin et al., 2005; Lancelot et al., 2006; Chakraborty and Salgado, 2010; Lehane and Liu,
2013; Giampa and Bradshaw, 2018; Rous¢, 2018). Of course, it would be more correct to
evaluate the work done by soil grains as triggering failure with their relative movements, in

other words, the energy capacity done with the volume strain of the soils.

As it is explained in Part 3.2 in detail, soils are nonlinear materials showing a
significant degree of nonelastic (plastic) strains under the applied loads. These materials'
stress-strain relationship curve initially represented an elastic area for a very limited area and
later a plastic area after proportionality (yield) limit with the increasing strains. This curve
stress level representing the stress-strain properties of the soil depends on the stress level,
pore water pressure, material properties, stress and strain increase orientation, and
parameters detailed in Part 3.5 (Lade, 1972; Rahman and Ulker, 2018; Fernandes, 2020).
Part 4 presents the comprehensive presentation of these parameters.

Granular soils exposed to the constant load and shearing strain have various stress-
strain curves according to the initial conditions (void ratio, stress level, drainage, etc.). The
most significant factor in this difference is the distortion of grains and the relative movement
of grains, which are related to each other. During the strain process, changes based on stress
differences occur in the soil due to the various mechanisms. These changes are controlled
with the effective stress and volumetric change capacity of the grains. All these factors are
directly related to the frictional resistance controlling the grain contact points and inner
kinematics limitations related to the changes in the soil structure. Part 3.4 presents the details

regarding the subject.
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Stress-strain behaviors of soils are usually determined with direct shear or triaxial
test methods. Correlating the shear stresses (or principal stress difference) corresponding to
shear (or axial) strain with the strain-controlled tests yields typical curves similar to those in
Figure 5.3. The stress-strain curve of soil is evaluated under three different stages. The first
section is a multi-energy area where failure has not occurred yet, stress values increase
linearly in even very few strains and are controlled with environmental factors. Strength, in
this area, is obtained by friction causing grains to re-locate such as friction of grain and
mineral, the rotation of grains against each other, grain rolling friction. Here, in the
continuation of this first part assumed to be elastic area, it is being proceeded to the second
stage named plastic area. This transition point between the first and second parts is called
proportionality limit (yield). The second part is controlled with mechanical and multi-
energy. At this stage, big volume strains emerged by affecting from grain locking
contributing to the strength of granular soils quickly reach to the peak point of the soil,
therefore, it causes failure. The capacity of the grain locking phenomenon that is valid for
the dense sands is a function of the void ratio. Strain hardening being effective due to
exceeding the proportionality limit continues until the peak stress point and then stress
softens and it proceeds to the third stage, which is when it reaches the critical stress value
where shearing occurs. At this stage, stress value exceeds a flow condition with the
increasing strains and reach gradually to an asymptotic value, which is a critical state. This
area where stress softening occurs is controlled with mechanical energy, and in the second
stage, interlocking between effective grains loses its effects after failure and goes back to the
frictional forces that are effective in the first stage. In this situation, the strain will continue

in constant stress and volume.

Although the above process is used for the densely packed sands, the failure
organization is different in sands with loose density. Grains that want to locate more densely
will become closer to each other with the starting of strain and the void ratio between grains
will reduce. At this stage, friction contributions for densely packed sands are also valid for
the loose sands. Soil assumed to elastically behave in the beginning, starting from very few
strains will show hardening behaviors in all series with the increasing strains. Volume
change in these density does not show a tendency to strain softening and brittleness tends to

contraction throughout the straining process.
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Figure 5.3 presents stress ratio-strain curves belonging to the (o, =

50,100,200 kPa) densely packed (e, = 0.50) unreinforced and reinforced composites
under the various consolidation loadings. Related six curves (three unreinforced and three
reinforced) have the aforementioned strain process and the same tendency for the dense
sands. In the drawing of the stress-strain curves, the relationship of stress ratio-relative lateral
strain has been taken into consideration. The main aim of using the stress ratio parameter
obtained with normalizing shear stress with normal stress (z/a0;,) is to see the effect of
normal stress on shear strength more clearly, follow the contribution of reinforcement to the
strength more effectively, see the becoming clear of peak points in a narrower stress range
instead of a very large one and prevent the possible stress/pressure faults in the sophistical

tests, in particular.

Figure 5.3a presents 50 kPa curves belonging to the unreinforced and reinforced
composites sheared under the normal load. Curves, where stress-strain curves are in the same

tendency, show that reinforcement and geometrical interference are the main determinant

factors.
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Figure 5.3. The stress ratio - Relative lateral displacement relationship for direct shear (e, =

0.50): (a) 50 kPa, (b) 100 kPa, (c) 200 kPa

The greatest stress ratio of the unreinforced samples is 1.007 while this ratio has been
increased to 1.129 in the peak value of the reinforced samples. Although small
reinforcement concentration was used in this study, its effect on the strength increment was
found to be 1.121 which was striking. The greatest stress ratio in all the test series was
reached on this density and normal stress loading. This is because of the freedom of the
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dilation parameter. The increase in the critical strength showed a similar trend to the peak,
however, changes in the reinforcement orientation within the composite remained limited

with the increasing strain.

Figure 5.3b shows the test curves of the unreinforced and reinforced composites in which
normal stress is chosen to be 100 kPa. Stress-strain curves 50 kPa show similar characters
with normal stress loading while a decrease is seen in the contribution of the peak and critical
stress ratios and reinforcement to the strength of the composite. This decrease is related to
the increase in the suppression on the geometrical interference (interlocking) in the peak
state and the effect of this suppression on the reinforcement orientation.

Figure 5.3c presents the stress ratio-strain curves of the 200 kPa, which is the greatest
normal stress chosen in the study. In this stress condition which transfers the load to the
sample two times and four times more than the other normal stresses, lower peak and critical
stress ratios were obtained. This result is significant in terms of showing the fact that as the
normal/confining pressure increases, interlocking between grains and the effect of
reinforcement to the composite reduces. In this series, in which the high density was tested
in particular, the related effect became clearer. When compared with the 50 kPa, the effect
of normal stress on the reinforcement contribution was found to be 26% on average for the

peak and critical stress ratios.

Figure 5.4 presents the strain curves belonging to the samples tested in the various
normal stress of the medium-densely packed (e, = 0.55) sands. This part examined the
effect of normal stresses on the medium packed unreinforced or reinforced samples, and

their comparisons about other density situations were described at the end of the part.

Depending on the decreasing geometrical interference capacity of the medium
densely packed sands, densely packed sands had quite lower stress ratios. The peak stress
ratio was found to be 0.893 for the unreinforced situation while this ratio reached to 1.006
in the reinforced situation. This result is significant in terms of showing that reinforcement
material increased the geometrical interference capacity. As the stress load increased, the
geometrical interference capacity of the soil decreased, and reinforcement had a contribution
to the peak strength for the 100 and 200 kPa at the ratio of 1.112. Lastly, decreasing ratio
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from peak to the strength for medium-dense sands, and it was found that reinforced sands
had affected by the unreinforced sands 10% more. This finding proved that the

aforementioned geometrical interference capacity of the soil increased with reinforcement.

Figure 5.5 presents the stress-strain curves (e, = 0.60) of the loosely packed sands.
In this density level in which geometrical interference capacity decreased compared to other
dense sands, reinforcement's contribution to the peak strength increment happened at the
level of 1.30. This strange relationship can be explained by the fact that the frictional force
between the more densely packed sand grains (grain - grain) was more than the one between
reinforcement-grain friction. The typical value of the mineral friction angle for the quartz
sand was found to be 26° (Procter and Barton, 1974), these tests found this value to be 21°
for the reinforcement. The friction relationship between grain and reinforcement should be
evaluated within this scope. Another significant factor for the occurrence of this paradox is
undoubtedly the cohesion formed in the existence of reinforcement. The effect of cohesion

on the shear strength has been evaluated in the subsequent parts under a separate headline.

As in the other density levels, increasing normal stress caused the reinforcement'’s effect on
peak and critical strength to partially decrease. The most significant factor in this decrease

is the suppression of geometrical interference capacity mentioned above in detail.
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Figure 5.4. The stress ratio - Relative lateral displacement relationship for direct shear (e, =
0.55): (a) 50 kPa, (b) 100 kPa, (c) 200 kPa

When the loss of strength at the critical state which is reached by strain softening after peak
and where the stress ratio remained constant is investigated, it was observed that the
unreinforced samples decreased with the ratio of 1.716 while reinforced samples decreased
with the ratio of 1.644, according to e, = 0.55. This result is significant since it directly

supports the strength concept mentioned in the previous paragraphs.
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Figure 5.6 shows stress-strain curves belonging to very loose (e, = 0.65) samples
tested under various normal stresses. When examining these curves, the most significant
factor drawing attention was the fact that the ratio of strength loss ratio during the critical
level of peak stress ratio was found to be 1.042 — 1.015, and 1.083 — 1.043 for the normal
stress in the lowest and the greatest unreinforced and reinforced samples, respectively. This
result indicated that increasing geometrical interference capacity with reinforcements was

affected by the strain-softening more after the peak.
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Figure 5.5. The stress ratio - Relative lateral displacement relationship for direct shear (e, =
0.60): (a) 50 kPa, (b) 100 kPa, (c) 200 kPa

In other words, this result is significant in terms of indicating the different effects of
reinforcement on the peak and critical strength. When the stress ratios were compared, higher
values were obtained in the lowest stress condition (50 kPa) as in other densities. However,

these values remained lower compared to the denser samples.
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Figure 5.6. The stress ratio - Relative lateral displacement relationship for direct shear (e, =

0.65): (a) 50 kPa, (b) 100 kPa, (c) 200 kPa

Strength increase had a tendency close to linear as a function of normal stress. Another
significant result obtained about e, = 0.65 was that reinforcement contributed to the peak
and critical strengths relatively more than the other densities. The main reasons for this

situation were stated in the evaluation done for the loose sands. This result is significant in
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terms of the fact that reinforcements are very effective in the improvement of the engineering

properties of the loose soils.

The void ratio of the quartz-predominant sands ranges from greatest effective stress
ratios to 0.5 — 1 as a function of the normal stress (Sack, 1960; Horn and Deere, 1962). This
range is compatible with the results obtained for the direct shear tests. It is not possible to
talk about such a range for the composite samples in the case of reinforcement. The main
reason for this is reinforcement material’s being able to be controlled with various variables
such as the type, class, acceptance principle, concentration, aspect ratio, smoothness, length,
orientation, mechanical properties of the reinforcement. In this present study, the greatest
stress ratios for the composite samples were obtained between the range of 1.129 and 0.676
(Figure 5.7e). Previous studies indicated that effective critical state stress ratios of quartz-
weighted sands that are the rounded - subrounded grain shaped mineral content changed
within the range of 0.57 — 0.67 (typically 0.65) (Rowe, 1962; Koerner, 1970; Bolton, 1986).
This range is in accordance with the test results. It is not possible to talk about such a range
for effective critical state stress ratio in composite samples due to the aforementioned
reasons. Effective critical state stress ratios obtained from this study ranges between 0.648 —
0.681 (Figure 5.8e). In soil mechanics, although theoretically, there is only one effective
critical state friction angle for each sand independent of the initial density, this is not valid
in the presence of reinforcements. For instance, differences such as compression method,
compression compaction energy in the composites prepared by the only operator with the
same reinforcement and same reinforcement concentration, and even the different
orientations in the composite of the discrete reinforcement do not allow a unique effective

critical state stress ratio for reinforcement.

The peak effective (r,,/0,) and critical effective state stress ratios (z.s/0y,) as a
function effective normal stress (oy), initial void ratio (e,), volumetric reinforcement
concentration (vy) are given in Figure 5.7 and Figure 5.8. The greatest effective stress ratios

are compared by choosing the effective normal stress parameter in Figure 5.7a, Figure 5.7Db,
and Figure 5.7c. Of the figures in which the greatest effective stress ratios are obtained in
the lowest effective normal stress (50 kPa) loading, o, increased and so t,/o0, ratio

gradually decreased. On the other hand, the presence of reinforcements increases the value



157

of 7, /0y, in a distinct way. The reason for this increment is the geometrical interference
phenomenon mentioned in the previous section. Initial void ratio is one of the most
significant parameters affecting the ratio of 7, /g,,. Related curves indicated that decreasing
the void ratio causes the 7, /o, value to increase significantly. This increase is in a linear

relationship from very loose to dense. Here, choosing oy, and e, ranges in a limited range

have a significant role in this study.

The effect of the reinforcement concentration on the greatest effective stress ratio
and its measurement depending on the density and normal stress of this effect was shown in
Figure 5.7d, Figure 5.7e, and Figure 5.7f. The same unit scale was used for the significant
comparisons of the unreinforced (Figure 5.7d) and reinforced (Figure 5.7¢) states. Therefore,
the effect of reinforcements' existence on 7, /0, becomes clear. On the other hand, three-

dimension images were used to see the contribution ratio (vg,) of reinforcement to the
strength for both situations, the common effect of a,, and e, parameters. Accordingly, effect
of reinforcements on the 7,, /g, caused e, to increase and o, to decrease, which are presented
in Figure 5.7f. The main reason for this difference in the v, ratio is due to the fact that

friction capacity's being affected if the grains of reinforcements added to the sand matrix are

forced to relatively move.

Figure 5.8 presents images regarding the relationship of critical effective stress ratio
(to5/07), 0n, € 10 the reinforcement for the direct shear tests. Figure 5.8a, Figure 5.8b, and
Figure 5.8c show that higher gy, cause a bit lower t./a,,, and in the case of reinforcements,
this difference becomes clear. Images explaining this situation are shown in Figure 5.8d and
Figure 5.8e. When examining the v, parameter, results similar to the peak situation were
obtained; however, the effect of o, and e, remained a little in the limited levels. This
situation is directly related to the geometrical interference and orientation of the

reinforcement in critical situations.

The main subject of this thesis is the research of the strength properties of the soils
in different strain modes, therefore, this thesis will not explain the details about the
parameters controlling the soil strength (Part 3) and the effect of reinforcement on the

granular soils. To further research this effect for direct shear tests, the following studies can
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be looked at: Gray and Ohashi (1983), Arteaga (1989), Yetimoglu and Salbas (2003), Ibraim
and Fourmont (2006), Sadek et al., (2010), Falorca and Pinto (2011), Punetha et al., (2017).
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Figure 5.7. Effect of effective normal stress (o), initial void ratio (e,) and volumetric
reinforcement concentration (vy) on the peak effective stress ratio for the direct shear tests

(tp/0n): (@) op = 50 kPa, ve-eq, (b) o, = 100 kPa, vs-e, (C) 0, = 200 kPa, ve-e, (d)

vr = 0.0%, gy-e, () vp = 0.3%, op-eq, (f) vy, op-eg
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Figure 5.8. Effect of effective normal stress (o), initial void ratio (e,) and volumetric
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5.2.2. Shear strength parameters

Coulomb (1776) defined the shear strength of the soils with friction angle (¢) and
cohesion (c) terms and stated it terms of total stress. Mohr published his own graphic
management method using Cullmann's graphic method in three-dimension stress analysis
(Mohr, 1882) and developed his famous theory by defining the failure of material in shear
stress as a function of normal stress in the subsequent studies (Mohr,1900). In other words,
failure of material happens not only due to the effect of greatest shear stress or greatest
normal stress but due to the critical common combination of these. Later, this method was
compounded with Coulomb theory and used in the soil mechanics practices. Terzaghi
(1925), with his effective stress concept, carried the Mohr-Coulomb criteria one step further.

Part 3 presents detailed information about the subject.

Mohr-Coulomb failure equation (Equation 3.12) defined in effective stress for
general soils converts into Equation 3.23 for granular sands (clean) such as sand. Part 3
presents detailed information about this subject. The most significant subject to be known
here is that friction angle and cohesion are not internal properties of the grains forming the
soil mass. These parameters take different values based on the loading conditions (drainage,
consolidation, load, etc.) Therefore, it will be a better approach to define these as an

appointed coefficient or mathematical expression to state the soil friction.

The first section of the part will discuss the test results belonging to the effective
friction angles and in the later sections, effective cohesions generated with reinforcements

will be examined.

Results for peak effective (¢,) and critical state effective (¢) friction angle as a
function of effective normal stress (a;,), initial void ratio (e,) and volumetric reinforcement
concentration (vy) are presented in Figure 5.9 and 5.10 in detail. The friction angle of
cohesionless soil is controlled by Kinetic friction (¢,) and geometrical interference ¢yg.
These frictional components are directly affected by the internal factors of particle mineral
structure and composition, particle shape, particle diameter distribution and void ratio, and
external factors such as effective-normal stress, loading mode, stress traces, drainage

conditions, saturation, and anisotropy.
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As seen in Figure 5.9, it was observed that with the decrease in the initial void ratio
and effective normal stress, there was a linear increase in the peak effective friction angle
with a decreasing rate. The main reason for this increase is the linking of the particles to each
other more closely compared to the initial condition due to the increasing strain and the effect

of the effective normal stress load on this linking. It was observed that the o, value of ¢,

angle obtained from the lowest and the highest initial void ratio was between 11" — 13",
depending on the normal stress. This range is consistent with the interval presented by Bolton
(1986), Kulhawy and Mayne (1990). When the effect of the presence of reinforcement on
¢, is examined, it is seen that similar to the unreinforced state, ¢, shows a linear increase
with a decreasing ratio. This increase rate (vs.) has remained limited depending on the
increasing geometrical interference. When the effect of the presence of reinforcement on e,
and g,, is examined, the increase in e, and decrease in g, increased the contribution to
strength. The fact that the ratio between the greatest and lowest increase rates being 1.042 is

important in terms of showing the effect of e, and o,.

In Figure 5.10, the effect of reinforced and unreinforced samples for e, and oy,
conditions were investigated for the effective critical state friction angle. As seen from
figures, ¢/, scatters within a narrow band for both reinforced and unreinforced states. The
main reason for this is the absence of geometrical interference in critical state. In this
situation where the particle movement in a constant o,, load develops unilaterally, the value
of friction angle is controlled with kinetic and rolling friction. The increase in the scattering
in the presence of reinforcement is related to the orientation of the randomly distributed
reinforcement in the sand matrix and different heterogeneities occurring in the composite.
Another finding obtained from the experiment results is that the contribution of the
reinforcement to strength is less in critical state compared to peak state. The main reason for
this is that the new position of the reinforcement is in the direction of shearing. Since the
direct shear experiment devices have limited shearing strain capacities, there is a suspicion
with regard to the permanent strengths of fine-grained soils. Although a very little volumetric
reinforcement concentration was chosen in the study, critical state being affected by this fact

makes it more critical for the sands.
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Figure 5.9. Effect of effective normal stress (o), initial void ratio (e,) and volumetric
reinforcement concentration (vy) on the peak effective friction angle (¢,) in direct shear
tests: (a) o, = 50 kPa, vs-ey, (b) 0, = 100 kPa, vs-ey, (C) 0, = 200 kPa, ve-eq, (d) vy =
0.0%, op-eg, () vp = 0.3%, gy-eq, (f) Ve, on-eo
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Figure 5.10. Effect of effective normal stress (ay,), initial void ratio (e,) and volumetric
reinforcement concentration (vy) on the critical state friction angle (¢¢,) in direct shear tests:

(@) 0, =50 kPa, ve-ey, (b) o, =100 kPa, vs-ey, (C) 0, = 200 kPa, vs-eq, (d) vy =
0.0%, oy-e, () vr = 0.3%, gn-e, (f) vrr, on-eo
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Figure 5.11 shows the effect of void ratio and the presence of reinforcement on the
cohesion parameter. Accordingly, while low cohesion values are obtained for unreinforced
state in the direct shear tests, it was seen that the presence of reinforcement increased these
values to a certain extent. Theoretically, it is known that sands do not have cohesion.
However, due to the presence of reinforcement and cementation, sands reach to a significant
cohesion level. First studies regarding the increase in the shear strength properties of sands
by producing cohesion were conducted by Vidal (1969) and Schlosser and Long (1974).
Researchers put forward various relations (regarding soil pressure) for the prediction of the

magnitude by suggesting that geosynthetics produced pseudo-cohesion.
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Figure 5.11. Effect of initial void ratio (e,) and volumetric reinforcement concentration (vy),

on cohesion parameter (c”) in direct shear tests: (a) vs-eq, (D) Vg
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5.2.3. Volumetric strains

Cohesionless soils are first contracted and then dilated with increasing strain. This
relative displacement shown by the grain during the shearing phase is the basis of the shear
strength. Therefore, it is necessary to look at the issue from the aspect of volume change in

order to understand the issue of the shear strength of the soil.

The absence of dilation in test equipment with sufficient deformation capacity
applies only to the loosest packed sand. The presence of dilation should be mentioned for all
other levels of density. As can be seen in Figure 5.12, with the increasing void ratio and
normal stress, the level of contraction of the soil for both reinforced and unreinforced
situations increased, while the dilation capacity decreased significantly. When the effect of
reinforced presence on contraction and dilation was examined, it was seen that it reduced the
contraction capacity compared to the situation without reinforcement and increased the
dilation capacity. Another important finding is that the presence of reinforcement increases
the volumetric strain capacity of the soil by absorbing the shear load. From all these findings,
it is understood that the shear strength of the sand soils cannot be described only by the

effective angle of friction, but also depends on the contraction-dilation feature.
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Figure 5.12. Volumetric strain curves obtained from direct shear tests
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5.3. Triaxial Test Results

Triaxial test is a sophisticated test providing the saturation of the soil sample under
the effect of constant confining pressure, consolidation of it under isotropic conditions
(hydrostatic stress state), and then obtaining shear strength parameters by axially loading it
with the help of a piston. It allows the correct representation of loading conditions in which
soil exposed/will expose to (simulation of loading scenario), more effective control, and
definition of the stress marks. In this method in which stress in the failure plane cannot be
directly measured (free shear plane), the related shear strength parameters (to which it is

related to normal stress in a linear way) are defined with Mohr-Coulomb failure criteria.

The aim of the study is to make a comparative analysis by measuring the shear
strength via various parameters, therefore, all determinants used in the shearing tests were
applied within the triaxial test method in the same way. Accordingly, triaxial tests detailed
in Part 4 were performed under drained conditions with strain-controlled in four different
densities from very loose to very dense, under the effect of three different isotropic confining
(radial, cell) pressure, in the constant axial strain rate and a single volume fiber
concentration. Rounded shaped standard sand was used for matrix and macro fiber with
discrete structure was chosen as a reinforcement. This study included 108 drained triaxial
tests (CD type) in total as 45 and 63 repetitive tests for unreinforced and reinforced tests,
respectively. Part 4 covers theory belonging to the drained triaxial test method, mathematical

model, operating procedure, the introduction of the test apparatus, and other related details.
In the first part of the section, the shear strength parameters of the unreinforced-

reinforced samples were comprehensively evaluated and analyzed differently than the

shearing tests while the results of volumetric strains were examined in second part.

5.3.1. Stress-strain relationship

Failure in the drained triaxial tests is defined in three different essentials:



171

1. Maximum principal stress ratio: (1 /03)pix & (01/03)pix
2. Maximum principal stress difference: (o; — 03)pix & (07 — 03)pix

3. Acertainunit strain: t = [(gy — 03)/2] & [(0] — 03)/2]

A quasi of the normalized phenomenon used in the definition of failure in the direct
shear tests were applied for the triaxial tests. Accordingly, total axial stress (major principal
stress: o; = 03 + Ay (Ag4: Principal stress difference), confining pressure (minor principal
stress: a3) was normalized as it was defined in the first item. Part 5.2.1 explains the
superiorities belonging to the choosing of this demonstration in which the strength-strain

relationship is clearly seen in detail.

Figure 5.13 presents stress-strain curves belonging to the densely packed
unreinforced and reinforced composites under the effect of isotropic (o) =
50,100,200 kPa) confining pressure (e, = 0.50). In the drawing of the stress-strain
curves, the relationship of principal stress ratio-axial strain has been taken into consideration.
The effect of chosen confining pressures on the related density index was categorized under

three different graphics for the unreinforced and reinforced samples.

Figure 5.13 presents graphics showing that principal stress ratios are decreasing with
the increasing confining pressure. The decreasing ratio between the greatest and lowest
confining pressures for the peak strength was found to be 1.094 and 1.123 for reinforced
and unreinforced samples, respectively. This ratio for critical strength was found to be 1.014
and 1.045 for unreinforced and reinforced samples, respectively. The main reason for this
severe difference between peak and critical values is the grain freedom which is reached as
a result of the strain-softening of the samples with the high density. Another striking factor
for the dense soil is losses in the energy area in which principal stress ratio-strain curves
with the tendency to lean by going towards the re-arrangement from the point where the
dilation rate of the grains is high are found to be effective in the very low volumetric
reinforcement concentration used in this study. This effect of reinforcement has been found
to be in a similar tendency for the strain mode in the studies such as Gray and Maher (1989),
Al-Refeai (1991), Ranjan et al., (1994). The following parts include more detailed

evaluations about this subject.
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Figure 5.14 shows the curves belonging to the effective stress ratio-axial strain

relationships of the medium packed (e, = 0.55) sands. Curves seem to be in similar trends
but in the lower levels with (e, = 0.50) in the ranges in which brittle behavior is effective.

This is because grains are required to do less work for their relative movements.

Reinforcements are clearly seemed to affect the strength loss with increasing strain
for all the effective confining pressures. This loss is a property that is wanted for geotechnical
practices; however, it makes it nearly impossible to research some geotechnical practices

that are interested in the reinforcements' post-peak relationships through triaxial tests.
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Figure 5.13. Principal stress ratio - Axial strain relationship for triaxial (e, = 0.50): (a)

50 kPa, (b) 100 kPa, (c) 200 kPa

When the curves for e, = 0.55 are examined, it is seen that greater effective principal stress
ratios are obtained for 50 kPa and that this effect gradually decreases with increasing

confining pressure.
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Figure 5.14. Principal stress ratio - Axial strain relationship for triaxial (e, = 0.55): (a)

50 kPa, (b) 100 kPa, (C) 200 kPa

As a function of normal stress, reinforcements' effect on these curves decreases with the
increasing confining pressure. The main reason for this is that friction emerging with the

reinforcement-grain relationship remained lower compared to the grain-grain relationship.

Figure 5.15 shows effective principal stress ratio-axial strain curves belonging to the

unreinforced and reinforced samples prepared (e, = 0.60) in loose density.
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With the increase in the initial void ratio, effective principal stress ratios of the

reinforced and unreinforced soils decreased compared to the above situations with less voids.
This decrease has been seen to be more in the greatest effective stress ratios compared to the
effective critical stress ratios. But, in the case of the reinforcements, this effect affected the
low effective confining pressures (50 kPa) more as a function of the greatest effective stress
ratios. On the other hand, 50 kPa when examining the effect of effective confining pressure
on the reinforcements, normalized greatest (t,,/o;) and critical (z.s/0;) stress ratios were

found to be incremented in ratios of 1.138 and 1.123 ratios, respectively.
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Figure 5.15. Principal stress ratio - Axial strain relationship for triaxial (e, = 0.60): (a)

50 kPa, (b) 100 kPa, (c) 200 kPa

Figure 5.16 shows the curves belonging to the effective principal stress ratio-axial
strain relationship of the loosely packed sands (e, = 0.65). With the increasing void ratio,
greater strains have required the decrease in the necessary level of void ratio for the failure
of grain sequences. Reinforcements increased this strain level that is necessary for failure as

seen in the below figures.
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Figure 5.16. Principal stress ratio - Axial strain relationship for triaxial (e, = 0.65): (a)

50 kPa, (b) 100 kPa, (c) 200 kPa

When these relationships are taken as an effective stress angle parameter, it is seen that grains

lose less energy in the failure locations under the smaller confining pressures.

As detailed in Part 4.4.2, triaxial tests are used in the measurement of the shear
strength of the soils due to their various benefits. Arteaga (1989) who searched the effect of

reinforcements on the strength properties of soils observed that the triaxial test method both
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represents the reinforced soils better and provides more significant results. This situation has
been realized by many researchers and the effect of reinforcements on shear strength or other

mechanical properties of the soil was researched with the triaxial tests.

The aim of the study was the comparative analysis of the shear strength for the
various strain modes, that is why the concept of effective stress ratio was used instead of the
effective principal stress in the analysis of triaxial tests. The relationship between the peak
(tp/0¢) and critical effective strain ratio (z.s/0;) as a function of effective normal stress
(o¢), initial void ratio (ey) and volume reinforcement (vy) concentration are shown as three-
dimensional images in Fig. 5.17 and Fig. 5.18, respectively. Figure 5.16 presents that the
peak effective stress ratios are within the ranges given in the previous section for the quartz
sand. Images in the Figure 5.17a, Figure 5.17b, and Figure 5.17c in which g, is taken as a
parameter indicate that increasing the confining pressure four times the e, = 0.50 caused
the decreased ratio of 7,, /o, value to be 1.071 for unreinforced state and 1.087 for reinforced
state. This ratio decreases for both states in case of the higher void ratios. The main reason
for this is that strength depends on the rolling resistance created by grains' pushing each
other due to increasing void ratio's forcing grains to move towards the shearing orientation.
Terzaghi et al. (1996) state that this resistance has quite a limited friction angle like only 5 —
6 degrees. Figure 5.17d and Figure 5.18e show that reinforcements are taken as a parameter.
Figures show that reinforcement contributes to the strength for each of the e, and o;.. This is
because reinforcement material placed in the soil decreases the movement capacity of the
grains according to themselves and causes better geometrical interference and so improves
mechanical properties. The contribution of reinforcement to the strength is understood better
when evaluated as in Figure 5.17f e, and within the scope of the grain-reinforcement

relationship as the common function of g; as mentioned above.

Figure 5.18 presents the relationship of the parameters belonging to the critical
effective state with confining pressure (o¢), initial void ratio (eo), and reinforcement (vy).
Strenght properties of the sands in the critical state are theoretically provided with kinetical
friction, pushing and rearrangement friction. This situation indicates that obtained 7.,/d/
values will be within a narrow bandwidth. This study indicated that reinforcements increased

this bandwidth range in the ratio of 1.06 for triaxial tests. This much increase happens in
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very low reinforcement concentration reveals itself as a kinematic strain hardening
depending on the higher reinforcement concentration or properties of the reinforcement

material in various orientations.

Figure 5.18a, Figure 5.18b, and Figure 5.18c’de o, shows the effect of the chosen
parameter 7.;/o. on void ratio and reinforcement. For the unreinforced and reinforced state,
the greatest 7.,/0. values were reached in the low confining pressures for the low initial
void ratio. When the effect of reinforcements on the t./a; were examined, e, was found to
be more effective than o.. Undoubtedly, this situation is directly related to the resistance
forces emerging within the grains of the reinforcement in the composite exposed to strain.
Another significant matter is that z.;/a; the stress range 7, /o, showed in Figure 5.18d and
Figure 5.18f for unreinforced and reinforced states, respectively had a very low level of
change when compared to Figure 5.17d and Figure 5.17f drew in the same scale. The

mechanism mentioned above is the fundamental reason for this phenomenon.

Testing of strength and strain properties of the reinforced soils for various drainage
or loading conditions with the triaxial method is common due to the aforementioned
methods. The use of this test method becomes more critical both to ensure enough
reinforcement orientation and to develop a more effective relationship with sand matrix
especially when discrete random distributed macro or microfiber geosynthetics. In
accordance with the ultimate aim of this thesis study, enough information has been given
here. Researchers who are interested in the subject can benefit from the Gray and Al-Refeali
(1986), Maher and Gray (1990), Ranjan et al., (1996), Michalowski and Zhao (1996),
Zornberg (2002), Michalowski and Cermak (2002, 2003), Consoli et al., (2007), Diambra et
al., (2010), dos Santos et al, (2010), Diambra and Ibraim (2015) et al. which used triaxial

test for the more comprehensive study.
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Figure 5.17. Effect of effective cell pressure (¢/), initial void ratio (e,) and volumetric
reinforcement concentration (vy) on the peak effective stress ratio for the triaxial tests
(tp/0¢): (@) o = 50 kPa, vs-ey, (b) o, = 100 kPa, vs-e, (C) o; = 200 kPa, vs-e, (d)
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Figure 5.18. Effect of effective cell pressure (¢/), initial void ratio (e,) and volumetric
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5.3.2. Shear strength parameters

Triaxial experiment is a preferable method in obtaining shear strength parameters
due to its superiorities mentioned in Chapter 4. In fact, this method has widely been used in
the general diagrams of the frictional angels of soils (e.g., Meyerhof, 1956; Means and
Parcher, 1963; Terzaghi and Peck, 1967; Peck et al., 1974; Schmertmann, 1978; Villet and
Mitchell, 1981; NAVFAC, 1982). In the first chapter, the results of the peak and critical
effective frictional angles and in the last chapter, the results of cohesion parameter have been

comparatively analyzed for both unreinforced and reinforced states.

Results regarding the relation between the peak effective internal friction angle,
confining pressure (o) and initial void ratio (e,) were given in Figure 5.19. In the triaxial
experiment, since the particles tend to volumetric strain instead of interlocking, the

difference between the greatest and lowest (¢,,) values were found as 10° in unreinforced

state, and 11" in reinforced state. This difference is significant due to showing that the
presence of reinforcement has a greater effect on the peak effective frictional angle compared
to critical state. This is despite the well-known fact that the presence of reinforcement limits
the reorientation of the particles after peak. In spite of the fact that a very low reinforcement
concentration was used in the thesis, its great effect on ¢,, value shows a better operation of
reinforcement and sand combination in the triaxial tests. This effect is observed to be higher
with the increase in void ratio and decrease in the effective confining pressure. The main
reason for this is that the particles are initially far from each other in the loose samples and
that they are forced to work together by laying a bridge between them with the help of
reinforcement. There is no need to such a reaction in conditions where the void ratio is low,

therefore the contribution of reinforcement to strength remains limited.

Results regarding the effective critical state frictional angle are given in Figure 5.20.
Since the triaxial experiment has a limited capacity, it is very difficult for the principal stress
difference to touch the critical band (particularly in the presence of reinforcement).
Experiment results show that the critical state that is thought to be independent from the
initial void ratio is critically affected by the friction angle in the presence of reinforcement.
The main reason for this is that the reinforcement orientation is not completed on the plane

of failure.
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Figure 5.19. The effect of effective all around pressure (o;), initial void ratio (e,) and
volumetric reinforcement concentration (vf) on the effective peak friction angle (¢,) for
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Figure 5.21 shows the experiment results regarding the effective cohesion parameter
(c). As seen from the figures, while ¢’ value is in low level in the unreinforced states, its
contribution increases in the presence of reinforcement. This increase is related to the
electrostatic forces between the particles and the membrane surfaces. Bringing in the
cohesion property to the sands taking its strength from friction has been a popular research
topic these days. In fact, while geosynthetic and pozzolana materials had been commonly
used in the past, today, biological living things such as bacteria, microbes, algae are being

used for the purpose of cementation.
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Figure 5.21. The effect of initial void ratio (e,) and volumetric reinforcement concentration

(v¢) on cohesion parameter (c’) in triaxial tests: (a) vg-eq, (b) vg
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5.3.3. Volumetric strains

Triaxial tests are generally preferred to measure the volumetric strain of the soils
more accurately. This is because the amount of water entering and leaving the sample in
triaxial tests is a measure of volumetric strains. This feature is the main reason for choosing
this method in the theoretical (Bishop, 1954; Rowe, 1962; Schofield and Wroth, 1968) or
experimental (Roscoe, 1970; Bolton, 1986; Collins et al., 1992) examination of the stress-
dilation relationships of soils.

Volumetric strain curves obtained from triaxial tests are shown in Figure 5.22. When
the curves are examined, it is seen that the volumetric strains for both the reinforced and
unreinforced states vary significantly as a function of the void ratio and confining pressure.
Undoubtedly, this finding is important in terms of being the cause of the effects of the void
ratio and confining pressure on the shear strength parameters. The difference between the
initial contraction levels is related to the different initial positions of the grains. The main
thing here is to see that the necessary mechanical energy that passes the grains into the
dilation phase is a measure of the strength and strain characteristics of the soils.
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Figure 5.22. Volumetric strain curves obtained from triaxial tests
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5.4. Ring Shear Test Results

Ring shear test is a significant shearing test used in the examination of the shear
strength and stress-strain behaviors of the soils. What is making significant this test is that
even though the limited strain levels of the other laboratory tests, it is possible to reach a
nearly limitless level of strain, and therefore it can reach the permanent strength parameters
of the soils in a certain approximation. Part 4 includes detailed information regarding the
relevant test method.

The ring shear test required the continuous improvement of the shear parameters by
eliminating the hardships such as wall friction, potential soil extrusion, nonuniform stress,
and strain distribution (Scarlett and Todd, 1969; Stark and Eid, 1993; Tika et al., 1996).
Meehan et al. (2007) state that the above-mentioned inadequacies will be minimized by
using the Bromhead type of the modified bronze porous torsion beam. Due to the superiority
to other test tools, Meehan et al. (2007) used the ring shear test tool on the suggested level.
Shear strength parameters belonging to the test method are obtained through Mohr-Coulomb
failure criteria relating any effective normal stress affecting any plane during failure (oy,) to

shear strength (1) (o, and t parameters' affecting any plane with its critical combination,

7y = f(0)).

Aiming to conduct a comparative analysis of the shear strength parameters with
various test methods, this thesis study used the empirical procedure chosen for the direct
shear and triaxial method for the ring shear test, as well. Accordingly, ring shear tests which
were explained in detail in Part 4 were performed in four different intensities from loose to
dense representing the unreinforced and reinforced density index, in three different effective
normal stress force loading, in a single volumetric reinforcement concentration and modified
Bromhead type ring shear test tool with bronze porous and torsion beam. To minimize the
effect of restrictive factors on the peak strength properties, the test sample was sheared in
two different angular strain rates until reaching the peak and after the peak. These strain rates
chosen for the ring shear tests in the analysis of unreinforced and reinforced sands were
compatible with the Novosad (1964), Hunger and Morgenstern (1984), Sassa (2000) studies.
Isometrical and rounded to subrounded shaped clean standard sand were used for matrix and

macro fiber with discrete structure was chosen as a reinforcement. This study performed 45
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ring shear tests for the unreinforced samples and 63 for the fiber-reinforced composite

samples, 108 in total.

In this section where the results of the ring shear test method presented, in the first
part the shearing strength properties in the continuation volumetric strains were discussed

and comparative analysis were conducted.
5.4.1. Stress-strain relationship

Failure of the sands in the ring shear method is defined with stress ratio normalized
with effective normal stress and strain level in which the sample has been failed or shearing
stress has been constant. Ring shear test is a kind of direct shear test, which is why the
effective stress ratio concept chosen due to its advantage in the direct shear test (z/a,,) has
been used for this method.

Figure 5.23 presents stress displacement/strain curves belonging to the densely
packed (e, = 0.50), unreinforced, and reinforced composites (o, = 50,100,200 kPa)
under the effect of three different normal stress. Effective stress ratio-shear
displacement/strain curves are similar to the curves obtained from direct shear and three
axial test methods. What is making this similarity different is the scaling effect causing
displacement levels to reach to 1m. Of the related figures, the peak t/a,, is seen for both
unreinforced and reinforced state and the lowest g, is seen in the (50 kPa). This situation is
due to the friction's emerging between the surfaces due to the two-dimension resistance
grains shown in the constant cross-sectional area and the geometrical interference's being

inversely proportional with the increasing o, . Another factor drawing attention in the
figures is the difference in the Tcs/o-r: values occurring in the critical strength area. The
reason for this is the sand extrusion out of the ring shear box as a result of the angle increasing
shear strain rate after the obtained 7, /a,: value. With the extrusion of sand, grains on the
shear band try to redirect. Thus, stress occurs in the wall surfaces and at the center. This
mechanism is the indicator of the material out to be continued. Especially, in the case of

reinforcements, this effect is clearly seen to be more as understood from the figures.
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Figure 5.24 presents (e, = 0.55) effective stress ratio-shear displacement/strain
relationships belonging to the medium sands. When examined the effect of o,, for reinforced

and unreinforced samples grains were found to be more sensitive to the o,, as a result of the

decreasing energy losses.
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Figure 5.23. The stress ratio - Shear displacement relationship for ring shear (e, = 0.50):
(@) 50 kPa, (b) 100 kPa, (c) 200 kPa

When examining the behavior after peak, the change in the effective stress ratio was seen to

be more limited compared to e, = 0.50 in the increasing void ratio.
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Figure 5.24. The stress ratio - Shear displacement relationship for ring shear (e, = 0.55):

(a) 50 kPa, (b) 100 kPa, (c) 200 kPa
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Figure 5.25 shows the effective stress ratio-shear displacement/strain curves in
loosely packed (e, = 0.60) unreinforced and reinforced samples. With the effect of
increasing the initial void ratio, the contribution of reinforcement to the strength had been

more even though lower 7,, /o, and 7.,/ gy, ratios were obtained for the densely and medium
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packed samples. The reason for this is that loose samples work better with materials to create
this kind of tensile stress for reaching a denser form. Therefore, grains closing each other
create a denser structure based on their previous subjects and necessary shear strength for
the failure. Undoubtedly, this situation is the desired thing in the improvement of strength

properties of the loose sands, especially liquefaction.
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Figure 5.25. The stress ratio - Shear displacement relationship for ring shear (e, = 0.60):
(a) 50 kPa, (b) 100 kPa, (c) 200 kPa

Figure 5.26 shows the effective stress ratio-shear displacement/strain curves obtained
under the drained conditions of the very loose samples prepared in the high sample ratio

such as ey = 0.65.
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Figure 5.26. The stress ratio - Shear displacement relationship for ring shear (e, = 0.65):

(a) 50 kPa, (b) 100 kPa, (c) 200 kPa
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As seen from the figures, strength loss after the peak in very loose samples remained
limited compared to the other void ratios. In this relationship in the definitions of the failure,
related curves increased to a critical level in a parabolic way. Another critical condition

drawing attention is that the change in the stress ratio is limited compared to the samples
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with less voids. Another significant comment to be made is that change in the reinforcement
orientations limits the contribution of the reinforcement to the strength. The mechanism of

this significant situation will be explained in detail in the next part.

The relationship between the peak (z,/0y) and critical state effective stress ratio
(t.s/0y) as a function of effective normal stress (ay,), initial void ratio (e,) and volumetric
reinforcement concentration (vy) are shown in Figure 5.27 and Figure 5.28, respectively.
Graphics in Figure 5.27a, 5.27b, and 5.27c are scaled in the same range for the understanding
of the effect of g, on 7, /5. Accordingly, increase in gy, causes to decrease the contribution
of 7,,/0, and vy to the strength, increase in e, causes 7,/a, to decrease, however, the
contribution of the v, to the strength increased (Figure 5.27d, Figure 5.27e, Figure 5.27f).
The reason for this is that grains limited in the ring reservoir such as ring shear are about the
work they did against the effective normal stress for displacement. The presence of

reinforcement increases the loss of energy.

For obtaining the critical state effective stress ratios (z./a,,), Samples are sheared
until the 1m shear displacement. Even though these displacement values for the sands are
too high, the main aim here is to find out the effect of the reinforcement on the greatest strain
levels. As a result of the study, reinforcement orientation is seen in accordance with the
cross-sectional area in the very big shear strains. This situation caused the contribution of
the reinforcement 7.4/a, to remain at limited levels. Another significant thing is that its
effect of o, and e, on 7., /0,, and vy, values remain less (Figure 5.28d, Figure 5.28e, Figure
5.28f). This result is due to the fact that grains (plates) such as clays for obtaining the critical

stress ratios of the sands do not need vertical-parallel locations.

Ring shear test is a significant shearing test representing many geotechnical practices
and having an increasing significance in the laboratories. This thesis study includes empirical
comparison; therefore, it will not give any more detailed information about the ring shear
test results. Researchers interested in the subject can benefit from Negussey (1989), Consoli,
et al., (2005, 2007), Heineck et al., (2005), et al. for further research.
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Figure 5.27. Effect of effective normal stress (a,,), initial void ratio (e,) and volumetric
reinforcement concentration (vy) on the peak effective stress ratio for the ring shear tests
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Figure 5.28. Effect of effective normal stress (ay,), initial void ratio (e,) and volumetric
reinforcement concentration (vy) on the critical effective stress ratio for the ring shear tests
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5.4.2. Shear strength parameters

Ring shear test is another significant test used in determining the shear strength
properties of soils. The devices used in this test are arranged in different orders depending
on the definition of the plane of failure (e.g., Bishop et al., 1971; Bromhead, 1979;
Sadrekarimi and Olson, 2009). Significant differences have been observed in the shear
strength tests conducted with differently ordered devices on the same surface. Particularly
for surfaces cohesionless such as sand which obtains its strength from friction and of which

the peak effective friction angle varies widely, the subject becomes more critical.

Figure 5.29 shows the results of the peak effective friction angle (¢,) for
unreinforced and reinforced states. It is seen that (¢b,) is high where the initial void ratio is
low, and that it exponentially decreases when the initial void ratio increases. The reason for
this is that the ring shear method is extremely sensitive to geometrical interference. When
the effect of effective normal stress (a,,) to ¢, is examined, around 13° — 14° scattering was
observed. The magnitude of the scattering may be considered as evidence to the situation
explained above. In studies where the presence of reinforcement increases the strength in all
values of e,, the greatest increase has been observed in the great values of e,. Another
significant aspect is that the ring shear tests have reached high ¢, values even in low

reinforcement concentrations.

Figure 5.30 shows the friction angle (¢/,) of the effective critical state demonstrated
with 3-D surfaces in different spaces and the increase rates of reinforcement to strength (vy,.).
Due to the high displacement capacity of the ring shear device, it was observed that the effect
of void ratio and effective normal stress on ¢/, remained very limited. The reason for this is
the fact that the particles were able to reach the strain levels they needed to reposition in
critical state. When the presence of reinforcement is examined, it was observed that its
contribution to strength remained limited (Figure 5.31). The reason for this is that particle-
particle studies remain at low levels in large strains and that the reinforcement reaches

undesired orientation positions.
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Figure 5.29. Effect of effective normal stress (ay,), initial void ratio (e,) and volumetric
reinforcement concentration (vy) on the peak effective friction angle (¢,,) for ring shear tests:
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Figure 5.31 shows the ring shear test results for the effective cohesion term which is
another shear strength parameter of soils. As so in the direct shear and triaxial tests, the
effective cohesion strength which remained at low levels in unreinforced states showed a
slight increase in the presence of reinforcement. The reason why the increase rate remains
moderate is the limited occurrence of surface tension forces in dry and saturated samples.
The main topic of discussion here is the unclarity whether the effect of the fiber
reinforcement on the shear strength should be measured by cohesion or the friction angle.
Discussions regarding the use of apparent cohesion in cohesionless soils for design purposes
are presented in the next chapter.

C(kPa)

(b)
Figure 5.31. Effect of initial void ratio (e,) and volumetric reinforcement concentration (vy),

on cohesion parameter (c') in ring shear tests: (a) v¢-eq, (b) vg,
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5.4.3. Volumetric strains

Volumetric strains of the soils are managed by a complex mechanism involving
random displacements of the grains on the shear band. This mechanism is directly related to
the physical and mechanical properties of the soil as well as the environmental factors to
which it is exposed. For this reason, volumetric change curves should be considered as an

analogy of stress-strain curves.

Volumetric changes can be achieved for any desired strain level with ring shear tests
with large shear displacement capacities. It is important to take into account some of the
limiting features of ring shear tests (e.g., soil extrusion) in order to accurately monitor these
changes. Volumetric strain curves obtained from ring shear tests are shown in Figure 5.32.
From the curves, the void ratio and normal stress have a significant effect on volumetric
strain. On the other hand, it is seen that the presence of reinforcement reduces contraction
and increases dilation. Finally, the important issue that attracts attention is the effect of the
strain rate, which is increased a hundred times in ring shear tests after the peak, on the
dilation.
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Figure 5.32. Volumetric strain curves obtained from ring shear tests
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5.5. Comparative Analysis of Direct Shear, Triaxial and Ring Shear Test Methods

A soil must maintain the stability and deformation conditions under the effect of the
loads it is subject to. Stability condition is related to the preservation of its stability as the
result of load, and deformation condition is related to the pre failure condition of the soil and
deformation not exceeding certain limits. For the examination of both situations, it is

essential that the shear strength parameters of the related soil are very well known.

Analyzing the problems faced with regard to soil mechanics by only one experiment
method is not possible. The main reason is the unique structure of the soil which is composed
of different fractions, its relation with water, loading and deformation conditions it is subject
to and the difference of the failure mechanism. Shear strength parameters of soils are
measured by various methods working with different principles. Selection of the accurate
deformation mode is possible by the true representation of the possible failure mechanism
in the lab. In this study, methods of direct shear, triaxial and ring shear which are commonly
applied in the measurement of engineering properties of the soils were used. In the chapter,
comparative analysis results of the shear strength parameters of the soils, volumetric

deformation parameters, and other issues were presented, respectively.

5.5.1. Shear strength parameters

In cohesionless soils, the shear strength is controlled by the friction that arise between
the particles. The term friction defined has been explained on a macro level until this chapter.
However, a micro level examination is also required in order to understand the frictional

behavior of particles.

Hertz (1881) explained the surface potential occurred in the contact areas of
deformable solids by examining the subject at micro level, hence he has been the pioneer of
contact mechanics. Hertz suggested that the true contact areas of solids did not increase in a
linear proportion with the increase in the load applied (N) and stated that the increase in the
contact areas was a force function (f¥)?/2 of the load. Thus, it was concluded that the
friction coefficient partially decreased with the increase in the normal stress. The theory was

developed for the definition of contract surfaces in different orders, the concept of adhesion
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etc., for plastic (Bowden and Tabor, 1950, 1964) and elastic deformation states (Archard,
1953, 1957; Lodge and Howell, 1954) in order to make friction mechanism more
understandable. Wider information related to the subject may be reached from sources
related to tribology.

In his phenomenological criteria, Coulomb (1776) made an analogic assumption
between the shear friction of solids and the internal friction of soils. This analogy, as
explained in Chapter 3, is also valid for the term cohesion. In the first part of the chapter,
experiment results regarding the internal friction angle tested for different deformation
modes were provided, and following the chapter, experiment results related to cohesion term

were given and a comparative analysis of these results was made.

Shear strength of a soil for a normal stress is represented with an envelope. This
envelope of which the details have been mentioned in chapter 3 represents the functional
relation between the shear stress and normal stress during failure. Although many hypotheses
considering the common effect of this function were developed, Mohr-Coulomb failure
theory is commonly used in many geotechnical applications due to its benefits. Cernica
(1995) suggested that the failure on particularly cohesionless soils would be best explained
by Mohr failure theory. Mohr-Coulomb equation is the idealized linear function of the
curved Mohr failure envelope for a specific stress range encountered on the field. This
idealized representation is very useful for the simplification of the analysis with the first-
degree functions instead of high degree curves and obtaining accurate results in many
geotechnical problems. In Mohr-Coulomb theory, neglect of intermediate principal stress
(o, = 0) has a role in the linear idealization of failure envelope. The assumption that the
intermediate principal stress not having an effect on the failure of the soil is one of the
reasons why the theory is widely accepted. For cohesionless soils, the curvature of the failure
envelope is due to the repositioning of the particles during the deformation and the particle
deformation that occurs under the effect of the normal stress forces. Since the shear strength
angle (¢") decreases with normal stress, it is not constant. Therefore, taking the curvilinear
envelope as an approximate straight line would lead to a (¢p") value above the predicted safe
stress interval. Another important example explaining the situation is the decrease in (¢")
value with the increase in the depth of soil layer and confining pressure, hence the occurrence

of deep failure surfaces which is more critical for geotechnical applications (e.g., deep
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foundations, embankment dams). Stress values of pile tips and dam foundations reaching of
7 MPa is another evidence that shows the importance of the accurate definition of failure

envelope.

Although Bolton (1986) and Terzaghi et al. (1996) suggested that it would be
appropriate to use the secant friction angle (¢.) for the idealized curved failure envelope in
cohesionless soils (¢’ = 0), certain researchers (Berezantsev and Kovalov, 1968; Baligh,
1976; Duncan et al., 1980; Maksimovi¢, 1989; Ueno, 2001; Baker, 2004) suggested that this
approach would lead to over predictions and that using different parameters to define this
expression would lead to more consistent results. In this study, secant and tangent friction
angles were used as friction terms for both the peak and the critical state (due to being
consistent with the selected surface type and stress range).

It is accepted that the curve of the failure envelope represents the effective friction
angle (¢"), and t axis represents the effective cohesion (c’). ¢’ is the angle between the
failure envelope and the horizontal line. In geotechnical applications, this parameter is
defined separately for peak and critical state depending on the soil strain. ¢, which is
defined as the arctangent of the friction coefficient between the particles is controlled with
shear strength on cohesionless soils. In these types of soils; shear strength is defined with
the total strength including the strength deriving from the friction between the particle
surfaces and the effect of geometrical interference preventing the relative movement of the

particles. Accordingly, effective peak friction angle (¢,) was defined in Equation 5.1, and

effective critical state friction angle (¢/) was defined in Equation 5.2, as follows:

bp = bp + Pa + Per (5.1

bes = P+ er (5.2)

Here; interparticle sliding friction: ¢,,, dilation or particle climbing: ¢, particle pushing and
rearrangement: ¢/,. The peak tangent obtained from each experiment method was compared
with the typical effective peak friction angle ranges reproduced for granular materials
(Figure 5.33).
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Figure 5.33. Comparison of effective friction angles with the general diagrams reproduced
by triaxial method for typical intervals: (a) Hough (1957), (b) Means and Parcher (1963), (c)
Terzaghi and Peck (1967), (d) Schmertmann (1978), (e) NAVFAC (1982), (f) Holtz et al.,
(2011)

When diagrams in Figure 5.33 are examined, it is seen that the peak effective friction
angles obtained for direct shear, triaxial and ring shear tests are positioned within the related
intervals. This result shows that the general ranges defined in literature are valid to a certain
approach and is significant in terms of proving the consistency of the experiment results
obtained. For each of the three methods, it was observed that the friction angles were close
to each other in samples that were loosely packed and were positioned within the ranges
defined for clean sand in the related diagrams. The geometrical interference contribution
which increases with the decrease in the void ratio led to scatters in the friction angles
obtained for direct shear, triaxial and ring shear tests. In these diagrams that were formed
with the data of triaxial method, scatters of different methods are normal. Furthermore, when
these diagrams are used for different experiment methods, clean sand material can
occasionally be included in the pebble stone group. Therefore, these kinds of diagrams must
only be used for appropriate experiment method, experiment condition (drainage, stress, etc.)
and material properties and for control purposes. Another important point to mention is that,
during the formation of these diagrams, the material factor (mechanical, index, etc.),
definition of friction angles (secant or tangent) and the stress ranges have several

uncertainties.

Shear strength parameters were examined separately for each test method in the
previous section. Comparative analyses of the parameters of these analyses are performed in
this section. Figure 5.34 shows the peak shear strength envelopes of reinforced and
unreinforced samples for various test methods and void ratios. When the figures are
analyzed, it is clear that the ring shear test produces greater effective shear strength angles
for all void ratios. The difference between the test methods became more apparent as
volumetric strain capacity increased with decreasing void ratio. Due to the limited
deformation capabilities of the samples, the shear strength angles were relatively close to
each other as the void ratio increased. However, composite samples must be evaluated on a

separate basis.
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Figure 5.34. Peak shear strength failure envelopes for various initial void ratios: (a) e, =
0.50, (b) e, = 0.55, (c) e, = 0.60, and (d) e, = 0.65
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The failure envelopes of the densely packed (e, = 0.50) samples are shown in Figure
5.34a. As can be observed, the ring shear test has the greatest effective friction angle and the
least in the triaxial test (¢p;s > ¢,s > Piy). This correlation is valid in reinforced states. At
this void ratio, where the grains are practically entirely interlocked at the start, the samples
reach their peak under very minor strain. As a result, at this limited strain level, the energy
spent on soil mass failure and the volumetric reaction of the soil mass to failure are the
primary determinants of the effective friction angle. Within these principles, the effective
peak friction angles of the direct shear and triaxial tests are found to be ¢/;— ¢r, > 1.3".
Given the volumetric strain capacities of direct shear and triaxial testing, this difference is
estimated to be greater than 2° in the densest order. The reason for this is that the triaxial
method has poorer resistance to volumetric strains than other test methods. This result is
consistent with the findings of Taylor (1939), Bishop (1954), and Rowe (1969), the primary
studies on the subject. When the correlation between the direct shear test and the ring shear
test is examined, it is found to be ¢;s— ¢ > 1°. Because both experiments are a form of
plane strain test, this result is expected. Although the grains have considerable mobility in
the shear band in the direct shear method, the fact that only two-dimensional motion is forced
in the ring shear test is usually the cause of this outcome. When the results of ring shear and
the triaxial tests are compared, the difference is greater than ¢,.— ¢, > 2.3". This outcome
is the result of the boundary conditions linked with the grains' ability to move against

deformation.

When the effect of the presence of reinforcement on the results of the experimental
methods was investigated, interesting results were achieved. Accordingly, it has been found
that sand and fiber function more successfully in triaxial tests and contribute more to strength
than other methods. As a result, the effective peak friction angle differences reported for the
unreinforced condition have decreased. This is because the fiber orientation is better in the
triaxial test, and the sand matrix and fiber reinforcement produce a more compact structure
as a result of the experiment's structure. The effect of reinforcement on strength remained

constant in direct shear and ring shear tests, both of which are types of plane strain tests.
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The failure envelopes of the medium-densely packed (e, = 0.55) samples are shown
in Figure 5.34b. While the inclinations of the envelopes belonging to the triaxial and direct
shear methods are near to each other in the figure, the inclination is slightly larger in ring
shear. The close proximity of the slopes compared to the denser position is due to the low
level of dilation effect at this level. Accordingly, the tangent friction angles of the ring shear
and the triaxial method stayed at the ¢;.,— ¢, > 1.7 level. This difference is greater than

2° under low stresses. This will be discussed in more detail in the following sections.

When the presence of reinforcement is investigated, it is observed that its
contribution to the triaxial method is greater. As a result, a significant result was attained, as
the difference between the triaxial and other shear tests in the unreinforced condition
decreased by an average of 1.20 in the reinforced state. When the effect of the presence of
reinforcement is compared, it is shown that the difference between direct shear and ring
shear tests decreased by 1.06 in favor of direct shear. Another significant conclusion is that

the role of reinforcement to strength is greater in comparison to e, = 0.50.

The failure envelopes of the loosely packed (e, = 0.60) samples are shown in Figure
5.34c. The effective friction angles obtained from direct shear and triaxial tests were found
to be relatively similar to each other, in contrast to the earlier more densely packed void
ratios. These two tests yielded about 1.10" higher effective friction angle results in the ring
shear test (¢r.s > ¢,s = ¢i,)- The reason for having nearly the same effective friction angle
as the triaxial method for loosely packed sands in direct shear, a type of plane strain test, is

due to the initial strain conditions.

In the reinforced samples, on the other hand, a greater friction angle was obtained in
the triaxial method than direct shear. When the triaxial test compared with the ring shear
method, although it has a less effective friction angle, it has been observed that the difference
between them decrease by 1.40 compared to the unreinforced condition in the presence of
reinforcement. This result is significant in terms of demonstrating the various effects of the

presence of reinforcement on the test methods.

Figure 5.34d shows the failure envelopes of very loosely packed (e, = 0.65)

samples. According to the test results, ring shear produced the highest effective friction
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angle, whereas direct shear produced the lowest ( ¢,.s > ¢7, > ¢, ). This can be interpreted
as the experimental boundary conditions of the direct shear method. Sand grains are far apart
in very loose state. For methods with limited deformation capacity, such as direct shear, it is
extremely difficult for these grains to come together with sufficient distortion to generate
dilation, which contributes to strength. Furthermore, under shear strain, a suitable level and
conditions for interlocking cannot be attained in a very loose condition since some of the
sample tries to contract and the other part to pressure. Therefore, lower strength values are
generally obtained in the direct shear method for very loose sands. This finding is compatible
with the findings of Taylor (1939), Nash (1953), and Rowe (1969). The difference between

direct shear and ring shear methods for this void ratio is about 1 °.

The difference between the triaxial method and the ring shear method has decreased
significantly in the presence of reinforcement. The explanation for this is that fiber
reinforcing improves performance by forming a kind of link between sand grains that are far
from each other. They do not, however, require reinforcement to form a connection between
densely packed sand grains. At these levels, the effect of reinforcement on enhancing the
ductility of the soils is more important than its contribution to strength.

The critical state shear strength envelopes of reinforced and unreinforced specimens
for various test methods and void ratios are shown in Figure 5.35. When the figures are
reviewed, it is clear that the ring shear method produces the smallest critical state effective
friction angles for all void ratios. Although it is known that the critical state friction angle is
independent of the initial void ratio, it has been observed that this phenomenon affects
triaxial and direct shear tests with very restricted strain capabilities. A similar situation was
seen for the reinforced case, and the strain softening process was observed to increase after
peaking. This scenario is directly related to the fact that reinforcing improves the ductility

of composite samples.
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Figure 5.35. Critical shear strength failure envelopes for various initial void ratios: (a) e, =
0.50, (b) e, = 0.55, (c) e, = 0.60, and (d) e, = 0.65
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When the strain levels of sands of any density become large enough, their stress
comes into contact with a permanent band. There is no volume change in the soil in this
situation, and the stress value goes towards to a critical value. Although the orientation of
the plates in fine-grained soils explains this condition, what is in granular soils is the stable
settlement of the granular soils in the shear band. The concept of critical state is important
for both sands and fine-grained soils. This concept is critical for applications such as fillings
with a high sand percentage, earth-fill dams, slopes, and so on, as well as very large
deformations and post-liquefaction stabilization analyses.

Figure 5.35 shows the critical state friction angles acquired using various test
methods. As seen in the figures, the triaxial test produced the greatest effective critical state
friction angle, while the ring shear test produced the lowest. This scenario can be interpreted
as the fact that the strength of this phenomenon, the components of which are given in
Equation 5.2, is primarily governed by the shape and mechanical properties of the grain and
remains constant when evaluated under insufficient deformations. In direct shear and triaxial
tests, this characteristic was approximately 1° for different void ratios. However, in the ring
shear experiment, this change stayed at a low level. This is due to the fact that ring shear
allows for nearly infinite deformation. The small differences in the ring shear test findings
can be attributed to the final void ratio in the shear band and the non-uniform stress
distribution in the band as a result of variability between the reinforced and unreinforced
conditions. The triaxial test contributed the most to strength in the presence of reinforcement,
as well as in the peak state. This is owing to the fact that the reinforcement in the triaxial test
method can have varied orientations during sample preparation, and the softening is highly
limited to the critical value after the peak because of the limited deformation capacity.
However, at large deformations, the reinforcements in the shear bands are typically
positioned horizontally in the ring shear test. Therefore, the contribution of these
horizontally positioned shear-direction reinforcements to strength remains quite limited. In
light of all of this data, the critical state friction angles determined by ring shear tests were
applied to the relevant sand. For unreinforced specimens, this angle was estimated as ¢.; =

30.50° while for reinforced specimens, it was obtained as ¢/ = 32.50°".

Figure 5.36 shows the effect of normal stress or confining pressure on the effective
peak and critical state friction angles. When observed from the figures, the values of the
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effective peak friction angles increase dramatically as normal or confining pressure
decreases. This increase was much greater for samples that were densely packed, which
contributed to more dilation. The suppression of dilation results in reduced friction angles as
stresses increase. This phenomenon is a research issue in and of itself, and its relationship

with the grain's friction coefficient at the micro level was detailed in the previous section.

The concept of average stress is applied in geotechnical applications, as explained in
Section 3.2. Although the "true contact area"” is considered in this concept's analysis, this
assumption is known as the positive bias for granular materials. This condition, which
happens in grain contact zones and leads to grain breakage in the majority of cases, is critical
for understanding the influence of stress differences. According to Holm (1941), Bowden
and Tabor (1964), and Greenwood and Williamson (1966), friction is not a material constant

and pioneering comparison analyses were done to elucidate the aforementioned phenomena.
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Figure 5.36. The following are the relationships between effective peak and critical friction

angles and density: (a) 50 kPa, (b) 100 kPa, and (c) 200 kPa
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As seen in Figure 5.36, the contribution of dilation to strength increases dramatically
as the void ratio decreases. The reason for this is that the grains are far apart in loosely
packed sands, the shear band changes that occur as they get closer to each other and stress
differences. In direct shear tests, for example, when displacements increase, the shear area
of the sample decreases, and some sample remains in the passive position. This situation
makes it questionable whether the loosely packed sand grains can come together and reach
the desired void ratio in the peak with increasing strain. However, because the sample
reaches the peak after only minor contraction in densely packed sands, the effect will be
restricted. Another notable feature of the figures is that, as compared to other test methods,
the change of the effective friction angles obtained from triaxial tests with increasing densely
is fairly limited. The reason for this can be interpreted as the sample's less resistance to
volumetric strains increasing with the decrease of the void ratio and geometrical interference

capacity of the sample.

When the influence of reinforcement on the sand matrix was investigated, it was
observed that reinforcement contributed to the strength of all test methods. This effect was
greater in the triaxial method, the reasons for which were discussed in the previous section.
As a result, when the figures are closely studied, the effective peak friction angles of the
direct shear and triaxial methods, which meet at a density index of 0.3 in the unreinforced
condition, only meet at a density index of 0.5 in the presence of reinforcement. Despite the
fact that the study utilized a very low reinforcement concentration, this result is quite
relevant. On the other hand, the presence of reinforcement has been found to have little effect
on the range of peak friction angles. This result can help determine whether the

reinforcement should be evaluated based on solid, void, or relative density.

One of the most controversial part of the subject is the variation of the critical state
effective friction angle with normal or confining pressure. Although some researchers claim
that stress has no effect on this angle (Negussey et al., 1988; Verdugo, 1992), others (Ponce
and Bell, 1971; Fukushima and Tatsuoka, 1984) have demonstrated that stress has an
influence on this angle. According to recent studies (Quinteros, 2014; Rousé, 2018), this
angle is particularly critical for normal or confining pressures below 50 kPa. The critical
state friction angle, as is well known, is independent of the initial void ratio. The ring shear
test achieved the lowest effective critical friction angle, as described in the previous section.
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In the direct shear and triaxial tests, this angle was shown to be greater than 1° degree.
Because the deformation capacities of the triaxial and direct shear methods are limited, it
has been observed that this angle is affected by the void ratio and normal stress. This angle
was shown to be independent of the initial void ratio and only partially independent of the
normal stress in ring shear tests. A comparison of the effective critical friction angles
obtained from direct shear, triaxial, and ring shear test methods with a large number of direct
shear and triaxial literature data are shown in Figure 5.37. The experimental results, as can

be seen, are consistent with the literature.
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Figure 5.37. Correlation of ¢/ with index properties for sands (Knappett and Craig, 2019)

When the influence of reinforcement on the effective critical friction angle is
investigated, we notice that it varies in a narrower range for all three stress levels than
without reinforcement. The reason for this is the effective action of the reinforcement with
the sand matrix under the effect of kinetic friction and grain rearrangement (or rolling) in the
critical state where there is no dilation. Another significant finding is that in the presence of
reinforcement, higher strain levels are required to achieve the critical state. When the
findings of the direct shear and triaxial methods are compared to the ring shear test, this

result is confirmed.
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One of the main aims of this thesis is to develop practical correlations between direct
shear, triaxial, and ring shear test methods. A wide range of standardized experimental data
were used for this purpose. Because plane strain conditions more reliably model field stress
conditions in many important geotechnical applications, correlations obtained from direct
shear, triaxial, and ring shear tests are associated with plane strain data in the following step,
and new correlations are obtained for each test method. When these correlations were

compared to the literature data, it was observed that the results were quite compatible.

Figure 5.38 shows the test results obtained using the direct shear and triaxial methods.
The analyses used a total of 84 standardized test data sets with varying initial void ratios and
stresses. Because the experimental practice of both methods is based on different principles,
the relationship between them cannot be expressed with a single coefficient. As a result,
depending on the test boundary conditions, triaxial friction angles were obtained in very
loose samples and greater effective friction angles were obtained in dense samples using the
direct shear method. The figure shows the reference line (¢;s = ¢¢,) that reflects this

relationship.
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Correlation analyses are used to determine whether there is a relationship between
two or more variables, as well as the direction, strength, and degree of variation of that
relationship. The correlation coefficient ( R) is used to measure the direction and strength of
the variables in these analyses, and the coefficient of determination (R?) is used to measure
how the variables change with each other. In brief, this expression is an estimate of co-

change based on variable relationships.

When Figure 5.38 is examined, it is clear that both variables are changing in the same
direction. This indicates a positive correlation relationship. When the variable distributions
are examined, it is observed that the correlation type is in the form of a linear function. In
correlation analysis, variables are represented by a variety of functions (e.g., linear,

logarithmic, exponential, power, polynomial).

When the standardized test results of the direct shear and triaxial methods were

anayzed following relationships were obtained:

$as = 1.24 ¢t — 8 (5.3)
&
dix =081 ¢, + 6.4 (5.4)

Kulhawy and Mayne (1990) derived a new plane strain-based relationship by
combining Rowe's (1962, 1969) theoretical expression with certain assumptions based on
stress-dilation  relationships ~ and  Bolton's  (1986)  equations  (tan ¢y, =
tan 1.12¢, cos ¢.). The association of this semi-theoretical relationship with the derived
equations is shown in Figure 5.39. The trigonometric relationship proposed by Kulhawy,
and Mayne (1990) is in accordance with the linear equation derived from direct shear and
triaxial test results, as shown in the figure. The difference between both equations is less
than 1° at high density (e, = 0.5). While making this comparison, keep in mind that one of
the most important studies on the subject, Kulhawy and Mayne (1990), has a semi-theoretical
relationship based on certain assumptions. The above practical equations, which were
derived in linear form using a large number of standardized experimental data, are also in

strong agreement with the theoretical relations.
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Figure 5.39. Comparison of the derived equation with the theoretical relations (¢ ;s & ¢rx)

Figure 5.40 shows the test results from the ring shear and triaxial methods. The
analyses used a total of 84 standardized test data sets with varying initial void ratios and
stresses. Because of the boundary conditions, the ring shear test has achieved higher values
than the triaxial test under all conditions. When the relationship between the variables was
investigated, it was observed that the correlation was positive and linear. Furthermore, the
coefficients indicating the strength of the correlation and the change between the variables

were obtained as 0.997 and 0.994, respectively. The figure shows the reference line (¢, =

The following linear relationships were obtained after analyzing the standardized test

(5.5)

(5.6)
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Figure 5.41 shows the test results obtained using the ring shear and direct shear

methods. The analyses used a total of 84 standardized test data sets with varying initial void

ratios and stresses. Because both methods are based on shearing a predetermined plane, the

experimental procedures are similar. As a result, the relationship between them could be

expressed using a single coefficient. In ring shear test, greater effective friction angles were

obtained for each density level than in direct shear tests. The figure shows the reference line

(¢pas = dir) that provides a better understanding of this relationship. The parameters of

correlation between the variables were R = 0.999 and R? = 0.998.

The following linear relationships were obtained after analyzing the standardized

test results of the ring shear and direct shear methods:

¢7"s = 1.03 ¢£is

&

Pas = 0.97 ¢y

(5.7)

(5.8)
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Figure 5.41. Maximum strength under ring shear and direct shear test (¢r.s & ¢ ;s)

In the literature, no relationship has been established between the ring shear test and
other laboratory tests for cohesionless soils such as sand. One of the main aims of this thesis

is to help eliminate the deficiency in this subject.

Plane strain tests take an important place among test methods because they more
accurately model field stress conditions in a wide range of important geotechnical
applications. In these tests, which allow only vertical and horizontal strains, lateral strain is
not permitted (theoretically, e, = 0). The intermediate principal stress can be measured with
a dimensionless coefficient (b = (a5 — 03)/(a; — 03)) or directly in this test method, which
has procedures similar to the triaxial method. This test method was extensively discussed in
the section on literature review. Researchers interested in this test method can find detailed
information from Wade (1963), Leussink and Wittke (1964), Henkel and Wade (1966), Al-
Hussaini (1967), Finn et al. (1967), Wightman (1967), Barden et al. 1969, Peters et al.
(1988), Alshibli et al. (2004), Wanatowski (2005), in addition to the studies presented in the

sand literature research section.
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The analysis and design parameters required in geotechnical applications are
generally obtained in laboratories by testing field samples. As a result, in the laboratory, an
accurate representation of the current stress and deformation conditions of the soil in the
field is critical. Although many geotechnical applications represent plane strain conditions,
the devices to perform these tests are few and expensive and are usually found in university
laboratories. As a result, for many cases, various relationships are used to transition from

strength parameters to plane strain of the triaxial and direct shear test methods.

Because of its advantages, triaxial test is commonly used in geotechnical
applications. Therefore, many relationships have been derived between the plane strain test
and similar principles. The intent of Figure 5.42 is to derive a linear relationship between
the most commonly used of these relationships. It is aimed that by using the effective friction
angles obtained from the triaxial test method, a linear relationship represented by a constant

factor can be established between a total of 462 variables.
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As a result, between the plane strain and the triaxial method, a linear equation with a

constant coefficient of ¢,; = 1.087 ¢, was obtained. In practice, the constant coefficient

can be set at 1.087 ~ 1.090:

(,'b{,s = 1.09 ¢, (5.9)
&
bix = 0.92 d){as (5.10)

Figure 5.43 shows that the above equations agree strongly with the experimental

results of Wanatowski and Chu (2007) when compared on the same basis (¢,s = a py).
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Figure 5.43. Maximum strength under plane strain and triaxial test (¢,s & ¢¢y)

Without doubt, direct shear is one of the most preferred test due to its practicality,
easy application, availability, and other significant advantages. Therefore, researchers have
placed a high value on its relationship with the plane strain experiment, and theoretical

relationships have been derived between them using various assumptions (Davis, 1968;
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Rowe, 1969 et al.). According to Hanna et al. (1987), these derived theoretical relationships
overestimate real-world experiments. This is, without doubt, to be expected for samples
sheared different types of bases. The derived theoretical relationships are explained in details

in the literature research section.

While associating plane strain and direct shear, the relationship of both tests with the
triaxial test was utilized. Therefore, combining Equations 5.4 and 5.10, the following

equations are obtained:

Pps = 0.88 P +7 (5.11)
&
Pas = 1.14 ¢ps — 8 (5.12)

The ring shear test with rotational shear kinematics overcomes the displacement
constraints of the laboratory tests. This test, which was previously used only to determine
the ultimate (residual) strength of fine-grained soils, is now being used with increasing
interest in testing various sand properties. One of the most important findings from our thesis
study is that standard laboratory tests are insufficient for determining the critical strengths
of sands. Ring shear tests can be used to solve this problem. Ring shear tests, on the other
hand, have been used in a limited number of cases to determine the effective peak friction
angles of sands. This is due to the same reason as described above for the plane strain test.
The relationships of both tests with the triaxial test were used to establish a relationship
between plane strain and ring shear tests, as in direct shear. Therefore, combining Equations

5.6 and 5.10, the following equations are obtained:

Pps = 0.87 prs + 6.4 (5.13)
&

¢rs = 115 pps — 7.4 (5.14)
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Table 5.1 shows the results of the direct shear, triaxial, ring shear, and plane strain

test methods.

Table 5.1. Internal friction angle relationships for direct shear, triaxial, ring shear, and plane

strain tests

Friction Angle (degrees)

Test Type
Direct shear Triaxial Ring shear Plane strain
Direct shear 1.00 ¢ 1.24 ¢}, — 8 0.97 ¢y 1.14 ¢p)s — 8
Triaxial 0.81 ¢, + 6.4 1.00 iy 0.80 ¢;5s + 5.9 0.92 ¢
Ring shear 1.03 ¢ 1.25¢pi — 74 1.00 ¢ys 1.15 ¢ps — 7.4
Plane strain 0.88 ¢, + 7 1.09 ¢y 0.87 ¢ys + 6.4 1.00 ¢y

Cohesion is another important parameter in determining soil shear strength. The fact
that the cohesion and internal friction angles of the same soil have different values under
different loading conditions indicates that these parameters are mathematical expressions
that represent the strength under different conditions rather than being an intrinsic property
of the soil. As a result, it is important to understand that these parameters have no physical
meaning. Cohesion cannot be mentioned in the case of sands that do not contain fine
material. Salgado (2006), on the other hand, interpreted the cohesion obtained from

laboratory tests for sands as a graphical fit parameter.

Some researchers have shown that the presence of reinforcement increases sand
cohesion (Nataraj and McManis, 1997; Romero, 2003; Diambra, 2010), while others have
found that it has no effect (Gray and Ohashi, 1983; Maher and Gray, 1990; Ranjan et al.,
1996). According to some researchers, the increased strength of sand with reinforcement is
due to cohesion rather than internal friction (di Prisco and Nova, 1993; Oancea, 1996;
Consoli et al., 2003). As can be seen, it is unclear whether the effect of reinforcement on soil
shear strength will be measured by cohesion or friction angle. All these uncertainties become
clearer in studies of structural modeling of the reinforcement-soil relationship (Ding and
Hargrove, 2006; Ibraim et al., 2012; Diambra et al., 2013). Therefore, additional research on
the subject is required.
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Figure 5.44 shows the effect of reinforcement on effective cohesion (c¢') for direct
shear, triaxial, and ring shear tests. While the strengths in the shear tests were close to each
other, the triaxial method produced slightly more apparent cohesion. The reason for this is
that the interaction of reinforcement and sand grains with each other is increased due to the
triaxial test conditions. Another important finding from the experiments is that the effective
cohesion value increases slightly as the void ratio decreases. This is due to the increasing
interactions between the grains and the reinforcement, which are close to each other,
resulting in a very compact composite. In contrast, in the triaxial test, which differs from
other shear tests, specific procedures are followed to saturate the sample. The pore water
pressure coefficients control the degree of saturation of the sample in this test, so full
saturation is achieved with certain approaches. This describes the effects of pressure forces
applied to soil particles as a result of surface tensions at the point where water meniscus
occurs between grain-grain or grain-reinforcement. These capillary effects are reflected in
the strength tests as a little more cohesion.
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The low concentration of reinforcement used in the study (v, = 0.3%) explains why
the test method results are so close to each other. For the reasons stated above, it is predicted
that as reinforcement concentrations increase, the apparent cohesion increase will be more

pronounced in the triaxial method.

Although it has been demonstrated experimentally that the reinforcement contributes
to apparent cohesion in sands, the water meniscus between the grain-grain or grain-
reinforcement will completely vanish in saturated soil when the moist soil dries out or the
water completely fills the soil voids. On the other hand, as detailed in the previous section,
some of the components that constitute cemented sand easily lose their strength due to the
reaction with water. As a result, it would be more appropriate not to use the extra strengths
created by cementation and the electrostatic attraction forces between grain-grain or grain-
reinforcement formed under the influence of slightly moist in the analysis for design
purposes. Undoubtedly, this interpretation is valid for the style and type of geosynthetic
reinforcement used in this study. As is well known, there are numerous styles and types of
geosynthetic reinforcements that interact with the soil via various mechanisms. The tensile
forces formed by absorbing the shear forces that cause the composite soil to fail increase the
strength capacity of the soil. Undoubtedly, the interaction will vary depending on the soil
medium'’s loading conditions and the properties of the geosynthetic reinforcement. On this
basis, it would be more appropriate to evaluate the relationship between soil-reinforcement

and internal friction angle-cohesion.

Finally, it is important to note that the data presented in this section applies to coarse-
grained soils such as sand. The relationship between fine-grained soils and geosynthetic

reinforcement is assessed on a variety of criteria.
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5.5.2. Volumetric strain parameters

The volumetric strain capacities of soils against failure under load are directly related
to their shear strength parameters. As a result, the subject should be evaluated along with the
shear strength parameters. Studies on the volumetric strains of soils are given in Chapter 2
and detailed information on their theoretical relationships are given in Chapter 3. In this
section, the results of the direct shear, triaxial and ring shear test methods are discussed and
comparative analysis are presented.

Volumetric strain curves of direct shear, triaxial and ring shear test methods are presented in
the previous section. These curves are very important in terms of representing the volumetric
change of the soil mass against defeat during shearing. As can be seen from the curves, the
soils exposed to strain are first contracted somewhat and then they dilate and fall to a critical
level where there is no volumetric change. Undoubtedly, the level of volumetric strain at
failure constitutes the most important part of this whole process. Volumetric strain of soil
(&) 1s defined as the ratio of the change of soil volume (AV) to the initial volume (V) of the

soil:

AV

= Ve (5.15)

&

Volumetric strains of direct shear, triaxial and ring shear test methods are shown in
Figure 5.45. As can be clearly seen from the figures, the greatest volumetric strains were
obtained in the triaxial test method. In the direct shear and ring shear tests, shearing
according to the same principle, strains close to each other but lower than in the triaxial tests
were obtained. The reason for this significant difference is that the volumetric strain in the
shear band during shear is suppressed depending on the experimental method. This
suppression is very important since it is the source of dilation that makes the main

contribution to the strength of the soils, as has been mentioned a lot before.

When the effect of normal and confining pressure on volumetric strains while
shearing soil samples was examined, it was seen that the difference between the test methods

increased even more with the decrease in the applied stresses. The reason for this increase is



242

the freedom of the relative movements of the grains on the shear band to each other with the

decrease of the applied stress.

When the effect of the initial void ratio on volumetric strains was examined, it was
observed that volumetric strains increased significantly with the decreasing void ratio. This
increase, in particular, has been more prominent in low stress conditions. The reason for this
is that as the initial void ratio decreases, the movement of the grains relative to each other
becomes more difficult under shear stress and the energy losses increase as a result of the

volumetric dilation of the soil under pressure.
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Figure 5.45. Volumetric strain at failure in direct shear, triaxial and ring shear tests versus

initial void ratio (v = 0.0%)

The effect of the presence of reinforcement on the volumetric strains for different
test methods is shown in Figure 5.46. As can be seen from the figure, greater volumetric
strains were obtained in triaxial tests for each initial void ratio and stress level. Direct shear
and ring shear tests were observed to have volumetric strains close to each other but lower
than the triaxial method. When the effect of normal or confining pressure on volumetric

strains was examined, it was observed that the difference was more than 2 times for the
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lowest and highest stress conditions. On the other hand, a similar ratio was obtained for low

and high initial void ratios.
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Figure 5.46. Volumetric strain at failure in direct shear, triaxial and ring shear tests versus

initial void ratio (v, = 0.3%)

When the cases with and without reinforcement were compared, it was seen that the
presence of reinforcement significantly increased the volumetric strains in all three test
methods. This increase was between 20% - 25% on average for different void ratios and
stress levels. This increase is normal since the presence of reinforcement makes the samples
more compact. When the increase rates were compared among themselves, it was seen that
the reinforcement affected volumetric strains more at high void ratios and low confining
pressures. This result is quite significant. Soils need more reinforcement presence when there
IS an increase in the initial void ratio and low confining pressures. When the experimental
methods were compared, the greatest increase in volumetric strain was observed in triaxial

tests. This is due to the relationship between triaxial tests and reinforcement.

Although the reinforcement concentration used in the study is very low, it is

important that it affects volumetric strain so much. Another important issue to be mentioned
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is the confusion of the concept of volumetric strain with stiffness and ductility. While &, is
a strain characteristic of the soil, stiffness and ductility are defined as the strength
characteristic of the soil. As mentioned in the previous section, it has been observed that the
presence of reinforcement decreases the stiffness of the soil while increasing its ductility.
This situation is important in terms of showing the importance of the use of geosynthetics
for the soils as it increases the energy capacity required for the soil to be failure.

In addition to volumetric strain where dilation is at its maximum value, the parameter
representing the level of volumetric strain at the beginning of dilation is also important. Soils
in the shearing phase are first contracted a little. The level of this volumetric contraction is
important because it is used to define the parameters constituting the shear strength with the
internal energy principle. As it is known, these definitions form the basis of flow rules

derived from dilation.

Figure 5.47 shows the volumetric contractions (e.) of direct shear, triaxial and ring

shear test methods for unreinforced samples.
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As seen in Figure 5.47, volumetric strains decreased with the decrease of the void
ratio. The reason for this is that since the grains are sufficiently close to each other, they can
pass into the dilation phase without the need for further contraction. When the effect of the
applied load is examined, it is seen that the contraction is higher with the increase of normal
or confining pressure. This is due to the fact that grains are forced to contract rather than

dilate with increasing normal or confining pressure.

When the results of all three experimental methods were compared, it was observed
that volumetric contraction strains were higher in the triaxial method and least in the ring
shear method. This shows that in ring shear tests, grains work more on volumetric dilation
than on volumetric contraction. As a natural consequence of this, dilation contribute more to

strength in ring shear tests.

Figure 5.48 shows the volumetric contractions (e.) of direct shear, triaxial and ring

shear test methods for reinforced samples.
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As can be seen in Figure 5.48, the effect of the initial void ratio and the applied load
on volumetric contraction has a similar trend to that of unreinforced samples. However, since
the soil has a more compact structure in its reinforced presence, the amount of volumetric
contraction has decreased by 15% — 20%. This effect was greater with the increase in the
void ratio and the decrease in normal or confining pressure. Undoubtedly, this has been more
distinct for the triaxial method. Finally, the most important point to be mentioned is the fact
that the presence of reinforcement reduces the required void ratio for the transition to dilation

while increasing the accessibility to this void ratio.

As known, the presence of dilation is definitely mentioned for cohesionless soils
except for the loose sands. Dilation is one of the important geotechnical issues whose
importance is increasingly understood as it plays a key role in the soil-structure response to
any loading condition. Traditionally, the shear strength of cohesionless soils is defined by
peak and critical friction angles. The relationship between these two main parameters is also
explained by the phenomenon called dilation. Recognizing this important relationship,
Taylor (1948) stated that the strength of the sands was a measure of the dilation during
shearing and explained this for the first time by modifying Coulomb's (1773) concept of
shear strength using the external energy principle and direct shear method. Later, different
experimental methods were used to develop this relationship, and a large number of
theoretical and experimental relationships were derived on various principles (Skempton and
Bishop, 1950; Bishop, 1954; Rowe 1962, 1969; Schofield and Wroth, 1968; de Jong, 1976;
Bolton, 1986; Collins et al., 1992). Detailed information about these relationships and the

details of the most important studies on the subject are explained in the previous sections.

Various relationships derived from different principles (e.g., Mohr Circle of Strains;
Vermeer and de Borst, 1984; Vaid and Sasitharan, 1991) are used in defining the dilation
angle. Although these relationships also valid for one or more test methods, they are based
on certain practical assumptions. Therefore, it is usual that the difference between the
dilation angles calculated depending on the methods selected for the same sand is greater
than 10°. This situation becomes more critical, especially with increasing density. Since very
detailed information and visuals are shared in the previous sections on the subject, only the
presentation of the test results and comparative analyses between the test methods will be

given in this section.
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The following definitions below were used to calculate the maximum dilation angles for

direct shear, triaxial and ring tests.

In direct shear and ring shear tests:

_ dey 5.16
Y= arctan{— dey} (5.16)
In triaxial test:
_ . _(dgv/dga)
Y = arcsin {2 y (dev/dea)} (5.17)

where de,, de, and de, are incremental changes in volumetric strain, axial strain, and shear

strain, respectively. The definitions of the dilatancy angles are the most commonly referred

to in the literature (e.g., Bolton 1986).

The maximum dilation angles of the unreinforced and reinforced samples measured
for direct shear, triaxial, and ring shear test methods are shown in Figure 5.49 and Figure
5.50, respectively. The maximum dilation angle is known to be dependent on soil density,
normal and confining pressure, and stress path. When the effect of the initial void ratio was
examined, it was seen that the dilation angle increased with the decrease of the void ratio
(Figure 5.51). It has been observed that the dilation angle increases with the decrease in
normal or confining pressure. This can be interpreted as suppression of dilation under high
stress conditions. When the common effect of density and stress was examined, the

maximum dilation angles are obtained under low initial void ratio and low stress.

When the results of the maximum dilation angles of the reinforced samples were
evaluated, it was seen that the general trend was similar to that of the samples without
reinforcement (Figure 5.52). Since the samples reach a more compact structure in the
presence of reinforcement, peak and critical friction angles will increase. Accordingly,
dilation angles are expected to increase slightly. It was observed that the rate of this increase

was at different levels depending on the test method, the void ratio and the stresses applied.
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of initial void ratio on maximum dilation angle for unreinforced
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When the maximum dilation angles (y,,,4,) Obtained from direct shear, triaxial and
ring shear test methods were compared, it was seen that the greatest values of this angle were
reached in ring shear tests. It was observed that the maximum dilation angles obtained from
the experimental methods were very close to each other in loosely packed sands, and the
difference between these angles increased with the decreasing initial void ratio when the
effect of the initial void ratio on the dilation angle was examined. When the effect of normal
and confining pressure on ¥,,,, Was examined, it was seen that the difference between the
dilation angles obtained from different experimental methods decreased with the increase of
the applied loads, and the difference between the dilation angles increased with the decrease
of the applied loads. The reason for these differences between the dilation angles is that in
the shear tests, while the particles in the shear band are forced to move only in two
dimensions, in the triaxial test representing axisymmetric conditions, there are three different
directions in which the grain can move. This state of freedom, which prevents particle

movement, is reflected to us as dilation, or in other words, as additional strength.

Dilation angle is strongly correlated with effective peak friction (¢,,) and critical state
friction (¢¢s) angle. Thus, dilation was initially defined as the difference between peak and
critical friction terms, later it was expressed as a strength component in the form of an
approximate expression representing certain conditions of these friction parameters. A total
of 126 experimental data obtained from direct shear, triaxial, and ring shear tests were used

in order to investigate this important relationship between ¢,, and ¥, (Figure 5.53). In the
figure, it is clearly seen that ¢, is a result of dilation. This finding is important in terms of
showing the effect of dilation on ¢,, which is frequently mentioned in the thesis study. For

each test method, the following relationships are derived in unreinforced samples:

In direct shear:

bp — Pes = 0.70¢ (5.18)
In triaxial:

bp — dés = 0.64Y (5.19)
In ring shear:

bp — Pes = 0.74Y (5.20)
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Figure 5.53. Relationship between effective peak friction angle and maximum dilation angle

for unreinforced specimens
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As can be seen from the equations in the derived basis for each experimental method,
the contribution of each experimental method to the dilation component is different. This is
expected due to the boundary conditions of the experimental methods. The relationship
between effective peak and critical friction angles and the dilation angle can be easily

monitored with the by, dilation coefficient defined in the right column.

For each experimental method, comprehensive research has been conducted by using
a total of 198 experimental data to investigate the effect of the presence of reinforcement on
dilation (Figure 5.54). The results of the experiment showed that the presence of
reinforcement increased the dilation of each case. This increase is the main source of the
presence of reinforcement to increase the shear strength of soils. Another noticeable factor
is that the contribution of reinforcement to dilation is higher with the decrease in density and
applied loads. Another important point that should not be overlooked is that the critical
friction angle value increases in the presence of reinforcement. This situation is important in
terms of showing that effective peak and effective critical state friction angles should be
taken into account when evaluating their relationship with dilation angle. Thus, effective
critical state friction angle has always been one of the most important parameters for many
flow rules derived (e.g., Taylor, 1948; Rowe, 1962; Atkinson and Bransby, 1978; Bolton,
1986). For the direct shear, triaxial, and ring shear test methods, the following relationships
are derived for the reinforced samples:

In direct shear:

bp — dés = 0.66Y (5.18)
In triaxial:

$p — s = 0.619 (5.19)
In ring shear:

¢p — Pes = 0.70¢ (5.20)

These relationships are important in terms of showing the effect of the change in the
critical friction angle (¢.s) on the dilation parameter. Today, there is no consensus on

opinion about which principle will be used in the selection of the ¢, used in the definition
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of stress-dilation relations. This important uncertainty has been the subject of many studies

conducted today.

In the last part of the thesis study, the dilation parameters obtained from direct shear,
triaxial and ring shear tests were compared with the leading studies related to the subject
(Figure 5.55). In the comparison, the generally accepted parameters of Bolton's (1986) study
were accepted as the limit. In Figure 5.55, it is seen that the relationships obtained for direct
shear and triaxial methods are in accordance with the literature. No published studies have
reported on the comparison of ring shear tests. One of the most important objectives of this
thesis study is to fill this gap in the literature by explaining the strength and dilation behaviors

of ring shear tests for cohesionless soils.
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The presence of gravel is very important in geotechnical applications for cohesive
soils. Therefore, many important studies have been conducted to understand the stress-
dilation behavior of cohesionless soils containing gravel. The presence of gravel is not within
the scope of this thesis study. Researchers who are interested in this subject may use Fannin
et al. (2005), Simoni and Houlsby (2006), Nicks et al. (2015), Strahler et al. (2016a) sources.
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6. CONCLUSIONS AND RECOMMENDATIONS

In this study, the results of direct shear, triaxial, and ring shear test methods of sand
soil were evaluated based on stress-strain and stress-dilation, and comparative analyzes were
performed. The results of the analysis were associated with the plane strain method, which
reliably models the field stress conditions in many geotechnical applications and significant
correlations were found between the test methods. In the study, the geosynthetic material,
which has increasing importance and use, was examined in terms of its effect on different
test methods, and significant findings were obtained. A total of 1203 tests were performed
and comprehensive research was conducted to establish strong relationships between the
parameters obtained from different test methods. Detailed analysis of the results obtained
from the test methods based on cause and effect was presented in Part 5. In this part, the

findings concerning the results of the study were summarized.

When the normalized effective peak stress ratios were compared, the highest values
were obtained in the ring shear test and the lowest values were obtained in the triaxial test at

low void ratios, and in the direct shear test at high void ratios.

When the normalized effective critical stress ratios were compared, the highest
values were obtained in the triaxial method and the lowest values were obtained in the ring

shear method.

Since the effective peak and critical internal friction angles are the arctangents of the
effective stress ratio, evaluations should be made based on this information. It has been

observed that the effective cohesion strengths were at negligible levels for the test methods.

Looking at the effect of the initial void ratio and the applied stresses on the
normalized effective stress ratios, it was observed that the difference between the test
methods decreased significantly in the increasing void ratio and stresses, and the difference

increased in the decreasing void ratio and stresses.



255

When the effective peak friction angles obtained from the test methods were
compared with a large number of diagrams where cohesionless soils were standardized, it
was observed that they were quite in accordance with the literature data. The effective critical
friction angles obtained for each test method were also in accordance with literature.

A huge number of effective peak friction angles obtained from different test methods
were compared each other and strong relationships were observed between them. These
derived relationships were compared with the literature data and their consistency was

demonstrated.

The results obtained from direct shear, triaxial, and ring shear tests were associated
with the plane strain method and useful relationships were derived between the test methods.

The consistency of these relationships was demonstrated using data from different studies.

When the volumetric strain ratios at the time of failure were compared, the highest
values were obtained in the triaxial tests, and the lowest values were obtained in ring shear

tests.

Looking at the effect of the initial void ratio and the applied stresses to the strains at
the time of failure, it was observed that the difference between the decreasing void ratio and
the test methods in stresses increased considerably, while the difference between the

increasing void ratio and stresses decreased.

When the volumetric compression strain ratios at the beginning of dilation were
compared, the highest values were obtained in triaxial tests, and the smallest values were

obtained in ring shear tests.

Looking at the effect of the initial void ratio and the applied stresses to the volumetric
strains at the beginning of the dilation, it was observed that the difference between the test
methods increased significantly in the increasing void ratio and stresses, and the difference

decreased in the decreasing void ratio and stresses.



256

When the dilation angles at the time of failure were compared, the largest values were
obtained in ring shear tests and the smallest values were obtained in the triaxial shear method

in low void ratios, and the direct shear method in high void ratios.

Looking at the effect of the initial void ratio and applied stresses on the dilation
angles at the time of failure, it was observed that the difference between the test methods
decreased in increasing void ratio and stresses, and the difference increased in decreasing
void ratio and stresses.

The dilation angles at failure were compared with the effective peak and effective
critical friction angles and significant relationships were derived for each test method. The
consistency of this relationships is demonstrated by comparing a large number of literature

data and flow rules.

When the effect of the presence of reinforcement on the normalized effective peak
and critical stress ratios was analyzed, it was observed that it contributed to the strength for

each test method. The rate of this contribution was greater for effective peak stress ratios.

When the effect of the presence of reinforcement on the initial void ratio and applied
stresses on the normalized effective stress ratios is examined, it was observed that the

contribution to the strength is more at decreasing void ratio and stresses.

It was found that the presence of reinforcement slightly increased the effective
cohesion strengths. Accordingly, the highest cohesion strength values were obtained from

triaxial tests, and the lowest values were obtained from ring shear tests.

Looking at the effect of the presence of reinforcement on the volumetric strains at
the time of failure, it was observed that it increased the strains for each test method. The rate

of this increase was found to be greater in triaxial tests.

When the effect of the presence of reinforcement on the strains at the initial moment when
the dilation is zero, it was observed that it reduced the strains for each test method. The rate

of this decrease was greater in triaxial tests.
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The presence of reinforcement was observed to increase the dilation angles at the
time of failure. The largest values of this increase were reached in the ring shear tests, the
smallest values were obtained in the direct shear tests at low void ratios and in the triaxial

tests at high void ratios.

Looking at the effect of the presence of reinforcement on the initial void ratio and
the applied stresses on the dilation angles at the time of failure, it was observed that the
difference between the test methods decreased in increasing void ratio and stresses, and the

difference increased in decreasing void ratio and stresses.

Relationships were derived for each test method by comparing the increasing dilation
angle of the presence of reinforcement and its effect on effective peak and effective critical
friction angles. When these relationships compared with the relationships derived for the
unreinforced case, the effect of the effective critical friction angle on the flow rules was

clearly seen.

Finally, the presence of reinforcement was found to decrease the stiffness properties

of composite samples and increased their ductility properties.

This study can be developed for the different physical or mechanical properties of
sand or reinforcement, very low stress conditions or very high stress conditions that contain
the effect of particle crushing, presence of fines, loading mode, stress path and for the drained
conditions. Moreover, the effects of special processes that change the strength characteristics
of sands such as anisotropic deposit, pozzolanic admixture or cementation can be examined

with different test methods and competitive analysis can be conducted.

Experimental studies are long-term tasks that require hard effort. Therefore, it
should be done with passion. Just like everything else in life...
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